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PREFACE 


The knowledge and expertise required to design steel-framed structures are essential for any 
architectural or structural designer, as well as students intending to pursue careers in the 
field of building design and construction. This textbook provides the essentials of structural 
steel design required for typical projects from a practical perspective so that students 
understand each topic and understand how to combine each of these topics into a project 
resulting in a fully designed steel structure. The American Institute for Steel Construction 
is actively encouraging educators to “expose their students to the design of steel building 
elements in a realistic building context.” This text will help bridge the gap between the 
design of specific building components and the complete design of a steel structure. We 
provide details and examples that not only provide the reader with an essential background 
on structural steel design, but also provide subject material that closely mirrors details and 
examples that occur in practice. 


INTENDED AUDIENCE 


This text is ideal for students in a typical undergraduate course in structural steel design, and 
will sufficiently prepare students to apply the fundamentals of structural steel design to a 
typical project that they might find in practice. It is suitable for students in civil engineering, 
civil engineering technology, architectural engineering, and construction management and 
construction engineering technology programs. This text also serves as a good resource for 
practitioners of structural steel design because the approach taken is intended to be prac- 
tical and easily applicable to typical, everyday projects. It is also a helpful reference and 
study guide for the Fundamentals of Engineering (FE) and the Professional Engineering 
(PE) exams. This text covers the course content for the Steel Design I course and a majority 
of the course content for the Steel Design II course in the curriculum for basic education of 
a structural engineer proposed by the National Council for Structural Engineering Associa- 
tions (NCSEA). 


UNIQUE FEATURES OF THIS TEXT 


One of the focal points of this text is to help the reader learn the basics of steel design and 
how to practically apply that learning to real-world projects by combining the building code 
and material code requirements into the analysis and design process. This is essential for any 
practicing engineer or any student who wants to work in this field. 

We use numerous details and diagrams to help illustrate the design process. We also 
introduce a student design project as part of the end-of-the-chapter problems to expose 
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students to the important aspects of a real-world steel building design project. Several other 
unique features of this text are listed below. 


1. The use of realistic structural drawings and practical real-world examples, including 
practical information on structural drawings. 

2. An introduction to techniques for laying out floor and roof framing, and for sizing 
floor and roof decks. General rules of thumb for choosing beam spacing versus deck 
size and bay sizes, and beam and girder directions are discussed. 

3. A discussion of other rules of thumb for sizing steel to allow for the quick design of 
common structural members (e.g., open-web steel joist, beams, and columns). 

4. The calculation of gravity and lateral loads in accordance with the ASCE 7 provisions 
are included. 

5. The design of column base plates and anchor rods for axial loads, uplift, and moments. 

6. Step-by-step design of moment frames with a design example, as well as the design 
of moment connections. 


7. An introduction to floor vibration analysis and design based on AISC Design Guide 
No. 11. 


8. A chapter on practical considerations gives a holistic design view and helps reinforce 
the connection between structural element and member design and building design in 
practice. 

9. A discussion of practical details showing transfer of lateral loads from roof and floor 
diaphragms to the lateral load resisting system. 

10. An introduction to the analysis of torsion in steel members from a practical perspective. 

11. An introduction to the strengthening and rehabilitation of steel structures. 

12. Coverage of other topics, including beam copes and their reinforcing; X-braces using 
tension rods, clevises, and turnbuckles; stability bracing of beams and columns; beam 


design for uplift loads; ponding considerations; and introduction to coatings for 
structural steel. 


INSTRUCTOR’S RESOURCES 


An online Instructor’s Manual is available to qualified instructors for downloading. To 
access supplementary materials online, instructors need to request an instructor access 
code. Go to www.pearsonhighered.com/irc, where you can register for an instructor ac- 
cess code. Within 48 hours after registering, you will receive a confirming e-mail, includ- 
ing an instructor access code. Once you have received your code, go to the site and log on 
for full instructions on downloading the materials you wish to use. 
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Introduction to Steel Structures 


1.1 INTRODUCTION 


The primary purpose of this book is to present the design procedures for steel buildings using 
a limit states or strength design approach in a practical, concise, and easy-to-follow format 
that is thorough enough to include the design of major structural steel elements found in steel 
buildings. In the United States, both the load and resistance factor design method (LRFD) and 
the allowable strength design method (ASD) are prescribed in the latest standard for the 
design of steel buildings from the American Institute for Steel Construction, AISC 360-05. 
Although the latest AISC manual follows a dual format, with the LRFD requirements placed 
side by side with the ASD requirements, only one of these two methods is usually taught in 
detail at most colleges. For the design of steel bridges in the United States, the mandated 
design method for bridges receiving federal funding is the LRFD method, and most civil 
engineering, architectural engineering, and civil engineering technology undergraduate pro- 
grams in the United States offer at least one course in structural steel design using the LRFD 
method [1], [2]. In addition, many countries, including Australia, Canada, France, New 
Zealand, and the United Kingdom (among many others) have long adopted a limit states 
design approach similar to the LRFD method for the design of steel buildings, and most of 
the research in steel structures uses the limit states design approach. A comparative study of 
the cost differences between allowable stress design and LRFD methods for steel high-rise 
building structures indicated a cost savings of up to 6.9% in favor of the LRFD method [20]. 
In this era of global competitiveness, we believe that the trend is toward the LRFD method, 
and in view of the foregoing, we have adopted the LRFD method in this text. 

The hallmark feature of this text is the holistic approach that includes the use of real- 
istic structural plans and details in the examples, the discussion of structural loads and struc- 
tural steel component design within the context of the entire structural building system, and 
the discussion of other pertinent topics that are essential to the design of real-world struc- 
tural steel building projects in practice. A structural steel design project problem is introduced 
in Chapter 1, and subsequent end-of-chapter problems include some structural design 
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project questions. The intent is that by the time the student works through all the chapters 
and the corresponding end-of-chapter problems pertaining to this design project problem, 
the student will have completed the design of an entire building, thus reinforcing the con- 
nection between the designs of the individual components within the context of an entire 
building. The importance of a practice-oriented approach in civil engineering education has 
also been highlighted and advocated for by Roessett and Yao [3]. It is instructive to note 
that the American Institute for Steel Construction recently developed a Web-based teach- 
ing tool for structural steel design that incorporates realistic structural drawings, the calcu- 
lation of structural loads, and structural steel component design within the context of an 
entire building design case study, and the design is carried out using the LRFD method [4]. 

The intended audience for this book is students taking a first or second course in struc- 
tural steel design, structural engineers, architects, and other design and construction profes- 
sionals seeking a simple, practical, and concise guide for the design of steel buildings. The 
book will be well suited for a course involving a design project. The reader is assumed to 
have a working knowledge of statics, strength of materials, mechanics of materials or ap- 
plied mechanics, and some structural analysis. We recommend that the reader have the Steel 
Construction Manual, 13th edition (AISC 325-05), available. 


1.2 SUSTAINABLE DESIGN AND THE MANUFACTURE 
OF STRUCTURAL STEEL 


There has been a trend in the United States toward sustainable building design and con- 
struction where the minimizing of the negative environmental impact is a major considera- 
tion in the design and construction of buildings. The most common and popular rating 
system for the design of “green” buildings is the United States Green Building Council’s 
(USGBC) Leadership in Energy and Environmental Design (LEED) certification system 
introduced in 1998. This is a point-based building evaluation system that involves a check- 
list of the “quantifiable aspects of a project” [17]. In the LEED system, the following lev- 
els of certification are possible using third-party verification: LEED Silver, LEED Gold, 
and LEED Platinum. Several structural, as well as nonstructural, issues are considered in cal- 
culating the LEED points for buildings. In many cases, the nonstructural issues, such as 
natural lighting, the type of paint used, the type of heating, ventilation, and air-conditioning 
(HVAC) systems, and the type of roofing membrane and system, play a greater role in the 
calculation of the LEED points than do the structural components. Locally fabricated steel 
(i.e., within a 500-mi. radius) also scores higher on the LEED rating system because of the 
reduction in the environmental impact from reduced transportation distances. 

In the past, steel was primarily manufactured by the refining of virgin iron ore, but 
today, only about 30% is made through this process because steel is a highly recyclable ma- 
terial. Most of the steel used for building construction in the United States today is made from 
some form of recycled scrap steel and about 95% of the steel used in structural shapes in 
the United States is from recycled steel scrap material. In the modern manufacture of new 
structural steel from old steel, steel scraps are fed into an electric arc furnace (EAF) where 
they are heated up to 3000°F. As the scraps are melted into liquid or molten steel, the result- 
ing slag by-product floats to the surface, and this can be skimmed off to be used as aggre- 
gate in road construction [14]. The carbon content is continuously monitored during this 
heating process and the process is continued until the desired carbon content of the molten 
steel is achieved. Various chemical elements, such as manganese, vanadium, copper, nickel, 
and others, can be added to produce the desired chemical composition of the molten steel. 
After the “chemical fine tuning,” the molten steel is ready to be cast and is poured into a mold 


Introduction to Steel Structures 3 


to form the crude shape of the section desired [14]. The still red-hot rough shapes are cut to 
manageable lengths after which they undergo the finishing touches by passing them through 
machines that press the rough shapes into the desired sizes. After this process, the structural 
shapes are cooled and cut to lengths of between 30 ft. and 80 ft. to prepare them for trans- 
port to the steel fabricators, where the steel is further cut to lengths specific to a given project 
and modified to receive other connecting members. 


1.3 STRUCTURAL STEEL AS A BUILDING MATERIAL 


The forerunners to structural steel were cast iron and wrought iron and these were used 
widely in building and bridge structures until the mid-nineteenth century. In 1856, steel was 
first manufactured in the United States and since then it has been used in the construction 
of many buildings and bridge structures. Some notable examples of buildings constructed 
mainly of structural steel include the 1450-ft.-tall, 1 10-story Sears Tower in Chicago and the 
1474-ft.-tall Taipei 101 building in Taiwan, with 101 floors. Structural steel is an alloy of 
iron and carbon and is manufactured in various standard shapes and sizes by steel rolling 
mills, and has a unit weight of 490 Ib./ft.*, a modulus of elasticity of 29,000 ksi, and a 
Poisson’s ratio of approximately 0.30. The carbon content of commonly used structural 
steel varies from about 0.15% to about 0.30% by weight, with the iron content as high as 
95% [5]. The higher the carbon content, the higher the yield stress, and the lower the duc- 
tility and weldability. Higher carbon steels are also more brittle. Structural steel is widely 
used in the United States for the construction of different types of building structures, from 
low-rise industrial buildings to high-rise office and residential buildings. Steel offers com- 
petitive advantages when a high strength-to-weight ratio is desired. Some of the advantages 
of structural steel as a building material include the following: 


. Steel has a high strength-to-weight ratio. 

. The properties of structural steel are uniform and homogeneous, and highly predictable. 

. It has high ductility, thus providing adequate warning of any impending collapse. 

. It can easily be recycled. In fact, some buildings have a majority of their components 
made of recycled steel. 

5. Steel structures are easier and quicker to fabricate and erect, compared with concrete 

structures. 
6. The erection of steel structures is not as affected by weather as is the use of other 
building materials, enabling steel erection to take place even in the coldest of climates. 


BW Ne 


7. It is relatively easier to make additions to existing steel structures because of the rela- 
tive ease of connecting to the existing steel members. 


Some of the disadvantages of steel as a building material include the following: 


1. Steel is susceptible to corrosion and has to be protected by galvanizing or by coating 
with zinc-rich paint, especially structures exposed to weather or moisture, although 
corrosion-resistant steels are also available. Consequently, maintenance costs could 
be high compared to other structural materials. 

2. Steel is adversely affected by high temperatures and therefore often needs to be pro- 
tected from fire. 

3. Depending on the types of structural details used, structural steel may be susceptible to 
brittle fracture due to the presence of stress concentrations, and to fatigue due to cyclic 
or repeated loadings causing reversals of stresses in the members and connections. 
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1.4 THE AISC MANUAL 


The premier technical specifying and trade organization in the United States for the fabri- 
cated structural steel construction industry is the American Institute for Steel Construction 
(AISC). This nonprofit organization publishes and produces a number of technical manu- 
als, design guides, and specifications related to the design and construction of steel build- 
ings, such as the AISC Manual (AISC 325-05)—hereafter referred to as “AJSCM.” The 
AISCM includes the specification for the design of steel buildings (AISC 360-05) and the 
properties of standard steel shapes and sizes [6]. This manual, first published in 1923 and 
now in its 13th edition, consists of 17 chapters as listed below and provides the dimensions 
and properties of several standardized structural shapes, as well as several design aids, some 
of which will be used later in this text. The AISCM chapters are as follows: 

Part 1: Dimensions and Properties 

Part 2: General Design Considerations 

Part 3: Design of Flexural Members 

Part 4: Design of Compression Members 

Part 5: Design of Tension Members 

Part 6: Design of Members Subject to Combined Loading 

Part 7: Design Considerations for Bolts 

Part 8: Design Considerations for Welds 

Part 9: Design of Connecting Elements 

Part 10: Design of Simple Shear Connections 

Part 11: Design of Flexible Moment Connections 

Part 12: Design of Fully Restrained (FR) Moment Connections 

Part 13: Design of Bracing Connections and Truss Connections 

Part 14: Design of Beam Bearing Plates, Column Base Plates, Anchor Rods, and Column Splices 

Part 15: Design of Hanger Connections, Bracket Plates, and Crane—Rail Connections 

Part 16: Specifications and Codes 

Part 17: Miscellaneous Data and Mathematical Information 
The AISC Web site at www.aisc.org contains much information and resources related to 
steel design and construction, including Modern Steel Construction magazine and the Steel 


Solutions Center, among others. Modern Steel Construction regularly publishes useful and 
interesting articles related to the practical design and construction of steel structures. 


1.5 PROPERTIES OF STRUCTURAL STEEL 


The two most important properties of structural steel used in structural design are the ten- 
sile and ultimate strengths. These are determined by a tensile test that involves subjecting 
a steel specimen to tensile loading and measuring the load and axial elongation of the spec- 
imen until failure. The stress is computed as the applied load divided by the original cross- 
sectional area of the specimen, and the strain is the elongation divided by the original length 
of the specimen. A typical stress—strain curve for structural steel is similar to that shown in 
Figure 1-1a; it consists of a linear elastic region with a maximum stress that is equivalent 
to the yield strength, a plastic region in which the stress remains relatively constant at the 
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Figure 1-1 Typical stress-strain diagram for structural steel. 
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yield stress as the strain increases, and a strain hardening region, the peak of which deter- 
mines the tensile strength, F,,. Young’s modulus, E, is the slope of the linear elastic or straight- 
line region of the stress—strain curve. The longer the flat horizontal or plastic region of the 
stress—strain curve, the more ductile the steel is. The ability of structural steel to sustain large 
deformations under constant load without fracture is called ductility; it is an important struc- 
tural property that distinguishes structural steel from other commonly used building mate- 
rials such as concrete and wood. 

Where the steel stress-strain curve has no defined yield point, as is the case for high- 
strength steels, the yield strength is determined using the 0.2% offset method (see Figure 1-1b). 
The yield strength for this case is defined as the point where a line with a slope E passing through 
the 0.2% elongation value on the horizontal axis intersects the stress—strain curve. It should be 
noted that high-strength steels have much less ductility than mild steel. For practical design, the 
stress—strain diagram for structural steel is usually idealized as shown in Figure 1-2. 

The behavior of structural steel discussed above occurs at normal temperatures, usually 
taken as between —30°F and +120°F [7]. Steel loses strength when subjected to elevated 
temperatures. At a temperature of approximately 1300°F, the strength and stiffness of steel 
is about 20% of its strength and stiffness at normal temperatures [22]. As a result of the 
adverse effect of high temperatures on steel strength and behavior, structural steel used in 
building construction is often fireproofed by spray-applying cementitious materials or fibers 
directly onto the steel member or by enclosing the steel members within plaster, concrete, 
gypsum board, or masonry enclosures. Intumescent coatings and ceramic wool wraps are 
also used as fire protection for steel members. Fire ratings, specified in terms of the time in 
hours it takes a structural assembly to completely lose its strength, are specified in the 
International Building Code (IBC) for various building occupancies. The topic of fire pro- 
tection will be discussed in further detail in Chapter 14 of this text. 


P, 
(ultimate tensile 
strength) 


F, 
(vield point) 


Stress 


elastic} plastic strain hardening 


&y Ep 
Strain, ¢ 


Figure 1-2 Idealized stress-strain diagram for structural steel. 
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Table 1-1 Structural steel material properties 


ASTM Designation or 
Steel Type Grade of Structural Steel 


Carbon Steel A36 
A53 Grade B 
A500 Grade B 
A500 Grade C 


36 
35 
42 or 46 
46 or 50 


High-Strength, A913 
Low-Alloy A992 
A572 Grade 50 


50-70 
50-65 
50 


Corrosion-Resistant, A242 50 
High-Strength, Low-Alloy A588 50 


where 


F,, = Tensile strength, ksi, and 
F, = Yield strength, ksi. 


Structural steel is specified using the American Society for Testing and Materials 
(ASTM) designation. Prior to the 1960s, steel used in building construction in the United 
States was made mainly from ASTM A7 grade, with a minimum specified yield stress of 
33 ksi. The AJSCM lists the different types of structural steel used in steel building construc- 
tion, the applicable ASTM designation, and tensile and ultimate strength properties; these 
are shown in Table 1-1 for commonly used structural steels. ASTM A992 and A572 are the 
primary high-strength steels used for the main structural members in building construction 
in the United States, while ASTM A36 steels are typically used for smaller members such 
as angles, channels, and plates. Where resistance to corrosion is desired, as in the case of 
exposed steel members, ASTM A588 steel, which has essentially replaced ASTM A242 
steel, could be used. This steel provides protection from corrosion through the formation 
over a period of time of a thin oxide coating on the surface of the structural member when 
exposed to the atmosphere. The use of this steel obviates the need for painting and it is fre- 
quently used in bridge structures. However, for many building structures where corrosion 
resistance is required, this protection is more commonly provided by coating the struc- 
tural steel members with zinc-rich paint, or by hot-dip galvanizing the structural member, 
a process where the structural member is coated with zinc by dipping the entire member 
into a molten zinc bath at a temperature of approximately 850°F. The length and shape of 
the member to be galvanized is often limited by the size of the zinc bath used in the gal- 
vanizing process 

Another property of steel that is of interest to the structural engineer is the coefficient of 
thermal expansion, which has an average value of 6.5 X 10° in./in. per °F for buildings with 
variations in temperatures of up to 100°F [6]. This property is used to calculate the expected 
expansion and contraction of a steel member or structure and is useful in determining the size 
of expansion joints in building structures or the magnitude of forces that will be induced in 
the structure if the movement is restrained. For enclosed heated and air-conditioned buildings, 
it is common practice by many engineers to use a temperature change of 50°F to 70°F. 
However, because buildings are usually unheated and unenclosed during construction, the 
temperature change may actually exceed these values, and the structural engineer would be 


8 


CHAPTER 1 


joint in floor slab to 
allow independent 
movement 


a. double column connection 


clip angle welded 
to column 


clip angle is not welded 
to beam to allow for 
horizontal movement 


slotted hole in 
beam flange 


teflon pad between 
beam flange and seat 


b. beam connection 


Figure 1-3 Expansion joint details. 


wise to consider these increased temperature changes, which would vary depending on the 
location of the building [8]. Structurally, expansion joints in buildings are usually detailed ei- 
ther by using a line of double columns, that is, a column line on both sides of the expansion 
joint, or by using low-friction sliding bearings that are supported off of a bracket on columns 
on one side of the expansion joint (see Figures 1-3a and 1-3b). Great care should be taken to 
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ensure that sliding bearing details allow for the anticipated movement because faulty details 
that do not allow expansion/contraction, or sliding bearings that are unintentionally restrained 
because of the buildup of debris could result in large unintended forces being transmitted to 
the structure, thereby causing structural failure as occurred in 2007 with the loading dock slab 
collapse at the Pittsburgh Convention Center [9]. 


Residual Stresses 


Due to the different rates of cooling in a structural steel member during the final stages of the 
manufacturing process, initial stresses will exist in the member prior to any loads being ap- 
plied. These preexisting stresses that are caused by the different cooling rates of the differ- 
ent fibers of the steel section are called residual stresses. The fibers that are the first to cool 
will be subjected to compressive stresses, whereas the fibers that are the last to cool will be 
subjected to tension stresses. Other processes that could result in residual stresses include cold 
bending or straightening, flame cutting of structural members, and the heat generated from 
the welding of structural members. The residual stresses are usually in internal equilibrium 
in a structural steel section and therefore have no impact on the plastic moment or tension ca- 
pacity of a steel member. It does, however, affect the load deformation relationship of a struc- 
tural member. The impact of residual stresses is most significant for axially loaded members, 
such as columns, because it causes a reduction in the modulus of elasticity, which decreases 
from the elasticity modulus (£) to the tangent modulus (£7), thus resulting in a reduction in 
the Euler buckling load [11, 15, 16]. 


Brittle Fracture and Fatigue 


Brittle fracture is the sudden failure of a structural steel member due to tensile stresses 
that cause a cleavage of the member, and it occurs without prior warning. Brittle frac- 
ture results from low ductility and poor fracture toughness of the structural member or 
connection. Other factors affecting brittle fracture include the presence of geometric dis- 
continuities in a steel member, such as notches; rate of application of load; and temper- 
ature. The lower the temperature, the lower the ductility and toughness of the steel 
member. 

Whereas brittle fracture of a steel member results from a few applications, or even a sin- 
gle application, of loading, fatigue failure occurs due to repeated applications of loading to 
a structure and it occurs over time, starting with a small fatigue crack. Members repeatedly 
loaded, primarily in tension, are more susceptible to developing fatigue cracks. In typical 
building structures, the number of cycles of loading is usually less than 100,000 cycles, 
whereas steel bridges can have more than 2 million cycles of loading during the life of the 
bridge [15]. The fatigue strength of a steel structure is usually determined at service load lev- 
els; itis a function of the stress category which, in turn, is greatly dependent on the connec- 
tion details used in the structure (see AISCM, Table A-3.1). It is also a function of the stress 
range in the member, which is the algebraic difference between the maximum and minimum 
stress in a member or connection during one load cycle [15, 18]. The lower the stress range, 
the higher the fatigue strength of the member or connection. The calculated stress range 
should be less than the design or allowable stress range calculated from the equations in 
AISCM, Appendix 3.3 and Table A-3.1. It should be noted that since, in most buildings, the 
cycle of loading is less than 100,000 cycles, fatigue is typically not considered in the design 
of structural members in building structures, except for crane runway girders and members 
supporting machinery. However, fatigue is a major consideration in the design of steel 
bridges. 
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1.6 STRUCTURAL STEEL SHAPES AND ASTM DESIGNATION 


The general requirements for the mechanical properties and chemical composition of rolled 
structural steel shapes, bars, and plates are given in the ASTM A6 specification. For hol- 
low structural steel (HSS) sections and structural steel pipes, the ASTM A500 and ASTM 
A53 specifications, respectively, apply. Table 1-2 shows standard structural steel shapes and 
the corresponding ASTM designations or structural steel grades. The ASTM A6 specifica- 
tion prescribes the permissible maximum percentages of alloy elements such as carbon, 
manganese, chromium, nickel, copper, molybdenum, vanadium, and so forth in structural 
steel to ensure adequate weldability and resistance to corrosion and brittle fracture. In the 
specification, the percentage by weight of each of these chemical elements is combined to 
produce an equivalent percentage carbon content that is called the carbon equivalent (CE) 
[10]. Table 1-3 shows the major chemical elements in structural steel and their advantages 
and disadvantages [10, 15, 23]. The carbon equivalent is useful in determining the weld- 
ability of older steels in the repair or rehabilitation of existing or historical structures where 
the structural drawings and specifications are no longer available, and determining what, 
if any, special precautions are necessary for welding to these steels in order to prevent brit- 
tle fractures. To ensure good weldability already established above, the carbon equivalent, 
as calculated from equation (1-1), should be no greater than 0.5% [5, 11, 15]. Precaution- 
ary measures for steels with higher carbon equivalents include preheating the steel and 
using low-hydrogen welding electrodes. Alternatively, bolted connections could be used in 
lieu of welding. 


Table 1-2 Structural steel shapes and corresponding ASTM designation 


Structural Steel ASTM 
Shapes Designation 


W-shape A913** 
A992* 


M- and S-shapes A36 


Channels (C- and A36* 
MC-shapes) A572 Grade 50 


Angles and plates A36 


Steel Pipe A53 Grade B 


Round HSS A500 Grade B* 
A500 Grade C 


Square and A500 Grade B* 
Rectangular HSS A500 Grade C 


* Preferred material specification for the different shapes. 


** AQ13 is a low-alloy, high-strength steel. 


The equivalent carbon content or carbon equivalent is given as 


CE = C + (Cu + Ni)/15 + (Cr + Mo + V)/5 + (Mn + Si)/6 S 0.5, (1-1) 
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Table 1-3 Alloy chemical elements used in structural steel 
Chemical Element Major Advantages Disadvantages 


Carbon (C) Increases the strength of steel. Too much carbon reduces the ductility 
and weldability of steel. 


Copper (Cu) When added in small quantities, it increases Too much copper reduces the 
the corrosion resistance of carbon steel, as weldability of steel. 
well as the strength of steel. 


Vanadium (V) Increases the strength and fracture toughness 
of steel and does not negatively impact the 
notch toughness and weldability of steel. 


Nickel (Ni) Increases the strength and the corrosion resist- | Reduces weldability 
ance of steel. Increases fracture toughness. 


Molybdenum (Mo) Increases the strength of steel. Decreases the notch toughness 
Increases corrosion resistance. of steel. 


Chromium (Cr) Increases the corrosion resistance of steel 
when combined with copper, and also increases 
the strength of steel. It is a major alloy 
chemical used in stainless steel. 


Columbium (Cb) Increases the strength of steel when used in Greatly reduces the notch toughness of 
small quantities. steel. 


Manganese (Mn) Increases the strength and notch toughness of | Reduces weldability. 
steel. 


Silicon (Si) Used for deoxidizing of hot steel during the Reduces weldability. 
steelmaking process and helps to improve the 
toughness of the steel. 


Other alloy elements found in very small 
quantities include nitrogen; those 
elements permitted only in very small 
quantities include phosphorus and sulfur. 


Source: Refs [10], [15] and [23] 


where 


C = Percentage carbon content by weight, 

Cr = Percentage chromium content by weight, 
Cu = Percentage copper content by weight, 
Mn = Percentage manganese content by weight, 
Mo = Percentage molybdenum by weight, 

Ni = Percentage nickel content by weight, and 

V = Percentage vanadium content by weight. 


Si = Percentage silicon by weight. 
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EXAMPLE 1-1 


Carbon Equivalent and Weldability of Steel 


A steel floor girder in an existing building needs to be strengthened by welding a 
structural member to its bottom flange. The steel grade is unknown and to determine 
its weldability, material testing has revealed the following percentages by weight of 
the alloy chemicals in the girder: 


C = 0.25% 
Cr = 0.15% 
Cul 0257 
Mn = 0.45% 
Mo = 0.12% 
Ni = 0.30% 

V = 0:112% 
Si = 0.20% 


Calculate the carbon equivalent (CE) and determine if this steel is weldable. 


SOLUTION 


Using equation (1-1), the carbon equivalent is calculated as 


CE = 0.25% + (0.25% + 0.30%)/15 + (0.15% + 0.12% + 0.12%)/5 
+ (0.45% + 0.20%)/6 
= 0.47% < 0.5%. 


Therefore, the steel is weldable. 

However, because of the high carbon equivalent, precautionary measures such as 
low-hydrogen welding electrodes and preheating of the member are recommended. 
Since this is an existing structure, the effect of preheating the member should be thor- 
oughly investigated so as not to create a fire hazard. If preheating of the member is 
not feasible, alternative strengthening approaches that preclude welding may need to 
be investigated. 


Expansion Joints in Steel Buildings 


A steel building is 600 ft. long with expansion joints provided every 200 ft. If the 
maximum anticipated temperature change is 50°F, determine the size of the expansion 
joint that should be provided. 
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SOLUTION 


The coefficient of linear expansion for steel = 6.5 X 10~° in./in. per °F 


The anticipated expansion or contraction = (6.5 X 10 °in./in.) (200 ft. X 12 in./ft.) 
(50°F) = 0.78 in. 


Since the portion of the building on both sides of the expansion joints can expand at the 
same rate and time, the minimum width of the expansion joint = 2 (0.78 in.) = 1.56 in. 

Therefore, use a 2-in.-wide expansion joint. 

It should be noted that the nonstructural elements in the building, such as the ex- 
terior cladding (e.g., brick wall) and backup walls (e.g., block wall), as well as the in- 
terior partition walls, must be adequately detailed to accommodate the anticipated 
expansion and contraction. 


1.7 STRUCTURAL STEEL SHAPES 


There are two types of steel shapes available: 


e Rolled steel shapes—These are standardized rolled shapes with dimensions and prop- 
erties obtained from part | of the AISCM [6]. 


e Built-up shapes—Where standardized structural shapes cannot be used (e.g., where the 
load to be supported exceeds the capacity of the sections listed in the AISCM), built-up 
shapes could be made from plate stock. Examples include plate girders and box girders. 


Rolled shapes are most commonly used for building construction, while built-up shapes are 
used in bridge construction. It should be noted that built-up shapes such as plate girders 
may also be used in building construction as transfer girders to carry heavy concentrated loads 
as may occur where multistory columns are discontinued at an atrium level to create a large 
column-free area, resulting in large concentrated loads that need to be supported. 
Examples of the rolled standard shapes listed in part 1 of the AISCM include the following: 


Wide-flanged: W-shapes and M-shapes 


W-shapes are wide-flanged shapes that are commonly used as beams or columns in steel 
buildings. They are also sometimes used as the top and bottom chord members for trusses, 
and as diagonal braces in braced frames. The inner and outer flange surfaces of W-shapes 
are parallel, and M-shapes are similar to the W-shape, but they are not as readily available 
or widely used as W-shapes and their sizes are also limited. The listed M-shapes in AISCM 
have a maximum depth of 12.5 in. and a maximum flange width of 5 in. A W14 X 90, for 
example, implies a member with a nominal depth of 14 in. and a self-weight of 90 Ib./ft. 
Similarly, an M12 X 10 indicates a miscellaneous shape with a nominal depth of 12 in. and 
a self-weight of 10 1b./ft. It should be noted that because of the variations from mill to mill 
in the fillet sizes used in the production of W-shapes, and also the wear and tear on the 
rollers during the steel shape production process, the decimal k-dimensions (k,,,) specified 
for these shapes in part 1 of the AISCM should be used for design, while the fractional 
k-dimensions (kg,,) are to be used for detailing. 


S-shapes 


S-shapes, also known as American Standard beams, are similar to W-shapes except that the 
inside flange surfaces are sloped. The inside face of the flanges usually have a slope 
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weak 7 iasondinit overall depth, d, is constant for 
: : any given series of M-shapes 

any given series of 

W-shapes 


W-shape M-shape 


Figure 1-4 W- and M-shapes. 
of 2:12, with the larger flange thickness closest to the web of the beam. These sections are 


commonly used as hoist beams for the support of monorails. An S12 X 35 implies a mem- 
ber with a 12-in. actual depth and a self-weight of 35 1b./ft. length of the member. 


overall depth d is constant 
tapered for any given series of 
flange < S-shapes 


Figure 1-5 S-shape. 


HP-shapes 

HP-shapes are similar to W-shapes and are commonly used in bearing pile foundations. They 
have thicker flanges and webs, and the nominal depth of these sections is usually approx- 
imately equal to the flange width, with the flange and web thicknesses approximately equal. 


HP 12 x 53 


| 


11.8 in. 


t= 0.425 in. 


d= 


\— 


| by = 12.0 in. | 


Figure 1-6 HP-shape. 
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Channel or C- and MC-shapes 


Channels are C-shaped members with the inside faces of the channel flanges sloped. They are 
commonly used as beams to support light loads, such as in catwalks or as stair stringers, and 
they are also used to frame the edges of roof openings. C-shapes are American Standard chan- 
nels, while MC-shapes are miscellaneous channels. A C12 < 30 member implies a C-shape 
with an actual depth of 12 in. and a weight of 30 1b./ft., while an MC 12 X 35 member 
implies a miscellaneous channel with an actual depth of 12 in. and a self-weight of 35 Ib./ft. 


C 12 x 20.7 MC 12 x 10.6 
2 a 
ll ll 
as) s 
a. C-shape b. MC-shape 


Figure 1-7 C- and MC-shapes. 


Angle (L) shapes 


Angles are L-shaped members with equal or unequal length legs, and they are used as lin- 
tels to support brick cladding and block wall cladding, and as web members in trusses. They 
are also used as X-braces, chevron braces, or knee-braces in braced frames, and could be 
used as single angles or as double angles placed back-to-back. An angle with the designa- 
tion L4 X 3 X “implies a member with a long leg length of 4 in., a short leg length of 
3 in., and a thickness of 4 in. While all other rolled sections have two orthogonal axes 
(x-x and y—y) of bending, single angles have three axes (x—x, y—y, and z-z) about which the 
member could bend or buckle. 


L5x3A4x% i 


an 1-8 Angle shapes. 


Structural Tees—WT-, MT-, and ST-shapes 


Structural tees are made by cutting a W-shape, M-shape, or S-shape in half. For example, 
ifa W14 X 90 is cut in half, the resulting shapes will be WT 7 X 45, where the nominal depth 
is 7 in. and the self-weight of each piece is 45 1b./ft. WT-shapes are commonly used as brace 
members and as top and bottom chords of trusses. They are also used to strengthen exist- 
ing steel beams where a greater moment capacity is required. Similarly, ST- and MT- 
shapes are made from S-shapes and M-shapes, respectively. 
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W14 x 90 WT7 x 45 
Figure 1-9 WT-shape. 


Plates and Bars 


Plates and bars are flat stock members that are used as stiffeners, gusset plates, and X-braced 
members. They are also used to strengthen existing steel beams and as supporting members 
in built-up steel lintels. There is very little structural difference between bars and plates, and 
although historically, flat stock with widths not exceeding 8 in. were generally referred to as 
bars, while flat stock with widths greater than 8 in. were referred to as plates, it is now com- 
mon practice to refer to flat stock universally as plates. As an example, a PL 6 X 7% implies 
a 6-in.-wide by %-in.-thick plate. In practice, plate widths are usually specified in /-in. 
increments, while thicknesses are specified in %-in. increments. The practical minimum 
thickness is /-in., with a practical minimum width of 3 in. to accommodate required bolt 
edge distances but smaller sizes can be used for special conditions. 


A" x 12" plate 1A" dia. round bar 14" x 1A" square bar 
I ZZZZZA G ZE 
| | oe! we 


12" 


Figure 1-10 Plates and bars. 


Hollow Structural Sections 


Hollow structural section (HSS) members are rectangular, square, or round tubular members 
that are commonly used as columns, hangers, and braced-frame members. HSS members 
are not as susceptible to lateral torsional buckling and torsion as W-shape or other open 
sections. Therefore, they are frequently used as lintels spanning large openings, especially 
where eccentricity of the gravity loads may result in large torsional forces. Examples of HSS 
members are indicated below: 


e HSS 6 X 4 X “implies a rectangular hollow structural steel with outside wall dimen- 
sions of 6 in. in one direction and 4 in. in the orthogonal direction, and a wall thickness 
of “4 in., except at the rounded corners. 

e HSS 4 X 0.375 implies a round hollow structural steel with an outside wall diameter 
of 4 in. and a uniform wall thickness of % in. 
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4" wall thickness = 0.25" 
design thickness = 0.233" 
wall thickness = 0.375" 


design thickness = 0.349" = Cs 


a. HSS6x4x¥% b. HSS 4.000 x 0.250 
Figure 1-11 HSS and structural pipes. 


Structural Pipes 


Structural pipes are round structural tubes similar to HSS members (see Figure 1-11) that 
are sometimes used as columns. They are available in three strength categories: standard 
(Std), extra strong (X-strong), and double-extra strong (XX-strong). The bending moment 
capacity and the axial compression load capacity of these sections are tabulated in Tables 
3-15 and 4-6, respectively, of the AISCM. Steel pipes are designated with the letter P, fol- 
lowed by the nominal diameter, and then the letter X for extra strong or XX for double- 
extra strong. For example, the designation P3 represents a nominal 3-in. standard pipe, P3X 
represents a 3-in. extra-strong pipe, and P3XX represents a 3-in. double-extra-strong pipe. 


Built-up Sections 


Built-up sections include welded plate girders and plates welded to the top or bottom 
flanges of W-sections. Plate girders are used to support heavy loads where the listed 


a. plate girder b. reinforced W-section c. (2)-C12 x 25 


spacer 


d. (2)-L6x 4x % e. S12 x 31.8 with 
C10 x 15.3 cap channel 


Figure 1-12 Built-up sections. 
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standard steel sections are inadequate to support the loads. Built-up sections can also be 
used as lintels and as reinforcement for existing beams and columns. Other built-up 
shapes include double angles (e.g., 2L 5 X 5 X 4) and double channels (e.g., 2C 12 X 
25) placed back-to-back in contact with each other or separated by spacers, and W- and 
M-shapes with cap channels that are used to increase the bending capacity of W- and S- 
shapes about their weaker (y—y) axis. 


1.8 BASIC STRUCTURAL STEEL ELEMENTS 


The basic structural steel elements and members that are used to resist gravity loads 
in steel-framed buildings as shown in Figures 1-13 and 1-14 will now be discussed. 


top chord 
roof deck 


shear connection 


perimeter angle 


(deck closure) perimeter angle 


(pour stop) 


floor deck 
with concrete 


base plate and 
bearing wall and’ anchor rods 


wall footing floor beam 


spread footing 


Figure 1-13 Typical steel building — basic structural elements (3-D). 


foundation 
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roof truss 


roof beam 


pour stop 


floor slab 


floor beam 


hanger 


Figure 1-14 Typical steel building cross section—basic structural elements. 


Beams and Girders 


e The infill beams or joists support the floor or roof deck directly and spans between the 
girders. The roof or floor deck usually spans in one direction between the roof or floor 
infill beams. 

e The girders support the infill beams and span between the columns. While beams are usu- 
ally connected to the web of the columns, girders are typically connected to the column 
flanges. 


Columns 


These are vertical members that support axial compression loads only. They are sometimes 
referred to as struts. In practice, structural members are rarely subjected to pure compres- 
sion loads alone. 
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Beam-columns 


Beam-columns are members that support axial tension or axial compression loads in addi- 
tion to bending loads. In practice, typical building columns usually act as beam-columns due 
to the eccentricity of the bean and girder reactions relative to the column centerline. 


Hangers 


Hangers are vertical members that support axial tension force only. 
The reader should refer back to Figures 1-13 and 1-14 as the other structural elements 
are discussed in greater detail later in the text. 


1.9 TYPES OF STRUCTURAL SYSTEMS IN STEEL BUILDINGS 


The common types of structural systems (i.e., a combination of several structural members) 
used in steel building structures include trusses, moment frames, and braced frames. 


Trusses 


Trusses may occur as roof framing members over large spans or as transfer trusses used to sup- 
port gravity loads from discontinuous columns above. The typical truss profile shown in Figure 
1-15 consists of top and bottom chord members. The vertical and diagonal members are called 
web members. While the top and bottom chords are usually continuous members, the web 
members are connected to the top and bottom chords using bolted or welded connections. 


Frames 


Frames are structural steel systems used to resist lateral wind or seismic loads in buildings. 
The two main types of frames are moment frames and braced frames. 


Moment Frames 

Moment frames resist lateral loads through the bending rigidity of the beams/girders and 
columns. The connections between the beams/girders and the columns are designed and 
detailed as shown in Figure 1-16 to resist moments due to gravity and lateral loads. 


Braced Frames 

Braced frames (see Figure 1-17) resist lateral loads through axial compression and/or ten- 
sion in the diagonal members. Examples include X-braced, chevron- or K-braced, and knee- 
braced frames. These frames are usually more rigid than a typical moment frame and exhibit 
smaller lateral deflections. 


1.10 BUILDING CODES AND DESIGN SPECIFICATIONS 


Building construction in the United States and in many parts of the world is regulated through 
the use of building codes that prescribe a consensus set of minimum requirements that will 
ensure public safety. A code consists of standards and specifications (or recommended prac- 
tice), and covers all aspects of design, construction, and function of buildings, including 
occupancy and fire-related issues, but it only becomes a legal document within any jurisdic- 
tion after it is adopted by the legislative body in that jurisdiction. Once adopted by a juris- 
diction, the code becomes the legal binding document for building construction in that 
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ARIE 


a. Howe truss 


ATs 


b. simple Fink or Warren truss 


c. scissor truss 


d. bowstring truss 


e. pre-engineered roof truss 
Figure 1-15 Typical truss profiles. 


locality and the design and construction professional is bound by the minimum set of require- 
ments specified in the code. The International Building Code (IBC 2006) [12], published by 
the International Code Council (ICC), has replaced the former model codes—the Uniform 
Building Code (UBC), Building Officials and Code Administrators (BOCA), National Build- 
ing Code (NBC), and the Standard Building Code (SBC)—and is fast becoming the most 
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a. conventional building frame elevation 


web and flange plates 
(if required by design) 


BU-4b 


slip-critical bolts 


b. bolted moment connection c. welded moment connection 


built-up steel 


plate girders end plates 
with bolts 
d. pre-engineered building frame elevation e. bolted moment connection 


Figure 1-16 Typical moment frames. 


widely used building code in the United States for the design of building structures. The cur- 
rent edition of the IBC 2006 now references the ASCE 7 load standard [13] for calculation 
of all structural loads, including snow, wind, and seismic loads. The steel material section 
of the IBC references the AISC specifications as the applicable specification for the design 
of steel members in building structures. 
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VA 


a. X-brace b. chevron or K-brace c. knee brace 


Figure 1-17 Typical braced frames. 


1.11 THE STRUCTURAL STEEL DESIGN 
AND CONSTRUCTION PROCESS 


The design process for a structural steel building is iterative in nature and usually starts 
out with some schematic drawings developed by the architect for the owner of a build- 
ing. Using these schematic drawings, the structural engineer carries out a preliminary 
design to determine the preliminary sizes of the members for each structural material 
and structural system (gravity and lateral) considered. This information is used to de- 
termine the most economical structural material and structural system for the building. 
After the structural material and systems are determined, then comes the final design 
phase where the roof and floor framing members and the lateral load systems are laid 
out and all the member sizes are proportioned to resist the applied loads with an ade- 
quate margin of safety. This results in a set of construction documents that include struc- 
tural plans, sections, details, and specifications for each of the materials used in the 
project. After the final design phase comes the shop drawing and the construction phases 
during which the building is actually fabricated and erected. During the shop drawing 
phase, the steel fabricator’s detailer uses the structural engineer’s drawings to prepare 
a set of erection drawings and detail drawings that are sent to the structural engineer for 
review and approval. The shop drawing review process provides an opportunity for the 
design engineer to ensure that the fabrication drawings and details meet the design in- 
tent of the construction documents. Once the shop drawings are approved, steel fabri- 
cation and erection can commence. The importance of proper fabrication and erection 
procedures and constructible details to the successful construction of a steel project 
cannot be overemphasized. 

In the United States and Canada, the design of simple connections (1.e., simple shear 
connections) is sometimes delegated by the structural engineer of record (EOR) to the steel 
fabricator, who then hires a structural engineer to design these connections using the loads 
and reactions provided on the structural drawings and/or specifications. The connection de- 
signs and the detail drawings of the connections are also submitted to the structural engi- 
neer of record for review and approval. In other cases, especially for the more complicated 
connections such as moment connections, the EOR may provide schematic or full connec- 
tion designs directly to the fabricator. During the construction phase, although the struc- 
tural engineer of record may visit the construction site occasionally, it is common practice 
for the owner to retain the services of a materials inspection firm to periodically inspect the 
fabrication and erection of the structural steel in order to ensure that the construction is 
being done in accordance with the structural drawings and specifications. 
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1.12 GRAVITY AND LATERAL LOAD PATHS 
AND STRUCTURAL REDUNDANCY 


The load path is the trail that a load travels from its point of application on the structure until 
it gets to the foundation. Any structural deficiency in the integrity of the load path could lead 
to collapse; these commonly result from inadequate connections between adjoining structural 
elements rather than the failure of a structural member. The typical path that a gravity load trav- 
els as it goes from its point of application on the structure to the foundation is as follows: The 
load applied to the roof or floor deck or slab is transmitted horizontally to the beams, which 
in turn transfer the load horizontally to the girders. The girders and the beams along the col- 
umn lines transfer the load as vertical reactions to the columns, which then transmit the load 
safely to the foundation and to the ground (i.e., the load travels from the Slab or Roof Deck > 
Beams — Girders —> Columns — Foundations). This is illustrated in Figure 1-18. 


(5) load is transferred from 
the girders to the columns 


~ (1) gravity load is applied 
aed 


(2) load is transferred 


° ‘a to the floor slab 
BNL 
. me 


(3) load is transferred 
from the floor slab to 
the supporting beams 


(4) load is transferred from 
the beams to the girders 


(6) load is transferred from the 
columns down to the foundation 


Figure 1-18 Gravity load path. 
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For the lateral wind load path, the wind load is applied to the vertical wall surface, which 
then transfers the horizontal reactions to the horizontal roof or floor diaphragms. The horizon- 
tal diaphragm then transfers the lateral load to the lateral force resisting system (LFRS) par- 
allel to the lateral load (e.g., moment frame, braced frame, or shear wall), and these lateral 
force resisting systems then transmit the lateral loads to the foundation and the ground 
(i.e., the lateral load travels from the Roof or Floor Diaphragm — Lateral Force Resisting 
System — Foundations. This is illustrated in Figure 1-19. 

The seismic load path starts with ground shaking from a seismic event, which results 
in inertial forces being applied to the building structure, and these forces are assumed to be 
concentrated at the floor and roof levels. The lateral forces are then carried by the floor and 
roof diaphragms, which, in turn, transmit the lateral load to the lateral force resisting sys- 
tems that are parallel to the lateral load, and the LFRS transmits the load to the foundation 
and then to the ground. 


(1) lateral load is applied at 


(3) load is transferred from the the floor (or roof) diaphragm 


floor slab to the supporting beams 
along the brace line * rt. 
ca  S~ 


(2) load is transferred to the 


floor slab (or roof deck) 
oe 
‘\ 


(4) load is transferred from 
the beams to a diagonal 
brace (for braced frames) 


(5) load is transferred from 
the braces to the columns 


(6) load is transferred from the 
columns down to the foundation 


Figure 1-19 Lateral load path. 


26 


CHAPTER 1 


Structural redundancy—which is highly desirable in structural systems—is the abil- 
ity of a structure to support loads through more than one load path, thus preventing pro- 
gressive collapse. In a redundant structure, there are alternate load paths available so that 
failure of one member does not lead to failure of the entire structure; thus, the structure is 
able to safely transmit the load to the foundation through the alternate load paths. 


1.13 ROOF AND FLOOR FRAMING LAYOUT 


Once the gravity loads acting on a building are determined, the next step in the design 
process, before any of the structural members or elements can be designed, is the layout of 
the roof and floor framing and the lateral force-resisting systems. In this section, the crite- 
ria for the economical layout of roof and floor framing are presented. The self-weight of roof 
and floor framing (i.e., beams and girders) varies from approximately 5 psf to 10 psf. In cal- 
culating the allowable loads of roof and floor decks using proprietary deck load tables, the 
self-weight of the framing should be subtracted from the total roof or floor loads since the 
beams and girders support the deck and the loads acting on it. 

In laying out roof or floor framing members, the following criteria should be noted for 
constructibility and economy: 


The filler beams or joists (supported by the girders) should be framed in the longer 
direction of the bay, while the girders should span in the shorter direction. Thus, the 
girder length should be less than or equal to the length of the filler beam or joist. 


The filler beams along the column lines should be connected to the web of the columns, 
while the girders should be connected to the column flanges because the girders sup- 
port heavier loads and therefore have reactions that are, in general, greater than those 
of the infill beams. This arrangement ensures that the moments from the girder reac- 
tions are resisted by the column bending about its stronger axis (see Chapter 8). 

The span of the deck should be as close to the Steel Deck Institute (SDI) maximum al- 
lowable span [21] as possible to minimize the required number of filler beams or joists, 
and therefore the number of connections. The maximum deck span required to satisfy 
the Factory Mutual fire-rating requirements may be more critical than the SDI maxi- 
mum allowable span, and should be checked. 


As much as possible, use 22-ga decks and 20-ga decks because these are the most com- 
monly available deck sizes. Other deck sizes, such as the 18-ga deck can be obtained, 
but at a higher or premium cost. 

Decks are available in lengths of 30 to 42 ft. and widths of 2 to 3 ft. and these param- 
eters should be considered in the design of the deck. It should be noted that deck Lengths 
longer than 30 ft will be too heavy for two construction workers to safely handle on site. 


In selecting roof and floor decks, the following should be noted: 


¢ Roof deck is readily available in 1’4-in. and 3-in. depths, with gages ranging from 16 
through 22-ga; however, the 22-ga wide-rib deck is more commonly used in practice. 


Floor deck is readily available in 1’/-in., 2-in., and 3-in. depths, with gages ranging from 
16 through 22-ga; however, the 20-ga wide-rib deck is more commonly used. Floor 
decks can be composite or noncomposite. Composite floor decks have protrusions in- 
side the deck ribs that engage the hardened concrete within the ribs to provide the com- 
posite action. Noncomposite floor decks do not have these protrusions and are called 
form decks. The form deck does not act compositely with the concrete, but acts only 
as a form to support the wet weight of the concrete during construction. Therefore, the con- 
crete slab has to be reinforced (usually with welded wire fabric) to support the applied loads. 
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e¢ Noncomposite floor deck is available in depths ranging from % in. to 3 in. and in gages 
ranging from 16 to 28-ga. 

Although 3-in.-deep deck costs more than 1%-in. deck, they are able to span longer 
distances and thus minimize the number of filler beams and connections used. 


To protect against corrosion, the roof and floor decks could be painted or galvanized 
(G60 galvanized or G90 galvanized), but where spray-applied fire protection is to be ap- 
plied to the deck, care should be taken in choosing a classified paint product to ensure 
adequate bonding of the fireproofing to the metal deck. 

Preferably, the deck should be selected to span over at least four beams (1.e., the so-called 
3-span deck). This 3-span deck configuration indicates that the minimum length of 
deck that the contractor can use on site will be three times the spacing between the 
beams or joists, and since the number of beam or joist spacings may not necessarily be 
a multiple of 3, the deck sheets will have to be overlapped. 


In designing building structures, the reader should keep in mind the need for simplic- 
ity in the structural layout and details, and not just the weight of the material, because labor 
costs, which consist of steel fabrication and erection, are about 67% of the total construc- 
tion costs, with material costs being only about 33% [19]. Thus, the least weight may not 
necessarily always result in the least cost. The sizing of roof and floor decks, and the lay- 
out of roof and floor framing members are illustrated in the following two examples. 


Roof Framing Layout 


A roof framing plan consists of 30-ft. by 40-ft. bays, supporting a total dead load of 30 psf 
and a roof snow load of 50 psf. Determine the layout of the roof deck and the size of the 
deck. 

Assume a self-weight of 5 psf for the framing. 


30'-0O" 
H 
roof deck 
— oo 

S ——— 
> SSE ESS as 
<n 

H 


Figure 1-20 Roof framing layout for Example 1-3. 


(continued) 
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SOLUTION 

Dead load on the roof deck alone = 30 psf — 5 psf = 25 psf 

Snow load on the roof = 50 psf 

Total load on the roof deck = 25 psf + 50 psf = 75 psf 

For our example, let us try a 14-in. by 20-ga galvanized wide-rib deck (the reader 
should refer to the Vulcraft Steel Roof and Floor Deck Manual [21]) or similar 
deck manufacturers’ catalogs. 

Maximum SDI allowable deck span without shoring during construction = 7 ft. 9 in. 
Preferably, the deck should span continuous over at least four beams (i.e., 3-span 
deck). It should be noted that the deck span selected must be less than or equal to 
7 ft. 9 in. (i.e., the maximum span), and, in addition, the selected deck span must 
be a multiple of the shorter bay dimension. 

Try a 7-ft. 6-in. span (a multiple of the 30-ft bay dimension) < 7 ft. 9 in. OK 
Allowable load = 72 psf < 75 psf Not Good. 

The next lower multiple of 30 ft is 6 ft. 0 in. Therefore, try a deck span of 6 ft. 

0 in., and 22-ga. deck resulting in five equal spaces per bay. 


For this span, the allowable deck load = 89 psf > 75 psf OK 
Therefore, use 1.5-in. by 22-ga wide-rib galvanized metal deck. 


Floor Framing Layout 


A typical floor framing plan consists of 30-ft by 40-ft bays and supports a total floor 

dead load of 80 psf and a floor live load of 150 psf. Determine the layout of the floor 

framing and the size of a composite floor deck assuming normal-weight concrete. 
Assume a self-weight of 7 psf for the framing. 


30'-0" 


floor deck 


4o'-0" 


H 
Figure 1-21 Floor framing layout for Example 1-4. 
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SOLUTION 

Dead load on the floor deck alone = 80 psf — 7 psf = 73 psf, 

Live load = 150 psf, and 

The total floor load = 73 psf + 150 psf = 223 psf. 

The reader should refer to the Vulcraft Steel Roof and Floor Deck Manual [21] or 
similar manufacturers’ deck catalogs. 

Try 2/-in. concrete slab on 3-in. by 20-ga galvanized composite metal deck. 

Total Slab Depth = 2% in. + 3 in. = 5/in. 

For the 3-span condition, we find from the deck load tables that 


Maximum allowable deck span without shoring during construction = 11 ft. 9 in. 


Self-weight of concrete = 50 psf (see vulcraft deck load tables) 
Self-weight of deck = Qos 
52 psf 


Total floor deck and concrete slab self-weight = 52 psf 
Applied superimposed load on deck/slab = 223 — 52 = 171 psf 


It should be noted that the deck span selected must be less than or equal to 11 ft. 9 in., 
which is the maximum allowable span for this particular deck without shoring when 
it spans over a minimum of three spans. In addition, the selected deck span must be 
a multiple of the shorter bay dimension. 

Try a 10-ft. 0-in. span (a multiple of the 30-ft. bay dimension) < 11 ft. 9 in. OK 

Allowable superimposed load = 127 psf < 171 psf N.G. 

The next lower multiple of 30 ft is 7 ft. 6 in. Therefore, try a deck span of 7 ft. 6 in., 
resulting in four equal spaces per bay. 

For this span, the allowable superimposed load = 247 psf (from the Vulcraft 
Deck Load tables) > 171 psf. OK 

Therefore, use 2%-in. concrete slab on 3-in. by 20-ga galvanized composite metal 
deck. 


1.14 STUDENT DESIGN PROJECT PROBLEM 


In this section, we introduce a structural steel building design project for the student to work 
on, and in the subsequent chapters, some of the end-of-chapter problems will be devoted to 
designing a component of this building using the concepts learned in each chapter. The de- 
sign brief for this project is as follows: 


1. Office Building: A steel-framed, two-story office building with plan dimensions of 
72 ft. by 108 ft. The floor-to-floor height is 15 ft (see Figure 1-22). 
e Building is located in Buffalo, New York. 
e Main structural members are of structural steel. 
e The AISC LRFD specification and the ASCE 7 load standard should be used. 
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Figure 1-22 Grid layout for the student design project. 


e The floors should be designed both as noncomposite and composite construction, 
with concrete slab on composite metal deck supported on steel infill beams and 
girders. 

¢ Roofing is 5-ply plus gravel supported on a metal deck on noncomposite steel 
framing (open-web steel joist or steel infill beams on steel girders). 
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Assume that the perimeter cladding is supported on the foundation wall at the 
ground floor level and bypasses the floor and the roof. 

e Assume a |-ft. edge distance at each floor level around the perimeter of the building. 
e Assume that the stair and elevator are located outside of the 72-ft. by 108-ft. footprint 
on the east and west side of the building, and that they will be designed by others. 
¢ Determine the critical lateral loading—seismic or wind—and use this to design 

the lateral force resisting systems. 


2. Drawings: May be either large size, foldout size, 8 in. by 11 in. and should include 
the following: 


Roof Plan that shows framing members and roof deck pattern. Indicate camber and end reactions. 
Floor Plan that shows framing members and floor deck structure. Indicate number of studs, 
camber, and end reactions. 

Foundation Plan that shows column sizes or marks. 

Elevations that show the X-braces and connection configurations. 


Connection Details that show typical beam and girder connections, <-braced connections, 
column and base plate schedule with service loads (for foundation design), and typical 


column base details. 


3. Loads: 


Calculate the dead and live loads (floor live loads and roof live loads). 
Calculate the snow load, allowing for any snow load reduction. 


Follow the ASCE load standard to calculate the wind loads and seismic loads. 


4. Checklist of Design Items: 


Gravity and Lateral Loads: Provide a load summation table for the floor and roof loads 
(gravity), and the wind and seismic loads (lateral). Provide a column load summation table. 
Roof members: Select open-web steel joists from a manufacturer’s catalog. As an alternate 
option, also select wide flange roof beams. Design the roof girders as wide-flange sections. 
Floor Framing: Design the floor beams and girders both as noncomposite beams and as 
composite beams for comparison purposes. 

Columns: Design for maximum loads using the appropriate load combinations. Design 
columns for axial load and moments due to girder/beam connection eccentricities. Design 
the column base plates and anchor rods assuming a concrete strength (f) of 3000 psi and 
a 1-in. grout thickness. 

Floor and Roof Deck: Assume a 1'4-in. roof deck and a 3-in. composite floor deck. Deter- 
mine the exact gage and material weight from a deck manufacturer’s catalog. Use normal- 
weight concrete and a concrete strength of f/ = 3000 psi. 


Lateral Force Resisting System 
LFRS Option 1: 


X-braces: Analyze the <-brace frames manually or using a structural analysis software program. 
Design the brace connections and check all connection failure modes. 


LFRS Option 2: 
Moment frames: Assume that moment frames are used along grid lines | and 4 in lieu of the 
X-braces, and reanalyze the frame and design the moment frame. Design the beam and girder 
connections and check all connection failure modes. 
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1-1. 


List three advantages and disadvantages of steel as a building material, and research the Inter- 


net for the three tallest steel building structures in the world, indicating the types of gravity 
and lateral load resisting systems used in these buildings. 


1-2. 
1-3. 
1-4. 


W14 x 22 
W21 xX 44 
HSS 6 X 6 X 0.5 


List the various types of standard shapes available in the AISCM. 
What are the smallest and the largest wide flange or W-shapes listed in the AISCM? 


Determine the self-weight, moment of inertia (I,), and cross-sectional areas for the following 
hot-rolled standard sections: 
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L6x4x% 
C12 x 30 
WT 18 X 128 
1-5. Determine the weight, area, and moment of inertia (I,) of the following built-up sections: 
SN x 14" plate 
top & bottom %" x 7" plate 
y F top & bottom 
ae x 24" web WI18 x 35 
plate 
a. plate girder b. reinforced W-section c. S12 x 31.8 with 


C10 x 15.3 cap channel 


Figure 1-23 Compound shapes for problem 1-5. 


1-6. 
1-7. 


1-8. 


1-11. 
1-12. 


1-13. 


List the basic structural elements used in a steel building. 


Plot the idealized stress-strain diagram for a 6-in.-wide by 4-in.-thick plate and a 6-in.-wide by 
1-in.-thick plate of ASTM A36 steel. Assume that the original length between two points on the 
specimen over which the elongation will be measured (1.e., the gage length) is 2 in. 


Determine the most economical layout of the roof framing (joists and girders) and the gage 
(thickness) of the roof deck for a building with a 25-ft. by 35-ft. typical bay size. The total roof 
dead load is 25 psf and the snow load is 35 psf. Assume a 14-in.-deep galvanized wide-rib deck 
and an estimated weight of roof framing of 6 psf. 


Repeat problem 1-8 using a 3-in.-deep galvanized wide-rib roof deck. 


. Determine the most economical layout of the floor framing (beams and girders), the total depth 


of the floor slab, and the gage (thickness) of the floor deck for a building with a 30-ft. by 47-ft. 
typical bay size. The total floor dead load is 110 psf and the floor live load is 250 psf. Assume 
normal weight concrete, a 1%4-in.-deep galvanized composite wide-rib deck, and an estimated 
weight of floor framing of 10 psf. 


Repeat problem 1-9 using a 3-in.-deep galvanized composite wide-rib roof deck. 


A steel floor girder in an existing building needs to be strengthened by welding a structural 
member to its bottom flange. The steel grade is unknown, but materials testing has revealed the 
following percentages by weight of the following alloy chemical elements in the girder: 


C = 0.16% 
Cr = 0.10% 
Cu = 0.20% 
Mn = 0.8% 
Mo = 0.15% 
Ni = 0.25% 

V = 0.06% 
Si = 0.20% 


Calculate the carbon equivalent (CE) and determine the weldability of the structural steel. 


A steel building is 900 ft. long, and it has been decided to provide expansion joints every 300 ft. 
If the maximum anticipated temperature change is 70°F, determine the size of the expansion joint. 
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and Gravity Loads 


2.1 INTRODUCTION 
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The intent of structural design is to select member sizes and connections whose strength is 
higher than the effect of the applied loads and whose deflections and vibrations are within 
the prescribed limits. There are two main methods prescribed in the AISC specification [1] 
for the design of steel structures: the allowable strength design (ASD) method and the load 
and resistance factor design (LRFD) method; however, appendix 1 of the specification also 
allows inelastic methods of design such as the plastic design (PLD) method [1]. 

The LRFD requirements presented in the AISC 2005 specification are similar to the pre- 
vious three LRFD specifications. The allowable strength design (ASD) method in the AISC 
2005 specification is similar to the allowable stress design in previous specifications in the 
sense that both are carried out at the service load level. The difference between the two 
methods is that the provisions for the allowable strength design method are given in terms 
of forces in the AISC 2005 specification, while the provisions for the allowable stress de- 
sign method were given in terms of stresses in previous specifications. It should be noted 
that in the current AISC specification, the design provisions for both the ASD and LRFD 
methods are based on limit state or strength design principles. In fact, the current AJSCM 
presents a dual approach—ASD and LRFD—for all the design aids and tables, with the 
nominal strength being the same for both design methods. The three design methods for 
steel structures—LRFD, ASD, and the plastic design method—are discussed below, but for 
the reasons already discussed in Chapter 1, the focus of this text is on the LRFD method. 


Load and Resistance Factor Design Method 


In the load and resistance factor design (LRFD) method, the safety margin is realized by 
using load factors and resistance factors that are determined from probabilistic analysis 
based on a survey of the reliability indices inherent in existing buildings [2, 3] and a pre- 
selected reliability index. The load factors vary depending on the type of load because of the 
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different degrees of certainty in predicting each load type, and the resistance factors pre- 
scribed in the AISC specification also vary depending on the load effects. For example, 
dead loads are more easily predicted than live or wind loads; therefore, the load factor for 
a dead load is generally less than that for a live load or a wind load. The load factors account 
for the possibility of overload in the structure. 

In the ASD method, the safety margin is realized by reducing the nominal resistance by 
a factor of safety, and a single load factor is generally used for all loads. Since the LRFD 
method accounts for the variability of each load by using different load factors and the ASD 
assumes the same degree of variability for all loads, the LRFD method provides more uni- 
form reliability and level of safety for all members in the structure, even for different load- 
ing conditions. In the case of the ASD method, the level of safety is not uniform throughout 
the structure. For a comprehensive discussion of the reliability-based design approach, the 
reader is referred to reference [3]. 

As previously stated, the LRFD method uses a limit states design method (a limit state 
is the point at which a structure or structural member reaches its limit of usefulness). The basic 
LRFD limit state design equation requires that the design strength, R,,, be greater than or equal 
to the sum of the factored loads or load effects. Mathematically, this can be written as 


oR, = R, (2-1) 
where 
R,, = Theoretical or nominal strength or resistance of the member determined using 


the AISC specifications, 


R,, = Required strength or sum of the factored loads or load effects using the LRFD 
load combinations = {Q,y,, 


Q; = Service load or load effect, 
y; = Load factor (usually greater than 1.0), and 


¢ = Resistance or strength reduction factor (usually less than 1.0). 


Note that the service load (i.e., the unfactored or working load), Q; is the load applied to the 
structure or member during normal service conditions, while the factored or ultimate load, 
R,, is the load applied on the structure at the point of failure or at the ultimate limit state. 


Allowable Strength Design Method 


In the allowable strength design (ASD) method, a member is selected so that the allowable 
strength is greater than or equal to the applied service load or load effect, or the required 
strength, R,. The allowable strength is the nominal strength divided by a safety factor that 
is dependent on the limit state being considered, that is, 


R,/Q = Res (2-2) 
where 


R,/Q = Allowable strength, 


R, = Required allowable strength, or applied service load or load effect deter- 
mined using the ASD load combinations, and 


Q 


Safety factor. 
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Plastic Design Method 


Plastic design is an optional method in the AISC specification (see Appendix 1) that can be 
used in the design of continuous beams and girders. In the plastic design method, the struc- 
ture is assumed to fail after formation of a plastic collapse mechanism due to the presence 
of plastic hinges. The load at which a collapse mechanism forms in a structure is called the 
collapse, or ultimate, load, and the load and resistance factors used for plastic design are the 
same as those used in the LRFD method. The plastic analysis and design of continuous 
beams is presented in Appendix B of this text. 


2.2 STRENGTH REDUCTION OR RESISTANCE FACTORS 


The strength reduction or resistance factors () account for the variability of the material and 
section properties and are, in general, usually less than 1.0. These factors are specified for 
various limit states in the AISC specification, and are shown in Table 2-1. 


Table 2-1 Resistance factors 


Limit State Resistance Factor (¢>) 


Shear 1.0 or 0.9 


Flexure 0.90 


Compression 0.90 


Tension (yielding) 0.90 


Tension (rupture) 0.75 


2.3 LOAD COMBINATIONS AND LOAD FACTORS (IBC SECTION 1605 
OR ASCE 7, SECTIONS 2.3 AND 2.4) 


The individual structural loads acting on a building structure do not act in isolation, but 
may act simultaneously with other loads on the structure. Load combinations are the pos- 
sible permutations and intensity of different types of loads that can occur together on a 
structure at the same time. The building codes recognize that all structural loads do not 
occur at the same time and their maximum values may not happen at the same time. The 
load combinations or critical combination of loads to be used for design are prescribed in 
the ASCE 7 load standard [2]. These load combinations include the overload factors, 
which are usually greater than 1.0, and account for the possibility of overload of the struc- 
ture. For load combinations, including flood loads, F',, and atmospheric ice loads, the 
reader should refer to Sections 2.3.3 and 2.3.4 of the ASCE 7 standard. The basic load com- 
binations for LRFD are 


. 14(D + F) 

.12(+F+T)+ 1.6(L+ A) + 0.5 (L, or S or R) 
. 12D + 1.6 (L, or S or R) + (LZ or 0.8W) 

. 12D+4+ 1.6W+L + 0.5 (£, or S or R) 


BRWN Fe 
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5. 12D + 10E + L+ 0.28 
6. 0.9D + (1.6W + 1.6H) (D always opposes W and H) 
7. 0.9D + (1.0E + 1.6H) (D always opposes E and H) 


For occupancies with tabulated floor live loads, L,, not greater than 100 psf (except areas of 
public assembly and parking garages), it is permissible to multiply the live load, L, in load 
combinations 3, 4, and 5 by a factor of 0.50. In load combinations 6 and 7, the load factor of 
H should be set equal to zero when the structural action of H counteracts that due to W or E. 

When designing for strength under service load conditions, the ASD load combina- 
tions (equations 8 through 15) below should be used. The basic load combinations for 
allowable strength design (ASD) are 


8. D+F 
9 D+H+F+Lt+T 
10. D+ H+ F + (L,or Sor R) 
11. D+H+F + 0.75 (L + T) + 0.75 (L, or S or R) 
12. D+H+F + (Wor0.7E) 
13. D+ H+ F + 0.75 (W or 0.7E) + 0.75L + 0.75 (£, or S or R) 
14. 0.6D + W + H (D always opposes W and H) 
15. 0.6D + 0.7E + H (D always opposes E and H) 


The ASD load combinations (equations 8 through 15) are also used when designing for 
serviceability limit states such as deflections and vibrations. In load combinations 14 and 
15, the load factor of H should be set equal to zero if the direction of H counteracts that due 
to W or E. It should be noted that for most building structures, the loads H, F, and T will be 
zero, resulting in more simplified load combination equations. In the above load combina- 
tions, downward loads have a positive (+) sign, while upward loads have a negative (—) sign. 
Load combinations | through 5, and 8 through 13 are used to maximize the downward act- 
ing loads, while load combinations 6 and 7, and 14 and 15 are used to maximize the uplift 
load or overturning effects. Therefore, in load combinations 6, 7, 14, and 15, the wind load, 
W, and the seismic load, E, take on only negative or zero values, while in all the other load 
combinations, W and E take on positive values. The notations used in the above load com- 
binations are defined below. 


E = Load effect due to horizontal and vertical earthquake-induced forces 
= PQ, + 0.2 Sps D in load combinations 5, 12, and 13 
= PQ; — 0.2 Spgs D in load combinations 7 and 15 

D = Dead load 


Q,, = Horizontal earthquake load effect due to the base shear, V 
(i.e., forces, reactions, moments, shears, etc. caused by the horizontal 
seismic force) 


0.2 Sp; D = Vertical component of the earthquake force 
(affects mostly columns and footings) 


Sps = Design spectral response acceleration at short period 
F = Fluid loads 
H = Lateral soil pressure, hydrostatic pressures, and pressure of bulk materials 
T = Self-straining force (e.g., temperature) 
L = Floor live load 
L,. = Roof live load 


38 


CHAPTER 2 


W = Wind load 
S = Snow load 
R = Rain load 


p = Redundancy coefficient 


A redundancy coefficient, 9, must be assigned to the seismic lateral force resisting system 
in both orthogonal directions of the building. The value of the redundancy factor from ASCE 7, 
Sections 12.3.4.1 and 12.3.4.2 is as follows: 


e For seismic design category (SDC) B or C: p = 1.0, and 
e For SDC D, E, or F, it is conservative to assume: p = 1.3. 


Applicable Load Combinations for Design 


All structural elements must be designed for the most critical of the load combinations pre- 
sented in the previous section. Since most floor beams are usually only subjected to dead load, 
D, and floor live load, L, the most likely controlling load combinations for floor beams and 
girders will be load combinations 1 or 2 for limit states design, and load combinations 8 and 9 
for serviceability (deflections and vibrations) design. Roof beams and columns have to be de- 
signed or checked for all load combinations, but load combinations 2 and 9 are more likely to 
control the design of most floor beams and girders. For example problems 2-1 through 2-5, 
the loads H, F, and T are assumed to be zero as is the case in most building structures. 


Special Seismic Load Combinations 
and the Overstrength Factor 


For certain special structures and elements, the maximum seismic load effect, E,,,, and the 
special load combinations specified in ASCE 7, Section 12.4.3 should be used. Some exam- 
ples of special structures and elements for which the seismic force is amplified by the over- 
strength factor, Q,, include drag strut or collector elements (see ASCE 7, Section 12.10.2.1) 
in building structures, with the exception of light-frame buildings, and structural elements 
supporting discontinuous systems such as columns supporting discontinuous shear walls 
(see ASCE 7, Section 12.3.3.3). The seismic load effect, E,,,, for these special elements is 
given as 


En = OO + 0.2 Sps D, 


where Q), is the overstrength factor from ASCE 7, Table 12.2-1. 


Load Combinations, Factored Loads, and Load Effects 


A simple supported floor beam 20 ft. long is used to support service or working loads 
as follows: 


Wp = 2.5 kips/ft., 
w;, = 1.25 kips/ft. 
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. Calculate the required shear strength or factored shear, V,,. 
. Calculate the required moment capacity or factored moment, M,,. 


. Determine the required nominal moment strength. 


[on Co mats 


. Determine the required nominal shear strength. 


SOLUTION 


For floor beams, load combinations | and 2 with dead and live loads only need to be 
considered for factored loads. 


a. Factored loads: 


The corresponding factored loads, w,, are calculated as follows: 


1. w, = 14D = 1.4 Wp = 1.4(2.50 kip/ft.) = 3.5 kip/ft. 


2. w, = 1.2D + 1.6L = 1.2 wp + 1.6 w, = 1.2(2.5) + 1.6(1.25) 
= 5.0 kips/ft. (governs) 
; w,L  (5)(20 ft.) 
Maximum factored shear, V,, = ae 5 = 50 kips 
Wwole (5) C20tt) 
b. Maximum factored moment, Mh, = a 8 = 250 ft.-kips 


Using the limit state design equation yields the following: 
c. Required nominal moment strength, M,, = M,,/@ = 250/0.90 = 278 ft.-kips. 
d. Required nominal shear strength, V, = V,,/, = 50/1.0 = 50 kips. 


Note that d = 0.9 for shear for some steel sections. (see Chapter 6). 


EXAMPLE 2-2 


Load Combinations, Factored Loads, and Load Effects 


Determine the required moment capacity, or factored moment, M_,, acting on a floor 
beam if the calculated service load moments acting on the beam are as follows: Mp = 
55 ft.-kip, M; = 30 ft.-kip. 


SOLUTION 
1. M, = 1.4 My = 1.4(55 ft.-kip) = 77 ft.-kips 


2. M, = 1.2 Mp + 1.6 M, = 1.2 (55 ft.-kips) + 1.6 (30 ft.-kips) 
= 114 ft.-kips (governs) 


114 ft.-kips 


40 


CHAPTER 2 


Load Combinations, Factored Loads, and Load Effects 


Determine the ultimate or factored load for a roof beam subjected to the following 
service loads: 


Dead load = 35 psf 
Snow load = 25 psf 


Wind load = 15 psf upwards 


10 psf downwards 


SOLUTION 
D = 35 psf 
S = 25 psf 


W = —15 psf or 10 psf 
The values for service loads not given above are assumed to be zero; therefore, 


Floor live load, L = 0 
Rain live load, R = 0 
Seismic load, E = 0 

Roof live load, L, = 0 


Using the LRFD load combinations, and noting that only downward-acting loads 
should be substituted in load combinations | through 5, and upward wind or seismic 
loads in load combinations 6 and 7, the controlling factored load is calculated as 
follows: 


1. w, = 1.4D = 1.4 (35) = 49 psf 


2. w, = 1.2D + 1.6L + 0.5S 

= 1.2 35) + 1.6 (0) + 0.5 (25) = 55 psf 
3a. w, = 1.2D + 1.6S + 0.8W 
1.2 (35) + 1.6 (25) + 0.8 (10) = 90 psf (governs) 
3b. w, = 1.2D + 1.6S + 0.5L 

= I) (SS) ar 110 (25) se O.5 (O) = Q jos 

4.w,=12D+16W+L+ 0.58 

= 1.2 (35) + 1.6 (10) + (0) + 0.5 (25) = 71 psf 


5. w, = 12D + 1.0E + 0.5L + 0.28 
= 1.2 (35) + 1.0 (0) + 0.5(0) + 0.2 (25) = 47 psf 


6. w, = 0.9D + 1.6W (D must always oppose W in load combination 6) 
= 0.9 (35) + 1.6 (—15) (upward wind load is taken as negative) 
= 7.5 psf 
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7. w, = 0.9D + 1.0E (D must always oppose E in load combination 7) 
= 0.9 (35) + 1.0 (0) 
= 31.5 psf 


In this example, load combinations 6 and 7 resulted in net positive (or downward) 
load. However, load combinations 6 and 7 may sometimes result in net negative (or 
upward) factored loads that would also have to be considered in the design of the 
structural member. 


e For strength calculations, the controlling factored load is w, = 90 psf. 


If controlling service loads are required, these would be calculated using ASD load 
combinations 8 through 15. 


Load Combinations, Factored Loads, and Load Effects 

a. Determine the factored axial load or the required axial strength for a column 

in an office building with the given service loads below. 

b. Calculate the required nominal axial compression strength of the column. 
Given service axial loads on the column: 

Pp = 75 kips (dead load) 

P, = 150 kips (floor live load) 

P; = 50 kips (snow load) 

Py = +100 kips (wind load) 

P,; = +50kips (seismic load) 


SOLUTION 


a. Note that downward loads take on positive values, while upward loads take on 
negative values. The factored loads are calculated as 


3S 
II 


= 14 Py = 1.4 (75 kips) = 105 kips 


2, 1P,, = N21 x AP 6 1, ae OS 2s 
= 1.2 (75) + 1.6 (150) + 0.5 (50) = 355 kips (governs) 


3a. P, = 12 Py) +16P,+0.5 P, 

= 1.2 (75) + 1.6 (50) + 0.5 (150) = 245 kips 
3b. P, = 1.2 Pp + 1.6 Py + 0.8 Py 

= 1.2 (75) + 1.6 (50) + 0.8 (100) = 240 kips 
4. P,=1.2 Py + 1.6 Py + 0.5 P; + 0.5 Ps 


1.2 (75) + 1.6 (100) + 0.5 (150) + 0.5 (50) = 350 kips 
(continued) 
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5 P12 P, 4 10P,- 05F, +02 P, 
= 1.2 (75) + 1.0 (50) + 0.5 (150) + 0.2 (50) = 225 kips 


Note that Pp must always oppose Py and P; in load combinations 6 and 7: 
6. P, = 0.9 Pp + 1.6 Py 
= 0.9 (75) +1.6 (-100) = — 92.5 kips (governs) 
T 1?,=O9I8p ae Oly 
= 0.9 (75) + 1.0 (-50) = 17.5 kips 
e The factored axial compression load on the column is 355 kips. 
e The factored axial tension force on the column is 92.5 kips. 
The column, base plate, anchor bolts, and foundation will need to be designed 


for both the downward factored load of 355 kips and the factored net uplift, or 
tension, load of 92.5 kips. 


b. Nominal axial compression strength of the column, P,, = P,,/d = 355/0.90 = 
394 kips. 


Load Combinations—Factored Loads and Load Effects 


Repeat Example 2-4 assuming that the structure is to be used as a parking garage. 


SOLUTION 


a. For parking garages or areas used for public assembly or areas with a floor live 
load, L, greater than 100 psf, the multiplier of the floor live load in load combi- 
nations 3, 4, and 5 is 1.0. The factored loads are calculated as follows: 


1. P, = 1.4 Pp = 1.4 (75) = 105 kips 


2. Py 2s at IO Rae Ol) BR, 

= 1.2 (75) + 1.6 (150) + 0.5 (50) = 355 kips 
3a Pee 6 Pee OP, 
1.2 (75) + 1.6 (50) + 1.0 (150) = 320 kips 
2 DS es 2 ere, 

= 1.2 (75) + 1.6 (S50) + 0.8 (100) = 250 kips 


4. Yom (EPAN cd itn ma OY ct aa a UO ct a oa O OI ee 
212.5) 1.6400) © 10150) 4 0.5 (G0) = 425 haps (sovems) 
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5p — 12 Pe Pee Oe Ole 
= 1.2 (75) + 1.0 (50) + 1.0 (150) + 0.2 (50) = 300 kips 


Note that Pp must always oppose Py and P; in load combinations 6 and 7: 


6. P,=0.9 Pp + 1.6 Py 
= 0.9 (75) +1.6 (100) = —92.5 kips (governs) 


7. P,=09P, + 1.0 Pz 
= 0.9 (75) + 1.0 50) = 17.5 kips 
e The factored axial compression load on the column is 425 kips. 
e The factored axial tension force on the column is 92.5 kips. 
The column, base plate, anchor bolts, and foundation will need to be designed for 


both the downward factored load of 425 kips and the factored net uplift, or tension, 
load of 92.5 kips. 


b. Nominal axial compression strength of the column, P,, = P,,/d = 425/0.90 = 
473 kips. 


2.4 INTRODUCTION TO DESIGN LOADS 


Structural loads are the forces that are applied on a structure (e.g., dead load, floor live 
load, roof live load, snow load, wind load, earthquake or seismic load, earth and hydrostatic 
pressure). The magnitude of these loads are specified in the ASCE 7 load standard; in this 
standard, buildings are grouped into different occupancy types, which are used to determine 
the importance factor, I, for snow, wind, seismic, or ice load calculations [2]. The impor- 
tance factor is a measure of the consequence of failure of a building to public safety; the 
higher the importance factor, the higher the snow, wind, or seismic loads on the structure. 
ASCE 7, Table 1-1 should be used with ASCE 7, Tables 6-1, 7-4, 10-1, and 11.5-1 to 
determine the importance factors for wind loads, snow loads, ice loads, and seismic loads, 
respectively. 


Gravity Load Resisting Systems 


The two main types of floor systems used to resist gravity loads in building structures are 
one-way and two-way load distribution systems. For steel structures, the one-way load dis- 
tribution system occurs much more frequently than the two-way system; consequently, only 
one-way systems are discussed further. There are several one-way load distribution systems 
that are used in steel buildings. These systems support loads in one-way action by virtue of 
their construction and because the bending strength in one direction is several times greater 
than the strength in the orthogonal direction. These types of one-way systems span in the 
stronger direction of the slab panel regardless of the aspect ratio of the panel. Examples of 
one-way systems used in steel buildings include 


¢ Metal roof decks (used predominantly for roofs in steel buildings), 
¢ Composite metal floor decks (used predominantly for floors in steel buildings), and 
e Pre-cast concrete planks. 
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2.5 GRAVITY LOADS IN BUILDING STRUCTURES 


The common types of gravity loads that act on building structures—roof dead load, floor dead 
load, roof live load, snow load, and floor live load—are discussed in the following sections. 


Dead Loads 


Dead loads are permanent or nonmoveable loads that act on a structure and include the weight 
of all materials that are permanently attached to the structure, including the self-weight of the 
structure. The dead loads can be determined with greater accuracy than any other type of 
load, and are not as variable as live loads. Examples of items that would be classified as dead 
loads include floor finishes, partitions, mechanical and electrical (M&E) components, glaz- 
ing, and cladding. The floor and roof dead loads are typically uniform loads expressed in 
units of pounds or kips per square foot (psf or ksf) of the horizontal projected plan area; the 
dead load of sloped members, which is in units of psf of sloped area, must be converted to 
units of psf of the horizontal projected plan area. In certain cases, concentrated dead loads, 
such as a heavy safe with a small footprint, may also have to be considered. Typical check- 
lists for roof and floor dead load components in steel buildings are shown below. 


Common Roof Dead Loads in Steel Buildings 


Framing 5 psf to 8 psf 
Fireproofing 2 psf 
Metal deck 2 psf (14" deck) 


3 psf (3” deck) 
6 psf (74" deck) 


5 ply with gravel 6.5 psf 

Rigid insulation 1.5 psf per inch of thickness 
Plywood sheathing 0.4 psf per 4%" thickness 

“" asphalt shingles 2.0 psf 

Suspended ceiling 2.0 psf 
Mechanical/electrical 5 psf to 10 psf 


Common Floor Dead Loads in Steel Buildings 


Framing 6 psf to 12 psf 
Fireproofing 2 psf 
Metal deck 1 psf (%" deck) 


2 psf (14" deck) 
3 psf (3” deck) 


Concrete 
lightweight 10 psf per inch of thickness 
normal weight 12.5 psf per inch of thickness 
w/metal deck see deck manufacturers catalog 
floor finishes 
A" ceramic tile 10 psf 
1” slate 15 psf 
gypsum fill 6.0 psf per inch of thickness 
7k" hardwood 4.0 psf 
partitions 15 psf 
Suspended ceiling 2.0 psf 


Mechanical/electrical 5 psf to 10 psf 
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The ASCE 7 load standard and the International Building Code (IBC 2006) [4] specify a min- 
imum partition load of 15 psf, and partition loads need not be considered when the tabulated 
unreduced floor live load, L,, is greater than 80 psf because of the low probability that par- 
titions will be present in occupancies with these higher live loads. It should be noted that 
partition load is classified in ASCE 7 as a live load, but it is common in design practice to 
treat this load as a dead load, and this approach is adopted in this book. 


Tributary Widths and Tributary Areas 


In this section, the concepts of tributary widths and tributary areas are discussed. These con- 
cepts are used to determine the distribution of floor and roof loads to the individual struc- 
tural members. The tributary width (TW) of a beam or girder is defined as the width of the 
floor or roof supported by the beam or girder, and is equal to the sum of one-half the dis- 
tance to the adjacent beams to the right and left of the beam whose tributary width is being 
determined. The tributary width is calculated as 


TW = (Distance to adjacent beam on the right) + 4 (Distance to adjacent beam on the left). 


The tributary area of a beam, girder, or column is the floor or roof area supported by the struc- 
tural member. The tributary area of a beam is obtained by multiplying the span of the beam 
by its tributary width. The tributary area of a column is the plan area bound by lines located 
at one-half the distance to the adjacent columns surrounding the column whose tributary area 
is being calculated. The following should be noted: 


¢ Beams are usually subjected to uniformly distributed loads (UDL) from the roof or 
floor slab or deck. 

e Girders are usually subjected to concentrated, or point, loads due to the reactions from the 
beams. These concentrated loads or reactions from the beams have their own tributary areas. 

e The tributary area of a girder is the sum of the tributary areas of all the concentrated loads 
acting on the girder. 

e Perimeter beams and girders support an additional uniform load due to the loads act- 
ing on the floor or roof area extending from the centerline of the beam or girder to the 
edge of the roof or floor. 


Calculation of Tributary Width and Tributary Area 


Using the floor framing plan shown in Figure 2-1, determine the following: 


Tributary width and tributary area of a typical interior beam, 
. Tributary width and tributary area of a typical spandrel or perimeter beam, 
. Tributary area of a typical interior girder, 


. Tributary area of a typical interior column, 


a. 

b 

c 

d. Tributary area of a typical spandrel girder, 

€ 

f. Tributary area of a typical corner column, and 
g 


. Tributary area of a typical exterior column. 


(continued) 
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exterior or 
corner column 


32'.0" 
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Figure 2-1 Tributary width and tributary areas. 


SOLUTION 


The tributary widths and areas are calculated in Table 2-2. 
Table 2-2 Tributary widths and areas 
Member Tributary Width (TW) Tributary Area (A,) 


Typical Interior Beam 25 ft./3 spaces = 8.33 ft. (8.33 ft.) (32 ft.) = 267 ft.2 


Typical Spandrel Beam (25 ft./3 spaces)/2 + 0.5 [ft.] (4.67 ft.) (32 ft.) = 150 ft. 
edge distance = 4.67 ft. 


A son: = 267 
Typical Interior Girder (Be Ja beams) = 534 ft? 


Typical Spandrel Girder 267 
eee (0.5 ft. edge dist) (25 ft.) + (2 n) (2 beams) 


= BO fi 


Typical Interior Column (32 ft.) (25 ft.) = 800 ft. 


Typical Corner Column (32 ft./2 + 0.5 ft. edge distance) 
X (25 ft./2 + 0.5 ft. edge distance) = 215 ft.” 


Typical Exterior Column (32 ft/2 + 0.5 ft. edge distance) (25 ft.) = 413 ft? 
(long side of building) 

Typical Exterior Column (25 ft./2 + 0.5 ft. edge distance) (32 ft.) = 416 ft. 
(short side of building) 
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2.6 LIVE LOADS 


In general, any load that is not permanently attached to the structure can be considered a 
live load. The three main types of live loads that act on building structures are floor live 
load, roof live load, and snow load. Floor live loads, L, are occupancy loads that are spec- 
ified in ASCE 7, Table 4-1 or IBC, Table 1607.1; the magnitude depends on the use of the 
structure and the tributary area (TA). Floor live loads are usually expressed as uniform 
loads in units of pounds per square foot (psf) of horizontal plan area. In certain cases, the 
code also specifies alternate concentrated floor live loads (in lb. or kip) that need to be 
considered in the design; but in most cases, the uniform loads govern the design of struc- 
tural members. 

The two types of live loads that act on roof members are roof live load, L,, and snow 
load, S. From the load combinations presented in Section 2.3, it becomes apparent that 
roof live loads and snow loads do not act together at the same time. Roof live loads 
rarely govern the design of structural members in the higher snow regions of the United 
States, except where the roof is a special purpose roof used for promenades or as a roof 
garden. 


2.7 FLOOR LIVE LOADS (ASCE 7, TABLE 4-1 OR IBC 1607.1) 


Floor live loads are occupancy loads that depend on the use of the structure. These loads are 
assumed to be uniform loads expressed in units of pounds per square foot (psf) and the val- 
ues are specified in building codes such as the IBC and the ASCE 7 load standard. The live 
loads are determined from statistical analyses of a large number of load surveys. The codes 
also specify alternate concentrated live loads for some occupancies because for certain de- 
sign situations, live load concentrations—as opposed to uniform live loads—may be more 
critical for design. The uniform floor live loads are most commonly used in practice; the con- 
centrated live loads are used only in rare situations where, for example, punching shear may 
be an issue, such as in thin slabs or in the design of stair treads where the concentrated loads 
instead of the uniform loads control the design of the member. For a more complete listing 
of the recommended minimum live loads, the reader should refer to Table 2-3 [2-2, 2-4]. In 
general, the actual floor live loads are usually smaller than the live loads prescribed in the 
building codes or Table 2-3, but there are some unusual situations where the actual load 
may be greater than the live loads prescribed in the codes. For such cases, the actual live load 
should be used for design. 


2.8 FLOOR LIVE LOAD REDUCTION 


To account for the low probability that floor structural elements with large tributary 
areas will have their entire tributary area loaded with the live load at one time, the IBC 
and ASCE 7 load specifications allow for floor live loads to be reduced provided that 
certain conditions are satisfied. The reduced design live load of a floor, L, in psf, is 


given as 
L= 1025 + 2 _| (2.2) 
‘oa V Ky Ar 


48 CHAPTER 2 


Table 2-3 Minimum uniformly distributed and concentrated floor live loads 
Minimum Uniformly Distributed and Concentrated Live Loads 


Uniform Load Concentrated Load 
Occupancy (psf) (Ib.) 


Balconies 
Exterior 


One- and two-family residences only, and not 
exceeding 100 ft.2 


Dining Rooms and Restaurants 


Office Buildings 
Lobbies and first-floor corridors 


Offices 
Corridors above first floor 


Residential (one- and two-family dwellings) 


Hotels and Multifamily Houses 
Private rooms and corridors serving them 
Public rooms and corridors serving them 


Roofs 
Ordinary flat, pitched, and curved roofs 


Promenades 

Gardens or assembly 

Single panel point of truss bottom chord or at 
any point along a beam 


Schools 
Classrooms 1,000 


Corridors above first floor 1,000 
First-floor corridors 1,000 


Stairs and exit ways 300 Ib. over an area 
One- and two-family residences only of 4 in.2 


Storage 
Light 
Heavy 


Stores 
Retail 


First floor 
Upper floors 
Wholesale 


Adapted from IBC, Table 1607.1 (ref. 4). 


= 0.50 L, for members supporting one floor (e.g., slabs, beams, and girders) 
= 0.40 L, for members supporting two or more floors (e.g., columns) 


L, = Unreduced design live load from Table 2-3 (IBC, Table 1607.1 or ASCE 7, 
Table 4-1) 


Ki, = Live load element factor (see ASCE 7, Table 4-2) 
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= 4 (interior columns and exterior columns without cantilever slabs) 


= 3 (edge columns with cantilever slab) 


= 2 (corner columns with cantilever slabs, edge beams without cantilever slabs, 
interior beams) 


= | (all other conditions) 


A; = Summation of the floor tributary area, in ft.’, supported by the member, 


excluding the roof area 


e For beams and girders (including continuous beams or girders), A; as defined in 
Section 2.5. 


¢ For one-way slabs, A; must be less than or equal to 1.5s” where s is the slabspan. 


e For a member supporting more than one floor area in multistory buildings, A; will be 
the summation of all the applicable floor areas supported by that member. 


The ASCE 7 load specification does not permit floor live load reductions for floors satisfy- 
ing any one of the following conditions: 


© Ki, Ar = 400 ft’; 

e Floor live load, L, > 100 psf; may be reduced 20% for members supporting 2 or more 
floors in nonassembly occupancies. 

e Floors with occupancies used for assembly purposes, such as auditoriums, stadiums, etc., 
because of the high probability of overloading; or 

e For passenger car garage floors, except that the live load is allowed to be reduced by 
20% for members supporting two or more floors. 


The following should be noted regarding the tributary area, A;, used in calculating the re- 
duced floor live load: 


1. The infill beams are usually supported by girders which, in turn, are supported by 
columns, as indicated in our previous discussions on load paths. The tributary area, 
A;, for beams is usually smaller than those for girders and columns and, therefore, 
beams will have smaller floor live load reductions than girders or columns. The ques- 
tion arises as to which A; to use for calculating the loads on the girders. 

2. For the design of the beams, use the A; of the beam to calculate the reduced live load 
that is used to calculate the moments, shears, and reactions. These load effects are 
used for the design of the beam and the beam-to-girder or beam-to-column connec- 
tions. Note that, in practice, because of the relatively small tributary areas for beams, 
it is common practice to neglect live load reduction for beams. 

3. For the girders, recalculate the beam reactions using the A; of the girder. These 
smaller beam reactions are used for the design of the girders only. 

4. For columns, A; is the summation of the tributary areas of all the floors with 
reducible live loads above the level at which the column load is being determined, 
excluding the roof areas. 


2.9 ROOF LIVE LOAD 


Roof live loads, L, are the weight of equipment and personnel on a roof during maintenance 
of the roof or the weight of moveable nonstructural elements such as planters or other dec- 
orative elements, or the use of the roof for assembly purposes. Like floor live loads, the 


50 


CHAPTER 2 


unreduced roof live loads are also tabulated in the ASCE 7 load standard. However, only live 
loads on ordinary flat, pitched, or curved roofs can be reduced as described in the follow- 
ing section. 


Roof Live Load Reduction for Ordinary Flat, Pitched, 
and Curved Roofs 


For ordinary flat, pitched, and curved roofs, the ASCE 7 load standard allows the roof live 
load, L,, to be reduced according to the following formulas (note that for all other types of 
roofs, L, = L,): 

Design roof live load, in psf, L, = L,R, Ro, (2-3) 


where 


12 psf = L, = 20 psf, and 
L, = Roof live load from ASCE 7, Table 4-1. 


The reduction factors, R,; and R, are calculated as follows: 


R, = 1.0 for A; = 200 ft. 

R, = 1.2 — 0.001A, for 200 ft.2 < A; < 600 ft” 
R, = 0.6 for A; = 600 ft.” 

R, = 1.0 forF=4 

Ry = 1.2 — 0.05F for4 < F < 12 

R, = 0.6 for F = 12 


F = Number of inches of rise per foot for a pitched or sloped roof 
(e.g., F = 3 for a roof with a 3-in-12 pitch) 
= Rise-to-span ratio multiplied by 32 for an arch or dome roof 


A, = Tributary area in square feet (ft.*) 
For landscaped roofs, it should be noted that the weight of the landscaped material should 


be included in the dead load calculations and should be computed assuming that the soil is 
fully saturated. 


Roof Live Load 


For the framing of the ordinary flat roof shown in Figure 2-2, determine the design 
roof live load, L,, for the following structural members: 
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6" 32!-0" 32-0" 
overhang 7 a 7 


= [20 spandrel beam 
Se) E ae column 


interior beam 


over! 


251-0" 


Nore column 


interior girder 
25'-0" 


spandrel girder 


Figure 2-2 Roof framing for example 2-7. 


Typical interior beam, 
Typical spandrel or perimeter beam, 
Typical interior girder, 


Typical spandrel girder, and 


Oo = @ Ee 


Typical interior column. 


SOLUTION 


The unreduced roof live load, L,, is 20 psf from ASCE-7, Table 4-1, and the tributary 
width and tributary areas are calculated in Table 2-4. 


Table 2-4 Tributary widths and areas 
Member Tributary Width (TW) Tributary Area (A;) 


Typical Interior Beam 25 ft/4 spaces = 6.25 ft. (6.25 ft.) (32 ft.) = 200 ft” 


Typical Spandrel Beam (25 ft./4 spaces)/2 (3.63 ft.) (32 ft.) = 116 ft.” 
+ 0.5 ft. edge 
distance = 3.63 ft. 


Typical Interior Girder 


200 
(Bn )(6 beams) = 600 ft.? 


Typical Spandrel Girder (0.5 ft. edge dist) (25 ft.) 


2 
4p (Bn Jos beams) = 313 ft? 


Typical Interior Column (32 ft.) (25 ft.) = 800 ft. 


(continued) 
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a. Tributary area, Ay = 200 ft.’, therefore, R, = 1.0 
For a flat roof, F = 0, therefore, R, = 1.0 
Using equation (2-3), the design roof live load, L, = 20 (1.0) (1.0) = 20 psf 


b. Tributary area, A; = 116 ft.’, therefore, R; = 1.0 
For a flat roof, F = 0, therefore, R, = 1.0 
Design roof live load, L, = 20 (1.0) (1.0) = 20 psf 


c. Tributary area, A; = 600 ft.°, therefore, R, = 0.6 
For a flat roof, F = 0; therefore, R, = 1.0 
Design roof live load, L, = 20 (0.6) (1.0) = 12 psf 


d. Tributary area, A; = 313 ft.”, therefore, R, = 1.2 — 0.001 (313) = 0.89 
For a flat roof, F = 0, therefore, R, = 1.0 
Design roof live load, L, = 20 (0.89) (1.0) 


17.8 psf 


e. Tributary area, Ay = 800 ft.’, therefore, R, = 0.6 
For a flat roof, F = 0, therefore, R, = 1.0 
Design roof live load, L, = 20 (0.6) (1.0) = 12 psf 


To determine the total design load for the roof members, the calculated design roof 
live load, L,, will need to be combined with the dead load and other applicable loads 
using the load combinations from Section 2.3. 


EXAMPLE 2-8 


Column Load With and Without Floor Live Load Reduction 


A three-story building, with columns that are spaced at 20 ft. in both orthogonal 
directions, is subjected to the roof and floor loads shown below. Using a tabular for- 
mat, calculate the cumulative factored and unfactored axial loads on a typical interior 
column with and without live load reduction. Assume a roof slope of % in./ft. for 
drainage. 


Roof Loads: 

Dead load, D,,.¢ = 30 psf 
Snow load, S = 30 psf 

Roof Live load, L, = per code 
Second and Third Floor Loads: 
Dead load, Dago. = 110 psf 
Floor Live Load, L = 40 psf 
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SOLUTION 


At each level, the tributary area, A;, supported by a typical interior column is 20 ft. x 
20, — 4001, 


Roof Live Load, L,: 

For an ordinary flat roof, L, = 20 psf (ASCE 7, Table 4-1). 

From Section 2.9, the roof slope factor, F, is 0.25; therefore, R, = 1.0. 
Since the tributary area, A;, of the column = 400 tae R, = 1.2—0.001 
(400) = 0.8 

Using equation (2-3), the design roof live load is 


L, = L,R\Ry = 20 R,Ry = 20 (0.8) (1.0) = 16 psf, 
Since 12 psf < L, < 20 psf; therefore, L, = 16 psf. 


L,.is smaller than the snow load, S = 30 psf; therefore, the snow load, S, is more crit- 
ical than the roof live load, L,, in the applicable load combinations. All other loads, 
such as W, H, T, F, R, and E, are zero for the roof or floors. The applicable LRFD load 
combinations from Section 2.3 that will be used to calculate the factored column axial 
loads are 

1. 1.4D 
, WWE) ae Ieeyh sr OSS 
» ILD se LOS se OSIL 
5 LAD se OSL sr OSS 
» LAD =F OSL s& O28 
0.9D 
. 0.9D 


The corresponding ASD load combinations for calculating the unfactored column 
axial loads are 

, /D) 

Q), JD) =P IL 

10, =F 8 

iil, (2) sp OL7evb =P L758 

12, 1D 

13, 12 sp O.7evL sr 0,758 

14. 0.6D 

15. 0.6D 


(continued) 
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A close examination of these load combinations will confirm that load combinations 
1 and 4 through 7 are not the most critical combinations for the factored axial load on 
the column. The most critical factored load combinations are load combinations 2 
(1.2D + 1.6L + 0.5S) and 3 (1.2D + 1.6S + 0.5L). A similar examination of the 
ASD load combinations reveals that load combinations 9 (D + L) and 11 (D + 0.75L 
+ 0.75) are the two most critical load combinations for the calculation of the unfac- 
tored axial load on the typical interior column for this building. 


The reduced or design floor live loads for the second and third floors are calculated 
using Table 2-5. 

Using both load LRFD combinations 2 (i.e., 1.2D + 1.6L + 0.5S) and 3 (1.2D + 
1.6$ + 0.5L), the maximum factored column axial loads with and without floor live load 
reductions are calculated in Table 2-6. The corresponding values for the unfactored col- 
umn axial loads with and without floor live load reductions are calculated in Table 2-7. 

Therefore, the ground floor column will be designed for a cumulative reduced factored 
axial compression load of 156 kips; the corresponding factored axial load without floor live 
load reduction is 177 kips. The reduction in factored column axial load due to floor live 
load reduction is only 12% for this three-story building. Thus, the effect of floor live load 
reduction on columns and column footings is not critical for low-rise buildings. 

Although in the previous discussions and example we used the tributary area method 
in calculating the column loads, the column loads can also be determined by summing the 
reactions of all the beams and girders that frame into the column. This method will prove 
to be useful later when the columns have to be designed for combined axial loads and bend- 
ing moments due to the eccentricity of the beam and girder connections. 


Table 2-5 Reduced or design floor live load calculation table 


Member 


Third-floor 
column (i.e., 
column 
below roof) 


Levels 
Supported 


Roof only 


Unreduced 
Floor Live 
Load, L, 
(psf) 


A; (summation 
of floor 
tributary 

area) 


Live Load 
Reduction Factor, 


0.25 + 15/\/K,, A; 


Design 
Live Load, 
(L or S) 


Floor live load 
reduction NOT 
applicable to 
roofs 


30 psf 
(snow load) 


Second-floor 
column (i.e., 
column 
below third 
floor) 


1 Floor 
+ Roof 


(1 Floor) (400 ft.2) 


0.625 (40) = 
= 400 ft? 


kK, Ar = 1600 > 25 psf = 0.50 L, 
400 ft. 

.. Live load 

reduction 


allowed 


Ground or 
first-floor 
column (i.e., 
column 
below sec- 
ond floor) 


2 Floors 
+ Roof 


(2 Floors) (400 ft.?) 
= 800 ft? 


K, =4 

kK, Ar = 3200 > 
400 ft. 

.. Live load 
reduction 
allowed 


0.52 (40) = 
21 psf = 0.40 L, 


ss 


Table 2-6 Factored column load 


Factored 
Factored Uniform Factored Uniform Column Axial Cumulative 
Design Live Load at Each Load at Each Load, P at Factored Cumulative Maximum 
Live Load, L, Load Floor: Level, w,, Level, W,. Each Level, Axial Load, Factored Axial Cumulative 
Tributary (Sorl,orR L Roof: S Roof: 1.2D + 0.5S Roof: 1.2D + 1.68 (A;)(w,) or >P Load, >P Factored 
Area, Dead Load, ontheroof) orl,orR Floor: 1.2D + 1.6L Floor:1.2D0+0.5L (A;)(W,2) LC 2 LC 3 Axial Load, 
Level (ft.2) A, _D (psf) (psf) (psf) (psf) (psf) (kips) (kips) (kips) =P (kips) 


With Floor Live Load Reduction 


Roof co 84 20.4 or 33.6 20.4 


Third Floor 172 145 68.8 or 58 89.2 


Second Floor 166 143 66.4 or 57.2 156 


Without Floor Live Load Reduction 


Roof 51 84 20.4 or 33.6 20.4 


Third Floor 152 78.4 or 60.8 98.8 


Second Floor 400 78.4 or 60.8 177 


The maximum factored column loads (with floor live load reduction) are Third-story column (i.e., column below roof level) = 33.6 kips. 
Second-story column (i.e., column below the third floor) = 91.6 kips. 

First-story column (i.e., column below the second floor) = 156 kips. 

The maximum factored axial column loads (without floor live load reduction) are Third-story column (i.e., column below roof level) = 33.6 kips. 
Second-story column (i.e., column below the third floor) = 98.8 kips. 

First-story column (i.e., column below the second floor) = 177 kips. 
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Table 2-7 Unfactored column load 


Design Live Unfactored Total | Unfactored Total 
Load Load at Each Load at Each 
Tributary Live Load, L, Roof: S or L, Level, w,; Level, Wo 
Area, Dead (Sorl,orR orR Roof: D Roof: D + 0.75S 
(A;) Load,D onthe roof) Floor: L Floor: D + L Floor: D + 0.75L 
(ft?) (psf) ~— (psf) (psf) (psf) (psf) 


With Floor Live Load Reduction 


Unfactored 
Column Axial 
Load at Each 
Level, P = (A;) 
(Wes) or (A;)(W.2) 
(kips) 


Cumulative 
Unfactored 
Axial Load, 
=P D+L 
(kips) 


Cumulative 


Maximum 


Unfactored Axial Cumulative 
Unfactored 
Axial Load, 
>P (kips) 


Load, 
Pp 4.0.751+0.75s 


(kips) 


Roof 30 52.5 


12 or 21 


Third Floor 135 128.8 


54 or 51.5 


Second Floor 131 125.8 


52.4 or 50.3 


Without Floor Live Load Reduction 


Roof 30 52.5 


12 or 21 


Third Floor 140 


60 or 56 


Second Floor 140 


The maximum unfactored column loads (with floor live load reduction) are 
Third-story column (i.e., column below roof level) = 21 kips. 

Second-story column (i.e., column below the third floor) = 72.5 kips. 
First-story column (i.e., column below the second floor) = 122.8 kips. 

The maximum factored axial column loads (without floor live load reduction) are 
Third-story column (i.e., column below roof level) = 21 kips. 

Second-story column (i.e., column below the third floor) = 77 kips. 

First-story column (i.e., column below the second floor) = 133 kips. 


60 or 56 
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2.10 SNOW LOAD 


A ground snow map of the United States showing the 50-yr. ground snow loads, p,, is found 
in ASCE 7, Figure 7-1; however, for certain areas, specific snow load studies are required 
in order to establish the ground snow loads. The ground snow loads are specified in greater 
detail in the local building codes, and because relatively large variations in snow loads can 
occur even over small geographic areas, the local building codes appear to have more ac- 
curate snow load data for the different localities within their jurisdiction when compared to 
the snow load map given in ASCE 7. The value of the roof snow load depends on, but is usu- 
ally lower than, the ground snow load, p,, because of the increased effect of wind at the 
higher levels. The roof snow load is also a function of the roof exposure, the roof slope, the 
use of the building, the temperature of the roof—whether it is heated or not—and the ter- 
rain conditions at the building site; however, it is unaffected by the tributary area of a struc- 
tural member. The steeper the roof slope, the smaller the snow load, because steep roofs are 
less likely to retain snow, and conversely, the flatter the roof slope, the larger the snow load. 
Depending on the type of roof, the snow load can either be a uniform balanced load or an 
unbalanced load. A balanced snow load is a uniform snow load over the entire roof surface, 
while an unbalanced snow load is a partial uniform or nonuniform distribution of snow load 
over the roof surface or a portion of the roof surface. 
The procedure for calculating snow loads on a roof surface is as follows: 


1. Determine the ground snow load from Figure 7-1 of ASCE 7 or from the local snow 
map of the area. In mountainous regions, local snow maps take on even greater im- 
portance as the ASCE 7 values are often low for these areas or are not given, and 
local building codes can override ASCE 7. 

. Determine the snow exposure factor, C,, from ASCE 7, Table 7-2. 

. Determine the thermal factor, C,, from ASCE 7, Table 7-3. 


. Determine the snow load importance factor, /,, from ASCE 7, Tables 1-1 and 7-4. 


n Wh 


. Calculate the flat roof snow load, Pp from ASCE 7, equation 7-1: 


Flat roof snow load, py = 0.7 C, C, 1, p, (psf) (2-4) 


6. Determine the minimum flat roof snow load (ASCE 7, sections 7.3 and 7.3.4): 


Ifp, > 20 psf, py(minimum) = 201, (psf) (2-5) 
Ifp, = 20 psf, pp(minimum) = p,/J, (psf) (2-6) 


7. Determine the design snow load accounting for the sloped roof factor (ASCE 7, 
Figure 7-2): 


Design sloped roof snow load, p, = C,p, (psf) (2-7) 


8. Consider partial loading for continuous beams per ASCE 7, Section 7.5, where alter- 
nate span loading might create maximum loading conditions. 


9. The unbalanced loading from the effects of wind must be considered per ASCE 7, 
Section 7.6. 


10. Determine snow drift loads on lower roofs per ASCE 7, Section 7.7. 


11. Determine snow drift loads at roof projections and parapet walls per ASCE 7, Section 7.8. 
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12. 


13. 


14. 


Determine the effects of sliding snow from higher sloped roofs onto lower roofs per 
ASCE 7, Section 7.9. 

Check the requirements for rain-on-snow surcharge per ASCE 7, Section 7.10. 
Roofs with a slope of less than W/50 (where W is the horizontal distance in feet from 
eave to ridge) in areas where p, = 20 psf, must be designed for an additional rain- 
on-snow surcharge load of 5 psf. It should be noted that this additional load only ap- 
plies to the balanced load case, and does not need to be used for snow drift, sliding 
snow, and unbalanced or partial snow load calculations. 

Where the roof slope is less than % in./ft., the requirements for ponding instability 
should be checked per ASCE 7, Section 7.11. Ponding is the additional load that re- 
sults from rain-on-snow or melted snow water acting on the deflected shape of a flat 
roof, which, in turn, leads to increased deflection and therefore increased roof loading. 


The following should be noted with respect to using the “slippery surface” values in 
ASCE 7, Figure 7-2, to determine the roof slope factor, C;,: 


e Slippery surface values can only be used where the roof surface is free of obstruction 


and sufficient space is available below the eaves to accept all of the sliding snow. 
Examples of slippery surfaces include metal; slate; glass; and bituminous, rubber, and 
plastic membranes with a smooth surface. 


e Membranes with imbedded aggregates, asphalt shingles, and wood shingles should not 


be considered slippery. 


EXAMPLE 2-9 


Balanced Snow Load 


An office building located in an area with a ground snow load of 85 psf, has an essen- 
tially flat roof with a slope of % in. per foot for drainage. Assuming a partially exposed 
heated roof and terrain category ‘C’, calculate the design roof snow load using the 
ASCE 7 load standard. 


SOLUTION 


The ground snow load, p, = 85 psf. 
Roof slope, 8 (for 4 in./ft. of run for drainage) = 1.2 degrees 


From ASCE 7, Table 7-2, exposure factor, C, = 1.0 (partially exposed roof and ter- 
rain category C) 


From ASCE 7, Table 7-3, thermal factor, C, = 1.0 (for heated roof) 
From IBC, Table 1604.5 (or ASCE 7, Tables 1-1 and 7-4), importance factor, J, = 1.0 
From ASCE 7, Figure 7-2 (8 = 1.2 degrees), and assuming a heated roof, C, = 1.0 


From equation (2-4), the flat roof snow load, p; = 0.7 C, C, 1, P, 


= (0.7) (1.0) (1.0) (1.0) (85) = 59.5 psf 
> Pfminimum — 201, =~ 20(1.0) = 20 psf 


Using equation (2-7), the design roof snow load, p, = C, pp = (1.0) (59.5) = 59.5 psf 


The calculated snow load above will need to be combined with the dead load and all 
the other applied loads using the load combinations given in Section 2.3. 
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Windward and Leeward Snowdrift 


Snowdrift loads on the lower levels of multilevel roofs are caused by wind transporting snow 
from the higher roof and depositing it onto the lower roof or to balconies or canopies. It 
can also occur where the wind encounters roof obstructions, such as high roof walls, pent- 
houses, high parapet walls, and mechanical rooftop units, and the snow is deposited on the 
windward side of the obstruction. The snowdrift loads are additional snow loads on the 
lower roof that are superimposed on the balanced snow load. The distribution of the snow- 
drift load is assumed to be triangular in shape (see Figure 2-3). The two kinds of snowdrift 
are windward and leeward drift. Windward snowdrift occurs when the wind moves the 
snow from one area of a roof to another area on the same roof against a wall or other suf- 
ficiently high obstruction. Leeward snowdrift occurs as the wind moves the snow from an 
upper roof and deposits the snow on a leeward low roof adjacent to the wall of the higher 
roof building. It should be noted that the snowdrift load is an additional load and has to be 
superimposed on the balanced flat roof snow load, pgr. 

The procedure for calculating the maximum height of the triangular snowdrift load is 
as follows (ASCE 7, Sections 7.7, 7.8, and 7.9): 


1. Calculate the density of snow,y(pcf) = 0.13 p, + 14 = 30 pef, (2-8) 


where p, = Ground snow load in pounds per square foot obtained from the snow 
map in the governing building code. 


2. Calculate the height of balanced flat roof snow load, h, = p;/Y, 
where p, is the flat roof snow load. 

3. Calculate the difference in height, / (in feet), between the high and low roof, and cal- 
culate the additional wall height, h,, available to accommodate the drifting snow, 
where h, = h— hy. 

4. Where h Sh, or h,/h, < 0.2, the snowdrift is neglected and the low roof is designed 
for the uniform balanced snow load, Py 

5. The maximum drifting snow height in feet, /,, is the higher of the values calculated 
using equations 2-9a and 2-9b in Table 2-8. 


Table 2-8 Snowdrift heights 


Windward snowdrift (i.e., snowdrift on the = hy = 0.75(0.43[L]**[p, + 10] — 1.5) (2-9a) 
low roof on the windward side of the L = L, = Length of low roof = 25 ft. 
building 


Leeward snowdrift (i.e., snow drift on the hg = (0-43[L]“[p, + 10] — 1.5) (2-9b) 
low roof on the leeward side of the 
building 


Ly = Total length of upper roof = 25 ft. 


6. hz, is the larger of the two values calculated from the previous step. 
If hy = h,, use h, in steps 7 and 8, but if hy = h,, set hy = h, in steps 7 and 8. 

7. The maximum value of the triangular snowdrift load in pounds per square foot (psf) 
is given as 


Psp = yha (psf) (2-10) 
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8. This load has to be superimposed on the uniform balanced flat roof snow load, py. 
9. The length of the triangular snowdrift load, w, is calculated as follows: 


Ifhg<h., w = 4h, (feet) (2-1 1a) 
Ifhg > hh, w= 4h3/h,< 8h, (and use hy = h,) (2-11b) 


Where the drift width, w, exceeds the length of the lower roof, L,, the snowdrift load 
distribution should be truncated, but not reduced to zero, at the edge of the low roof 
(see Figure 2-3). 


Sliding Snow Load 


Where a higher pitched or gable roof is adjacent to a lower flat roof, there is a tendency 
for snow to slide from the higher roof onto the lower roof. The ASCE 7 load standard as- 
sumes that only 40% of the snow load on the pitched roof will slide onto the lower roof 
because of the low probability that the snow load on both the pitched roof and the low 
roof will be at their maximum values at the same time when sliding occurs. The magni- 
tude of the snow that slides from a pitched roof (slippery roof with slopes greater than 
/ in./ft. or nonslippery roof with slopes greater than 2:12) onto a lower flat roof is as- 
sumed to be a uniform load, ps, distributed over a length of 15 ft. on the lower roof. This 
snow load is in addition to the flat roof balanced snow load, Pyjower, on the lower roof. 
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Figure 2-3 Snowdrift diagrams. 
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Figure 2-5 Effect of separation between 


Figure 2-4 Sliding snow diagram. adjacent buildings on snowdrift load. 


Therefore, the maximum uniform snow load on the lower roof due to balanced and slid- 
ing snow is Psy + Pfiower 


where 
7 0.4 Prupper W 


2-12 
I5ft. ( ) 


Psu 


W = Horizontal distance from the eave to the ridge of the higher roof as shown in 
Figure 2-4, and 


L, = Length of the lower roof. 


Where the length of the lower roof is less than 15 ft., the total sliding snow load on the 
lower roof will be proportionally smaller; however, the uniformly distributed sliding snow 
load in pounds per square foot is still calculated using equation (2-12). 


Horizontal Separation Between Multilevel Adjacent Roofs 


Where two adjacent buildings with different roof heights are separated by a horizontal 
distance S (in feet), as shown in Figure 2-5, the maximum snowdrift load, y,4,, 1s mod- 
ified by a factor of (20 — S)/20. Therefore, the maximum snowdrift load on the lower roof 
is given as 

(20 — S) 


h 2-1 
20 Ysa ( 3) 


Psp — 


When S = 20 ft., no snowdrift load is assumed to occur on the lower roof. 


Windward Snowdrift at Roof Projections 


When drifting snow transported by wind is obstructed by a roof projection such as high 
parapets, signs, and rooftop units (RTU), snow will tend to accumulate on the windward side 
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windward 
drift 


low 
roof 


parapet * 


of the projection. This windward snowdrift load can be neglected if the width of the roof pro- 
jection perpendicular to the snowdrift is less than 15 ft. [2] For all other cases, the snowdrift 
load distribution is assumed to be triangular (see Figure 2-6) in shape, with a maximum 
magnitude of 


Psp = Yshap (2-14) 


where 
yY = Density of snow, 
hg = Windward snowdrift height = 0.75 (0.43 [L]'7[p, + 10]'4 — 1.5) (2-15) 


L = Length of roof on the windward side of the roof projection = 25 ft. 


The length of the triangular snowdrift load, w, is determined using equations (2-9a) and 
(2-9). 


Partial Loading for Continuous and Cantilevered 

Roof Beams 

In addition to designing continuous or cantilevered flat roof beams for the balanced 
design roof snow load, p,, Section 7.5 of ASCE 7 prescribes a pattern of full and par- 
tial loading for the design of continuous beams. It involves applying one-half of the de- 
sign snow load and the full design snow load in a checkered pattern that creates 
maximum load effects. The three different load cases specified in ASCE 7 are illus- 
trated in Figure 2-7. 
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Figure 2-6 Snowdrift due to roof projections. Figure 2-7 Partial loading diagram for continuous roof 


beams. 
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EXAMPLE 2-10 


Balanced, Snowdrift, and Sliding Snow Load 


A building located in an area with a ground snow load of 85 psf, has a lower flat roof adjacent to a pitched higher 
roof with a 30-degree slope as shown in Figure 2-8. Assume a fully exposed roof and terrain category C, and a warm 
roof with C, = 1.0. 


e Calculate the design snow loads for the upper roof using ASCE 7, 
e Calculate the design snow load for the lower roof, considering snowdrift and sliding snow, and 


e Determine the most critical average snow loads on beams A and B, assuming a typical beam spacing 


of 4 ft. 
\ beam'C’ 
Li = 100! 
Figure 2-8 Building section for example 2-10. 
SOLUTION 


High-pitched Roof 


The ground snow load, p, = 85 psf 
High roof slope, 8 = 30 degrees 


From ASCE 7, Table 7-2, C, = 0.9 (fully exposed roof and terrain category C) 
From ASCE 7, Table 7-3, C, = 1.0 

From ASCE 7, Tables 1-1 and 7-4, importance factor, /, = 1.0 

From ASCE-7, Figure 7-2 (for 8 = 30 degrees), and with a warm roof, C, = 1.0 


Flat roof snow load, — Prupper = 0.7 C. C, 1s Pe 


= (0.7)(0.9)(1.0)(1.0)(85) = 54 psf 
> p;(minimum) = 20/, = 20(1.0) = 20 psf 
Design roof snow load for the higher roof, p, = C, py = (1.0)(54) = 54 psf 


Lower flat roof (adjacent to higher pitched roof) 

Two load cases will be considered for the lower flat roof: drifting and sliding snow. 
Case 1: Balanced Snow Load + Triangular Snowdrift Load 
The ground snow load p, = 85 psf 


Lower roof slope, 8 = 1.2 degrees (1.e., 4 in. per foot of slope for drainage) : 
(continued) 
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The roof is assumed to be fully exposed and a terrain category C is assumed. (See ASCE 7, Section 6.5.6 for def- 
initions of terrain categories.) 


From ASCE 7, Table 7-2, exposure factor, C, = 0.9 (fully exposed roof and terrain category C) 
From ASCE 7, Table 7-3, thermal factor, C, = 1.0 

From ASCE 7, Tables 1-1 and 7-4, importance factor, 7, = 1.0 

From ASCE 7, Figure 7-2 (for @ = 1.2 degrees), and assuming a warm roof, C, = 1.0 


Flat roof snow load, Prupper = 0.7 C, C, 1, Py 
(0.7) (0.9) (1.0) (1.0) (85) = 54 psf 
p,; (minimum) = 20/, = 20(1.0) = 20 psf 


Design roof snow load for the lower roof, p, = C, pp = (1.0)(54) = 54 psf 


V 


Snowdrift on lower roof: 


1. Ground snow load, p, = 85 psf 
Density of snow, y (pcef) = 0.13 p, + 14 = 30 pef 
Y (pef) = 0.13 (85) + 14 = 25 pef = 30 pcf 


2. Height of balanced flat roof snow load, h, = p;/y = 54 psf/25 pef = 2.2 ft. 


3. Height difference between the high and low roof, h = 10 ft. 
Additional wall height available for drifting snow, h, = h—h, = 10 ft. — 2.2 ft. = 7.8 ft. 


4. h = 10 ft. > h, = 2.2 ft., and h,/h, = 7.8 ft./2.2 ft. = 3.55 > 0.2; therefore, snowdrift must be 
considered. 


5. The maximum height in feet, h,, of the drifting snow is calculated as shown in Table 2-9: 


Table 2-9 Snowdrift heights 


Type of Snowdrift Height of Snowdrift, h, 


Windward snowdrift (i.e., snowdrift —p,, = 0.75(0.43[100]"°[85 + 10]* — 1.5) = 3.55 ft. 
on the low roof on the windward 


side of the building L, = Length of low roof = 100 ft = 25 ft. 


Leeward snowdrift (i.e., snowdrift hg = (0.43[80]*9[85 + 10]! — 1.5) = 4.29 ft. 
on the low roof on the leeward side 
of the building L = Ly = Total length of upper roof = 80 ft = 25 ft. 


6. hy = Larger of the two values calculated from the previous step = 4.29 ft. 
Since hy, = 4.29 ft. = h. = 7.8 ft., use hz in steps 7 and 8. 


7. The maximum value of the triangular snowdrift load in pounds per square feet (psf) is given as 
Psp = yha = (25 psf)(4.29 ft.) = 107 psf. 


This load must be superimposed on the uniform balanced flat roof snow load. 
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8. The length of the triangular snowdrift load, w, is calculated as follows: 


Since hy = h,, w = 4h, = (4)(4.29 ft.) = 17 ft. (governs) 
= 8h. = 8(7.8 ft.) = 63 ft. 


The resulting snowdrift load diagram is shown in Figure 2-9a. 


Prupper = Ps = 54 psf 


Prupper = Ps = 54 psf 


w= 17! 


Psp= 107 psf 


Figure 2-9a Sliding snow and snowdrift diagrams. 


Case 2: Balanced Snow Load + Uniform Sliding Snow Load 
From Case 1, pp = 54 psf and p, = 54 psf. 


Sliding snow load on lower roof: 


The ASCE 7 load standard prescribes the snow that slides from a pitched roof onto a lower flat roof as equal to 
a uniform load, ps;, distributed over a length of 15 ft. on the lower roof. This load is superimposed on the flat 


roof balanced snow load, Ppjower, for the lower roof. 


W = Horizontal distance from eave to ridge of the higher roof = 40 ft. > 15 ft. 


Psu. = 0.4 Prupper W/15 ft. = (0.4)(54 psf)(40 ft.)/C15 ft.) = 58 psf (uniformly distributed over 15 ft. length) 


(continued) 
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Therefore, the maximum uniform snow load on the lower roof due to sliding snow is 


Pst + Priower = 58 + 54 = 112 psf. 


The resulting sliding snow diagram is shown in Figure 2-9a. The low roof structure must be designed and ana- 
lyzed for combined balanced snow plus snowdrift and combined balanced plus sliding snow, to determine the worst 


case loading on the roof members. 


Loads on Beams A and B Due to Snowdrift 


107 psf average drift load = 101 psf 
a Pesos : 
| ; 


aI ene snow load = 54 psf 
D it, 


beam 'B' drift load 


| (ova snow load = 58 psf 
tM 


a a snow load = 54 psf 


beam 'B' sliding snow load 


Figure 2-9b Loads on Beam “A” and Beam “B.” 


Beam A (see Figure 2-9b) 


Sox average drift load = 82 psf 


OS nianced snow load = 54 psf 


beam 'A' drift load 


(ee: snow load = 58 psf 


Yo | balanced snow load = 54 psf 
ry dd If 


paite E ft. |, 


beam 'A' sliding snow load 


From similar triangles, the average snowdrift load on beam A is obtained from Figure 2-9b 


Pave = (17 ft. — 4 ft.)(107 psf/17 ft.) = 82 psf, and 


Snowdrift + Balanced snow loads, S = payg + pp = 82 psf + 54 psf = 136 psf. 


Beam B (see Figure 2-9b) 


From similar triangles, the snowdrift load midway between beams A and B is obtained from Figure 2-9b 


yan = (17 ft. — 2 ft.)(107 psf/17 ft.) = 94.4 psf, 


Average snowdrift load on beam B = (107 + 94.4)/2 = 101 psf, and 
Snowdrift + Balanced snow load, S = Average snowdrift + py = 101 psf + 54 psf = 155 psf. 
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Loads on Beams A and B Due to Sliding Snow 
BeamA 


Sliding snow + Balanced snow loads, S = 58 psf + pp = S58 psf + 54 psf = 112 psf 


This is less than the Snowdrift + Balanced snow load of 136 psf calculated previously for beam A; therefore, the 
most critical design snow load for beam A is S, = 136 psf. 


Beam B 
Sliding snow + Balanced snow loads, S$ = 58 psf + pp = 58 psf + 54 psf = 112 psf 


This is less than the Snowdrift + Balanced snow load of 155 psf calculated previously for beam B; therefore, the 
most critical design snow load for beam B is Sg = 155 psf. 


The design snow loads will need to be combined with the dead load and all other applicable loads using the load 
combinations in Section 2-3 to determine the most critical design loads for the beams. As a practice exercise, the 
reader should determine the most critical design snow load for beam C. Will snowdrift or sliding snow control 
the design for beam C? 


Snowdrift Due to Rooftop Units and Parapets 


A flat roof warehouse building located in an area with a ground snow load of 
50 psf, has 3-ft.-high parapets around the perimeter of the roof and supports a 
12-ft. by 22-ft. by 13-ft.-high cooling tower located symmetrically on the roof 
(see Figure 2-10). Assuming a partially exposed roof in a heated building in 
terrain category C, 


e Calculate the flat roof and design snow loads for the warehouse roof using 
ASCE 7. 


e Determine the design snowdrift load around the parapet, and 
e Determine the design snowdrift load around the cooling tower. 


(continued) 
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100' 


Building plan 


Ga) 
parapet ~~ 


Building section 
Figure 2-10 Building section for example 2-11. 


SOLUTION 


Flat Roof 
Case 1: Balanced Snow Load + Triangular Snowdrift Load 
The ground snow load, p, = 50 psf 


Roof slope, @ = 1.2 degrees (for %4 in. per foot of slope for drainage) 


The roof is assumed to be partially exposed and terrain category C is assumed. (See 
ASCE 7, Section 6.5.6 for definitions of terrain categories.) 


From ASCE 7, Table 7-2, exposure factor, C, = 1.0 

From ASCE 7, Table 7-3, thermal factor, C, = 1.0 

From ASCE 7, Tables 1-1 and 7-4, importance factor, /, = 1.0 

From ASCE 7, Figure 7-2 (for @ = 1.2 degrees), and assuming a heated roof, C, = 1.0 


Flat roof snow load, pp = 0.7 C.C,1,p, = 0.7 X 1.0 X 1.0 X 1.0 X 50 = 35 psf 
> p,(minimum) = 20(1.0) = 20 psf 
Design roof snow load for the flat roof, p, = C, pp = 1.0 X 35 = 35 psf 


Snowdrift Around the Roof Parapet: 
1. Ground snow load, p, = 50 psf 


Density of snow, y (pcf) = 0.13 p, + 14 = 30 pef 
y = 0.13 (50) + 14 = 20.5 pef = 30 pef 
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. Height of balanced flat roof snow load, h, = p;/y = 35 psf/20.5 pef = 1.71 ft. 


. Height of parapet, h = 3 ft. 


Additional parapet height available for drifting snow, h, = h—h, = 3 ft. — 
1.71 ft. = 1.29 ft. 


Height of cooling tower, h = 13 ft. 


Additional cooling tower height available for drifting snow, h, = h—h, = 
13 ft. — 1.71 ft. = 11.29 ft. 


. Parapet: 


h = 3 ft. > h, = 1.71 ft., and h,/h, = 1.29 ft./1.71 ft. = 0.75 > 0.2; 
therefore, snowdrift must be considered around this parapet. 


Cooling Tower: 
h = 13 ft. > ty = 1.71 ft., and h,/h, = 11.29 ft./1.71 ft. = 6.6 ft. > 0.2 ft.; 
therefore, snowdrift must be considered around this cooling tower. 


. The maximum height in feet, hy, of the drifting snow around parapets and 
cooling tower is calculated as follows: 


Parapet: 
L = Length of the roof windward of the parapet = 100 ft. = 25 ft. 
hay = Snowdrift height around a parapet 
0.75 (0.43 [L]'7[p, + 10]4 — 1.5) 
0.75 (0.43 [100]'/? [50 + 10]!4 — 1.5) = 3.03 ft. 


Cooling Tower: 
Since the cooling tower is symmetrically located on the roof, the length of the 
low roof on the windward side of the cooling tower is 


Ie, 


(100 ft. — 12 ft. width of tower)/2 = 44 ft. = 25 ft.; 
therefore, use L = 44 ft. 


hg = Snowdrift height around cooling tower 
O75 (O43 [ "|p. 10) sal) 
= 0.75 (0.43 [44]/7 [50 + 10] — 1.5) = 2ft. 


. Parapet: 
hp > Ott. 


Since hy, = 3 ft. >h, = 1.29 ft.; therefore, use hy, = h, = 1.29 ft. for 
calculating Psp. 


Cooling Tower: 
hg, = 2 ft. 
Since hg, = 2 ft. <h, = 11.29 ft.; therefore, use hy, = 2 ft. for calculating pgp. 


(continued) 
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7. The maximum value of the triangular snowdrift load in pounds per square feet 
(psf) is determined as follows: 


Parapet: 
Psp = Yhap = (20.5 psf) (1.29 ft.) = 26.4 psf 
This load must be superimposed on the uniform balanced flat roof snow load. 
Cooling Tower: 
Psp = Yhap = (20.5 psf) (2 ft.) = 41 psf 
This load must be superimposed on the uniform balanced flat roof snow load. 
8. The length of the triangular snowdrift load, w, is calculated as follows: 


Parapet: 


Since ny = haw — 4 — 4 (3.03 tL.)2/20 — 28.5 tt 
2) = Se) = an, 
“w = 103 ft. 


Cooling Tower: 


Since yy < haw = 4hg = 4(2 ft) = 8 ft. 
<8h, = 8(11.29 ft.) = 90.3 ft. 
w = 8 ft. 


The resulting diagrams of snowdrift near the parapet and the cooling tower are shown 
in Figure 2-11. 


Psp = 26.4psf 


hg=1.29" 
pled ly 


Figure 2-11 Diagrams of snowdrift for Example 2-11. 
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2.11 RAIN LOADS (ASCE 7, CHAPTER 8) 


Rain loads are applicable only to flat roofs with parapets since accumulation of rain will gen- 
erally not occur on roofs without parapets or on pitched roofs. The higher the roof parapet, 
the greater the rain load. Building [10] codes require that roofs with parapets have two 
independent drainage systems—primary and secondary (or overflow) drains at each drain 
location [2]. The secondary drain must be located at least 2 in. above the main roof level 
where the primary drain is located; the secondary drawn takes care of roof drainage in the 
event that the primary drain is blocked. The design rain load, R, is calculated based on the 
assumption that the primary drainage system is blocked (see Figure 2-12). Thus, the total 
depth of water to be considered is the depth from the roof surface to the inlet of the second- 
ary drainage plus the depth of water that rises above the inlet of the secondary drainage due 
to the hydraulic head of the flowing water. 

Roof drainage is a structural engineering, architectural, and mechanical engineering or 
plumbing issue; therefore, proper coordination is required among these disciplines to ensure 
adequate design. For flat roofs with slopes less than % in. per foot for drainage, ponding or 
the additional rain load due to the deflection of the flat roof framing must also be consid- 
ered in the design. Some roof structures have failed because of the additional rain load ac- 
cumulated as a result of the deflection of the flat roof framing. 

Assuming that the primary drainage is blocked, the rain load, R is given as 


R (psf) = 5.2 (d, + d,), (2-16) 

where 

d, = Depth in inches from the undeflected roof surface to the inlet of the secondary drainage 
system (i.e., the static head of water), 


d;, = Depth of water in inches above the inlet of the secondary drainage (i.e., the 
hydraulic head) obtained from ASCE 7, Table C8-1. The hydraulic head is a func- 
tion of the roof area, A, drained by each drain, the size of the drainage system, and 
the flow rate, Q, 


Q = Flow rate in gallons per minute = 0.0104 Ai, 
A = Roof area drained by the drainage system, ft”, and 


i = 100-yr., 1-hr. rainfall intensity (in inches per hour) for the building location specified in 
the plumbing code. 


secondary drain 
(scupper) 


dh) 


a ia surface 


gi XN secondary drain 


primary drain (pipe) 
(pipe) 


Figure 2-12 Rain drainage types. 


72 CHAPTER 2 


Rain Loads 


The roof plan for a building located in an area with a 100-yr., 1-hr. rainfall intensity 
of 4 in./hr. is shown in Figure 2-13 below. 


a. Assuming a 4-in.-diameter secondary drainage pipe that is set at 3 in. above the 
roof surface, determine the design rain load, R. 

b. Assuming a 6-in.-wide channel scupper secondary drainage system that is set at 
3 in. above the roof surface, determine the design rain load, R. 

c. Assuming a 24-in.-wide, 6-in.-high closed scupper secondary drainage system 
that is set at 3 in. above the roof surface, determine the design rain load, R. 


50! 


x 


(low point) (low point) 
Figure 2-13 Roof drainage plan. 


SOLUTION 


a. 4-in.-diameter secondary drainage 


d, = Depth in inches from the undeflected roof surface to the inlet of the sec- 
ondary drainage system (i.e., the static head of water) = 3 in. 


120 ft. 
A = Area drained by one secondary drainage = ea (50 ft.) = 3000 ft. 


i= 100-yr., 1-hr. rainfall intensity = 4 in./hr. (given) 
= 0.0104 Ai = (0.0104) (3000 ft.) (4 in.) = 125 gal./min. 


© 
| 


Using ASCE 7, Table C8-1 for a 4-in.-diameter secondary drainage system with a 
flow rate, Q = 125 gal./min., we find by linear interpolation that 


d;, = Depth of water in inches above the inlet of the secondary drainage system 
(Qin, = I iin.) 
(170 — 80) 


(125 — 80) + lin. = 1.5in. 


Using equation (2-16), the rain load is 


R (psf) = 5.2 (d, + d,) = 5.2 (3in. + 1.5in.) = 24 psf 
(assuming primary drainage is blocked). 
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b. 6-in.-wide channel scupper 


d, = Depth in inches from the undeflected roof surface to the inlet of the sec- 
ondary drainage system (i.e., the static head of water) = 3 in. 
A = Area drained by one secondary drainage = 3000 ft’. 
i = 100-yr., 1-hr. rainfall intensity = 4 in./hr. 
Q = 0.0104 Ai = (0.0104) (3000 ft.”) (4 in.) = 125 gal./min. 


Using ASCE 7, Table C8-1 for a 6-in.-wide channel scupper secondary drainage 
with a flow rate, Q = 125 gal./min., we find by linear interpolation that 


d;,, = Depth of water in inches above the inlet of the secondary drainage system 
(4in. — 3 in.) aeons ae 
= = =p Sui, = oH win 
(140 — 90) ( ) in in 


Using equation (2-16), the rain load is 


R (psf) = 5.2 (d, + d,) = 5.2 (3in. + 3.7in.) = 35 psf 
(assuming primary drainage is blocked) 


c. 24-in.-wide, 6-in.-high closed scupper 
d, = Depth in inches from the undeflected roof surface to the inlet of the sec- 
ondary drainage system (i.e., the static head of water) = 3 in. 
A = Area drained by one secondary drainage = 3000 ft.” 
i = 100-yr., 1-hr. rainfall intensity = 4 in./hr. 
Q = 0.0104 Ai = (0.0104) (3000 ft.*) (4 in.) = 125 gal./min. 


Using ASCE 7, Table C8-1 for a 24-in.-wide, 6-in.-high closed scupper system with 
a flow rate, Q = 125 gal./min., we find by linear interpolation that 


d,, = Depth of water in inches above the inlet of the secondary drainage 
(Qin, = isin.) 
~ (200 — 72) 


(125 — 72) + Lin. = 1.42 in. 


Using equation (2-16), the rain load is 


R (psf) = 5.2 (d, + d,) = 5.2 (3in. + 1.42in.) = 23 psf 
(assuming primary drainage is blocked) 


2.12 ICE LOADS DUE TO FREEZING RAIN (ASCE-7, CHAPTER 10) 


The weight of ice formed on exposed structures such as towers, cable systems, and pipes in 
the northern parts of the United States due to freezing rain must be accounted for in the de- 
sign of these structures; it is quite common in these areas to see downed power lines and tree 
limbs due to the weight of accumulated ice loads. Figure 2-14 shows ice accumulation on 
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Figure 2-14 Ice accumulation on exposed tree limbs. 


exposed tree limbs in Rochester, New York, during an ice storm. Similar ice accumulations 
occur on exposed structural steel members. The weight of ice on these structures is usually 
added to the snow load on the structure. 

The procedure for calculating the ice load on a structural element is as follows: 


1. Determine the occupancy category of the structure from ASCE 7, Table 1-1. 


2. Determine the 50-yr. mean recurrence interval uniform nominal ice thickness, t, and 
the concurrent wind speed, V,, from ASCE-7, Figures 10-2a or 10-2b. 


3. Determine the topographical factor, K,,: 


K, = (1 + K,KK3)? = 1.0 for flat land (per ASCE 7, Section 6.5.7.2), (2-17) 


where the multipliers K,, Kj, and K3 account for wind speedup effect for buildings 
located on a hill or escarpment and are determined from ASCE 7, Figure 6-4. 


4. Using the structure category from step 1, determine the importance factor, /;, from 
ASCE 7, Table 10-1. 


5. Determine the height factor, f:: 


Zz 0.10 
p= (2) su (2-18) 


where z = Height of the structural member in feet above the ground. 
6. The design uniform radial ice thickness in inches due to freezing rain is given as 


p= 20 ie (2-19) 
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7. The weight of ice on exposed surfaces of structural shapes and prismatic members is 
as follows: 


Ice load, D; = YiceTty(D. + ty), in pounds per foot, (2-20) 
where 


D,. = Characteristic dimension, shown for various shapes in ASCE 7-05, Figure 10-1, and 


Vice = Density of ice = 56 pcf (minimum value per ASCE 7, Section 10.4.1). 
For large 3-D objects, the volume of ice is calculated as follows: 


Flat plates: Vi = Amt, X Area of one side of the plate G51) 
nN 


0.8 for vertical plates 
= 0.6 for horizontal plates 


Domes or spheres: V; = mt, X (ar’) (2-22) 


The ice load, D;, must now be combined with the dead load and all other applicable 
loads in the load combinations given in Section 2-3. It should be noted that the load 
combinations have to be modified according to ASCE 7, Sections 2.3.4 and 2.4.3 
when ice loads are considered. 


8. Determine the dead load, D, of the structural member in pounds per foot. 
9. Determine the snow load, S on the ice-coated structural member. 
10. Determine the live load, L, of the pipe due to the liquid carried in the pipe. 


11. Determine the wind-on-ice load, W;, using the methods discussed in Chapter 3 and 
taking into account the increased projected surface area of the ice-coated structural 
member that is exposed to wind (see Section 10 of ASCE 7). 


12. Calculate the maximum total load using the modified load combinations that in- 
cludes ice loading. The load combinations from Section 2.3 are modified per ASCE 
7, Section 2.3.4 as follows: 


2: 12(D+F+7)+16(L+H)+0.2D,+ 0.58 
4: 12D+L+D,+W,+ 05S 

6: 0.9D + D, + W, + 1.6H 

9: D+H+F+L+T+0.7D, 
10: D+H+F+0.7D,+0.7W,+S 
14: 0.6D + 0.7D,; + 0.7W, + H 


Ice Loads 


Determine the ice load, dead load, and live load on exposed 50-in.-diameter horizontal steel 
pipes for a chemical plant. The pipes have a wall thickness of 1 in. and carry a liquid with 
a density of 64 pcf. The top of the pipe is at an elevation of 100 ft. above the ground 
and the site is flat. Assume that the snow load is 35 psf, the density of the ice is 56 pcf, 
the density of the steel is 490 pcf, and the wind load on the pipe has been calculated to 
be 20 psf. Assume that the 50-yr uniform ice thickness, t, due to freezing rain is | in. 


(continued) 
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SOLUTION 


Ih. 


Determine the category of the structure (from ASCE 7, Table 1-1): 
Chemical plant = Category IV building (from ASCE 7, Table 1-1). 


. Determine the nominal ice thickness, f, and the concurrent wind speed, V,, 


from ASCE 7, Figures 10-2a or 10-2b: 


t = 1 in. (50-yr uniform ice thickness due to freezing rain) 


. Determine the topographical factor, K,,: 


K, = (1 + K,K,K;)* = 1.0 for flat land, 


zt 


. Using the structure category from step 1, determine the importance factor, J;, 


from ASCE 7, Table 10-1: 
Ik, = 1125), 


. Determine the height factor, f: 


0.10 0.10 
Zz 100 
a= (5) - Ga) 
33 33 
[i214 
i = IL 


where z = Height in feet above the ground = 100 ft. 


. The design uniform radial ice thickness in inches due to freezing rain is given as 


f= OULy (Ke)? = (Olin) 125) 02 10)° > 9 San, 


. The weight of ice on exposed surfaces of structural shapes and prismatic 


members is as follows: 


Ice load, D; = YiceTty(D. + ta) 
= (56 pef)(2.8 in./12)(50 in. + 2.8in.)/12 = 181 lb./ft., 


where 


D, = Characteristic dimension, shown for various shapes in 
ASCE 7, Figure 10-1 = 50 in. for 50-in.-diameter pipe, 
Vice = Density of ice = 56 pcf (minimum value per ASCE 7, Section 10.4.1), and 


. Determine the dead load, D, of the structural member in pounds per foot: 


moO im) ae (SO ine line din) 
Dead load of pipe, D = A = Fi (490 pef/144) 
. The snow load on the ice-coated pipe, S = 35 psf (D, + t,) 
50 in. 2.8 in. 
= f + 
sae ( 12 12 


154 lb/ft. 
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10. Determine the live load, L, of the pipe due to the liquid carried by the pipe: 


(501, — tiny — lin.) 


(4)(144) 


Live load in pipe, L = (64 pef) = 805 lb./ft. 


11. Calculate the wind-on-ice load, W,: 
W, = wind pressure X (D, + tz) = (20 psf) (50 + 2.8 in.)/12 = 88 Ib./ft. 


12. The ice load, D;, must now be combined with the dead load and other applica- 
ble loads to determine the maximum total load on the pipe. The most critical 
limit states load combinations for downward-acting loads are calculated below 
using modified load combinations, and recognizing that the loads F, T, and H 
are equal to zero, we get: 


1. 1.4D = 1.4 (524) = 734 Ib./ft. 


Qi 6h 0b 056 
= 1.2 (524) + 1.6 (805) + 0.2 (181) + 0.5 (154) = 2030 Ib./ft. (governs) 


3. 1.2D + 1.6 (L, or S or R) + (0.5L or 0.8W) 
= 1.2 (524) + 1.6 (154) + 0.5 (805) = 1278 Ib/ft. 


A 2D pW 055 
= 1.2 (524) + 805 + 181 + 88 + 0.5 (154) = 1780 Ib,/ft. 


Therefore, the controlling factored-downward load on the pipe and for which the pipe 
will be designed is 2030 Ib./ft. 


2.13 MISCELLANEOUS LOADS 


The following miscellaneous loads will be discussed in this section of the text: 


Fluid loads, 
Flood loads, 
Self-straining loads (e.g., temperature), 


Lateral pressure due to soil, water, and bulk materials, 

Impact loads (see Table 2-10), 

Live loads from miscellaneous structural elements such as handrails, balustrades, and 
vehicle barriers (see Table 2-11), and 

Construction loads (see Table 2-12). 


Fluid Loads, F 


The ASCE 7 load standard uses the symbol F to denote loads due to fluids with well-defined 
pressures and maximum heights. This load is separate and distinct from the soil or hydro- 
static pressure load, H, or the flood load, F’,. Not much guidance is given in ASCE 7 regard- 
ing this load, but since it has the same load factor as the dead load, D, in the LRFD load 
combinations, that would indicate that this load pertains to the weight of fluids that may be 
stored in a building or structure. 
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Table 2-10 Impact factors 


Type of Load or Equipment Impact Factor* 


Elevator loads 


Elevator machinery 


Light machinery or motor-driven units 


Reciprocating machinery or power-driven units 


Hangers supporting floors and balconies 


Monorail cranes (powered) 
Cab-operated or remotely operated bridge cranes (powered) 
Pendant-operated bridge cranes (powered) 


Bridge cranes or monorail cranes with hand-geared bridge, trolley, 
and hoist 


*All equipment impact factors shall be increased where larger values are specified by the equipment manufacturer. 


Table 2-11 Live loads on miscellaneous structural elements (ASCE-7, Section 4.4) 


Structural Element Live Load 


Handrails and ballustrades 50 lIb./ft. applied at the top along the length of 
the handrail or ballustrade in any direction 
or 
Single concentrated load of 250 Ib. applied in 
any direction at any point 


Grab bar Single concentrated load of 250 Ib. applied in 
any direction at any point 


Vehicle barriers for passenger cars 6000 Ib. of horizontal load applied in any direc- 
tion to the barrier system, acting at 18 in. above 
the floor or ramp surface over an area of 1 ft.? 


Fixed ladders with rungs Single concentrated load of 300 Ib. applied at 
any point to produce maximum load effect plus 
additional 300 Ib. of concentrated load for every 
10 ft. of ladder height 


Rails of fixed ladders extending above floor Concentrated load of 100 Ib. in any direction, at 
or platform any height 


Ship ladders with treads instead of rungs Live load similar to stairs (typically 100 psf); see 
ASCE 7-05, Table 4-1 


Anchorage for attachment of fall arrest Required factored load (per OSHA CFR 
equipment 1926.502(d)[15]) = 5000 Ib 
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Table 2-12 Construction live loads (from ASCE 37-05, Table 2 [5]) 


Uniform Construction Live Load (psf) 


Very Light Duty: sparsely populated with 
personnel; hand tools and small amounts of 
construction materials 


Light Duty: sparsely populated with person- 
nel; hand-operated equipment 


Medium Duty: concentrations of personnel 
and equipment/ materials 


Heavy Duty: heavy construction and place- 
ment of materials using motorized vehicles 


Flood Loads, F, 


This pertains to flood loads acting against a structure. The procedure for calculating flood 
loads is covered in Chapter 5 of ASCE 7. Most building structures are not subjected to flood 
loads, except for buildings in coastal regions. For load combinations, including flood load, 
refer to ASCE 7, Section 2.3.3. 


Self-Straining Force, T 


Self-straining loads (e.g., temperature) arise due to the restraining of movement in a struc- 
ture caused by expansion or contraction from temperature or moisture change, creep, or dif- 
ferential settlement. If these movements are unrestrained, the temperature force is practically 
zero. This is the case for most building structures, except for posttensioned members, where 
restrained shrinkage could lead to self-straining loads in the member. Some cladding sys- 
tems, when subjected to expansion due to temperature effects, could develop sizable self- 
straining forces, but these could be alleviated by proper detailing of the cladding connections. 


Lateral Pressure Due to Soil, Water, and Bulk Materials, H 


Lateral and hydrostatic pressures of soil on retaining walls and the lateral pressures exerted 
by bulk solids against the walls of bins and silos are denoted in ASCE 7 by the symbol H. 
This notation is also use to denote the upward hydrostatic pressures on base slabs and foun- 
dation mats of buildings since these upward forces usually act simultaneously with the lat- 
eral hydrostatic or soil pressures, depending on the elevation of the water table. 


Impact Loads (ASCE 7, Section 4.7) 


Impact loads are dynamic loads that are caused by the sudden application of a load on a struc- 
ture, resulting in an amplification of the static live load by the so-called impact factor. Only 
live loads can cause impact; therefore, only the live load is amplified by the impact factors. 
Thus, the service live load for the structure is the static live load multiplied by an impact fac- 
tor, which may range from 1.25 to greater than 2.0, depending on the cause of the impact 
and the elevation of the object relative to the structure. For structures subjected to impact 
loads from falling objects, the impact factor may be much larger than 2.0, depending on the 
height of the falling object above the structure. Examples of minimum impact factors 
specified in ASCE 7 are as shown in Table 2.10. 
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2.14 VERTICAL AND LATERAL DEFLECTION CRITERIA 


The limits on vertical deflections due to gravity loads are intended to ensure user com- 
fort and to prevent excessive cracking of plaster ceilings and architectural partitions. 
These deflection limits are usually specified in terms of the joist, beam, or girder span, 
and the deflections are calculated based on elastic analysis of the structural member 
under service or unfactored loads. The service loads, instead of the factored loads, are 
used in the deflection calculations because under the ultimate limit state, when failure 
is imminent, deflection of the structure is no longer important. However, under normal 
service conditions, the deflections are limited so that the occupants of the building do not 
become alarmed by any appreciable deflection, thinking the structure or member is about 
to collapse. The maximum allowable deflections recommended in IBC, Table 1604.3 are 
as follows [4]: 


L 
Maximum allowable floor deflection due to service live load = 360° 


L 
Maximum allowable floor deflection due to service total dead plus live load = 240° 


L 
Maximum allowable roof deflection due to service live load = 730° and 


Maximum allowable roof deflection due to service total dead plus live load = 240° 


where 


L = Simple span length of flexural member. 


For members that support masonry wall partition or cladding, and glazing, the allowable total 
deflection due to the weight of the cladding or partition wall, the superimposed dead load, 
and the live load should be limited to aks or 0.3 in., whichever is smaller, to reduce the like- 
lihood of cracking of the cladding or partition wall [7]. 

It should be noted that it is the deflection that occurs after the cladding is in place (i.e., 
live load deflection) that would be most critical because as the masonry cladding is being 
installed, the beam or girder deflects, and the masonry will tend to fit the shape of the de- 
flected member and any curvature in the wall can be corrected at the mortar joints by the 
mason. For prefabricated members or composite steel beams and girders, a camber is 
sometimes specified to help control the total deflection. To avoid too much camber, it is 
common practice to make the camber approximately equal to the dead load deflection of 
the structural member. Support restraints should also be considered and this is discussed 
in Chapters 6 and 7. 

For operable partition walls, the deflection under superimposed loads should be no 
greater than % in. per 12 ft of wall length, yielding a deflection limit of L/1152 [6]. 

There are also limits placed on the lateral deflection of steel buildings. These lateral de- 
flections are typically caused by wind or seismic loads. The 20-yr. return wind—which is ap- 
proximately 70% of the 50-yr. return wind—is recommended in ASCE 7 to be used for wind 
drift calculations. The maximum total drift due to wind loads should be limited to 1/400 of 
the total building height and the interstory drift should be limited to 1/500 of the floor-to-floor 
height for buildings with brick cladding and 1/400 for all others [8]. Similar recommenda- 
tions are provided in Ref. [9]. The lateral deflection limits for seismic loads are much higher 
than those for wind loads and are calculated using strength-level seismic forces because the 
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design philosophy for earthquakes focuses on life safety and not serviceability conditions. 
These seismic lateral deflection limits are given in Table 12.12-1 of ASCE 7 [2]. 
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2.16 PROBLEMS 


2-1. Define the term “limit state.” What is the difference between the allowable strength design 
method (ASD) and the load and resistance factor design method (LRFD)? 


2-2. What are the reasons for using resistance factors in the LRFD method? List the resistance fac- 
tors for shear, bending, tension yielding, and tension fracture. 


2-3. a. Determine the factored axial load or the required axial strength, P,,, of a column in an office build- 
ing with a regular roof configuration. The service axial loads on the column are as follows: 
Pp = 200 kips (dead load) 
P,, = 300 kips (floor live load) 
Ps = 150 kips (snow load) 
Py = = 60kips (wind load) 
P, = + 40 kips (seismic load) 


b. Calculate the required nominal axial compression strength, P,,, of the column. 


2-4. a. Determine the ultimate or factored load for a roof beam subjected to the following service loads: 
Dead load = 29 psf (dead load) 
Snow load = 35 psf (snow load) 
Roof live load = 20 psf 
Wind load = 25 psf upwards 
15 psf downwards 


b. Assuming a roof beam span of 30 ft. and a tributary width of 6 ft., determine the factored 
moment and shear. 
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2-5. 


2-6. 


2-7, 


2-8. 


List the floor live loads for the following occupancies: 


e Library stack rooms, 

© Classrooms, 

e Heavy storage, 

e Light manufacturing, and 

© Offices. 
Determine the tributary widths and tributary areas of the joists, beams, girders, and columns in 
the roof framing plan shown below. Assuming a roof dead load of 30 psf and an essentially flat 
roof with a roof slope of 4 in./ft. for drainage, determine the following loads using the ASCE 
7 load combinations. Neglect the rain load, R, and assume the snow load, S, is zero: 
Uniform dead and roof live loads on the typical roof beam in pounds per foot. 
Concentrated dead and roof live loads on the typical roof girder in pounds per foot. 


Total factored axial load on the typical interior column in pounds. 


ao SF Pp 


Total factored axial load on the typical corner column in pounds. 


9" overhang 32'-0" 32'-0" 
(typ.) os 
a column 


interior beam 


24'-0" 


6 
typ. 


eS interior column 


24'-0" 


interior girder 


Figure 2-15 Roof framing plan for problem 2-6. 


A three-story building has columns spaced at 18 ft. in both orthogonal directions, and is sub- 
jected to the roof and floor loads shown below. Using a column load summation table, calcu- 
late the cumulative axial loads on a typical interior column with and without live load reduction. 
Assume a roof slope of % in./ft. per foot for drainage. 

Roof Loads: 

Dead load, D,..¢ = 20 psf 

Snow load, S = 40 psf 

Second- and Third-Floor Loads: 

Dead load, Dao, = 40 psf 


Floor live load, L = 50 psf 


Determine the dead load (with and without partitions) in pounds per square foot of floor area 
for a steel building floor system with W24 x 55 beams (weighs 55 Ib./ft.) spaced at 6 ft. 0 in. 
o.c. and W30 x 116 girders (weighs 116 lb/ft.) spaced at 35 ft. on centers. The floor deck is 
3.5-in. normal weight concrete on 1.5 in. x 20 ga. composite steel deck. 


Design Methods, Load Combinations, and Gravity Loads 83 


Include the weights of 1-in. light-weight floor finish, suspended acoustical tile ceiling, 
mechanical and electrical (assume an industrial building), and partitions. 


Since the beam and girder sizes are known, you must calculate the actual weight, in 
pounds per square foot, of the beam and girder by dividing their weights in in. pounds 
per foot by their tributary widths. 


Determine the dead loads in kips/ft. for a typical interior beam and a typical interior 
girder. Assume that the girder load is uniformly distributed. 


If the floor system in problem a is to be used as a heavy manufacturing plant, determine 
the controlling factored loads in kips/ft. for the design of the typical beam and the typical 
girder. 


e@ Use the LRFD load combinations. 


© Note that partition loads need not be included in the dead load calculations when the 
floor live load is greater than 80 psf. 


Determine the factored shear, V,, and the factored moment, M,,, for a typical beam and 
a typical girder. 


e Assume that the beams and girders are simply supported. 
e The span of the beam is 35 ft. (i-e., the girder spacing). 
e The span of the girder is 30 ft. 


2-9. The building with the steel roof framing shown in Figure 2-16 is located in Rochester, New York. 
Assuming terrain category C and a partially exposed roof, determine the following: 


20' 


20! 


a Oo Ff Pp 


Balanced snow load on the lower roof, py. 
Balanced snow load on the upper roof, py. 
Design snow load on the upper roof, p,. 


Snow load distribution on the Jower roof, considering sliding snow from the upper 
pitched roof. 


20! 20! 20! 20! 40! 
3 equal 3 equal 4 equal 5 equal 
spaces spaces spaces spaces 


+t +t +t Plan 


- 12 
Sot 
oO 


Elevation 


Figure 2-16 Roof plan and building elevation for problem 2-9. 
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e. Snow load distribution on the lower roof considering drifting snow. 


f. Factored dead plus snow load in pounds per foot for the low roof beam A shown on the 
plan. Assume a steel framed roof and a typical dead load of 29 psf for the steel roof. 


g. Factored moment, M,, and factored shear, V,, for beam A. 
Note that the beam is simply supported. 


h. For the typical interior roof girder nearest the taller building (i.e., the interior girder sup- 
porting beam A, in addition to other beams), draw the dead load and snow load dia- 
grams, showing all the numerical values of the loads in pounds per foot for: 


(1) Dead load and snowdrift loads, and 
(2) Dead load and sliding snow load. 


Assume that for the girder, the dead load, flat roof snow load, and sliding snow load will 
be uniformly distributed, and the snow drift load will be a linearly varying (trapezoidal) 
load. 


i. For each of the two cases in problem h, determine the unfactored reactions at both sup- 
ports of the simply supported interior girder due to dead load, snow load, and the fac- 
tored reactions. Indicate which of the two snow loads (snowdrift or sliding snow) will 
control the design of this girder. 


2-10. An eight-story office building consists of columns located 30 ft. apart in both orthogonal direc- 
tions. The roof and typical floor gravity loads are given below: 


Roof Loads: 

Dead load = 80 psf 

Snow load = 40 psf 
Floor Loads: 

Floor dead load = 120 psf 
Floor live load = 50 psf 


a. Using the column tributary area and a column load summation table, determine the total 
unfactored and factored vertical loads in a typical interior column in the first story, ne- 
glecting live load reduction. 


b. Using the column tributary area and a column load summation table, determine the total 
unfactored and factored vertical loads in a typical interior column in the first story, con- 
sidering live load reduction. 


c. Develop an Excel spreadsheet to solve problems a and b, and verify your results. 
2-11. Student Design Project Problem: 
a. Calculate the dead, snow, roof live, and floor live loads on the roof and floor framing for 
the design project problem introduced in Chapter 1. 


b. Determine the most economical layout for the roof framing (joists, or infill beams and 
girders) and the gage (thickness) of the roof deck. 


c. Determine the most economical layout for the floor framing (infill beams and girders), 
the total depth of the floor slab, and the gage (thickness) of the floor deck. 
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Lateral Loads and Systems 


3.1 LATERAL LOADS ON BUILDINGS 


The types of lateral loads that may act on a building structure include wind loads, seismic 
loads, earth pressure, and hydrostatic pressures. These loads produce overturning, sliding, 
and uplift forces in the structure. In this text, only the two main types of lateral loads on steel 
structures (wind and seismic loads) will be discussed. 


Wind Loads—Cause and Effect 


All exposed structures are acted on by wind forces (see Figure 3-1); the surface nearest to the 
wind direction (i.e., the windward face) is acted on by a positive wind pressure; the surface 
opposite the wind direction (i.e., the leeward face) is acted on by a negative wind pressure 
(i.e., suction). The roof of the building is also subjected to negative (i.e., suction) and/or pos- 
itive pressures. These wind pressures, expressed in pounds per square foot, act perpendicu- 
lar to the building surfaces. The minimum exterior wind pressure is 10 psf per ASCE 7 and 
the minimum interior wind pressure for the design of interior elements is 5 psf. 

Wind is actually a dynamic force because its velocity varies with time, but in the ASCE 7 
load standard, the effects of wind forces are determined based on an equivalent static ap- 
proach [1]. Wind force is a function of the wind speed or velocity (ASCE 7 uses the 3-sec. 
gust velocity), topography, building height and exposure, use of the building, building stiff- 
ness, and percentage of wall openings in the building. The 50-yr. return period wind load is 
typically used for the strength design of building structures for strength, while the 20-yr. and 
10-yr. return period wind loads are used for lateral deflection or drift calculations. The ASCE 
7 load standard recommends the 20-yr. return period wind loads for lateral drift calcula- 
tions; the 20-yr. and 10-yr. return period wind loads to be used are approximately 70% and 
55%, respectively, of the 50-yr. return period wind load. A total lateral drift and interstory 
drift limit of H/S00 to H/400 is commonly specified in practice, where H is the total height 
of the building or the difference in height between adjacent floor levels. 
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postive or negative 
(uplift) wind pressure 
positive external interior wind negative external 
wind pressure pressure wind pressure 


(suction) 


Figure 3-1 Wind pressures on building surfaces. 


Special attention should be paid to canopy or open structures (e.g., gas station structures) 
because these structures are susceptible to large upward wind pressures that may lift the 
roof off the building, and the wind pressures on canopies or overhangs of buildings are usu- 
ally much higher than at other parts of the building. 


Seismic or Earthquake Loads—Cause and Effect 


Earthquakes are caused by the relative movement of the tectonic plates in the earth’s crust, 
and these movements, which occur suddenly, originate at planes of weaknesses in the 
earth’s crust called faults (e.g., the San Andreas fault), causing a release of stress that has 
built up, resulting in a release of massive amounts of energy [2]. This energy causes ground 
motion, which results in the vibration of buildings and other structures. Athough earth- 
quake forces cause motion in all directions, only the horizontal and vertical motions are of 
the most significance. 

The point at which the earthquake originates within the earth’s crust is called the hypo- 
center, and the point on the earth’s surface directly above the hypocenter is called the epi- 
center. The magnitude of earthquakes is measured by the Richter scale, which is a logarithmic 
measure of the maximum amplitude of the earthquake-induced ground vibration as recorded 
by a seismograph. The theoretical elastic dynamic force exerted on a structure by an earth- 
quake is obtained from Newton’s second law of motion: 


F = Ma = (W/g)a = W(a/g), (3-1) 
where 


M = Mass of structure, 
a = Acceleration of the structure induced by the earthquake, 
g =acceleration due to gravity, 
a/g = Seismic coefficient, and 
W = Weight of the structure. 
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Acceleration 


Ltt aMAst Noa \ L\AZI{ if Va 
Time 


Figure 3-2 Acceleration-Time plot. 


The ASCE 7 load standard uses a modified version of equation (3-1) to determine the 
equation for the seismic base shear on a structure during an earthquake. The code equa- 
tion takes into account damping (or internal friction of the material), structural, and foun- 
dation properties. Seismic design in the United States is based on a 2,500-yr. earthquake, 
or an earthquake with a 2% probability of being exceeded in 50 years. The base shear is 
then converted to some “approximated” code equivalent lateral force at each floor level 
of the building. It should be noted that the lateral forces measured in buildings during ac- 
tual earthquake events are usually greater than the code equivalent lateral forces. However, 
experience indicates that buildings that have been designed elastically to these code equiv- 
alent forces have always performed well during actual earthquakes. The reason for this is 
the ductility of building structures or the ability of structures to dissipate seismic energy, 
without failure, through inelastic action, such as cracking and yielding. During an earth- 
quake event, the induced acceleration of the structure varies in an erratic manner, having 
low and high points as shown in Figure 3-2. A plot of the absolute maximum accelerations 
of buildings with different periods, T, yields a response spectrum similar to that shown in 
Figure 3-3. The ASCE 7 load standard uses a modified form of equation (3-1), together 
with a design response spectrum, to calculate the design seismic base shear on a structure. 


eee Ae. a approximate value per code 


actual seismic event 


acceleration 


Maximum 


Building period, T 


Figure 3-3 Response spectrum. 
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measure of ductility 


Deformation 
Figure 3-4 Ductility and the load-deformation relationship. 


Ductility 


Ductility is the ability of a structure or element to sustain large deformations and thus some 
structural damage under constant load without collapse. The length of the flat portion of 
the load-deformation plot of a structure (see Figure 3-4) is a measure of the ductility of the 
structure or member, and the longer the flat portion of the load-deformation plot, the more 
ductile the structure is. The more ductile that a structure is, the better the seismic resistance 
and behavior of the structure. Ductility is usually achieved in practice by proper detailing 
of the structure and its connections as prescribed in the materials sections of ASCE 7. In 
ASCE 7, ductility is accounted for by using the system response factor, R. This will be dis- 
cussed later in this chapter. 


Similarities and Differences Between Wind 
and Seismic Forces 


The similarities and differences between wind and seismic forces affect the design provi- 
sions for these forces in the ASCE 7 load standard. These are summarized below: 


¢ Both wind and seismic loads are dynamic in nature, but earthquakes are even more so 
than wind. 


e Seismic forces on structures arise from ground motion and the inertial resistance of the 
structure to this motion, whereas wind forces on a building structure arise from the im- 
pact of the wind pressure on the exposed surfaces of the structure. 


e Seismic forces on a structure depend on structural and foundation properties, and the 
dynamic properties of the earthquake. The softer the soil, the higher the earthquake 
forces are on the structure. Wind forces, however, depend mainly on the shape and sur- 
face area of the structure that is exposed to wind, but also on the period of the building. 


e Because of the highly dynamic nature of earthquakes, compared with wind, safety is 
not necessarily ensured by using a stiffer structure for seismic resistance. In fact, the 
stiffer a structure is, the higher the seismic forces that the structure attracts. Therefore, 
in designing for seismic forces, the structural stiffness and the ductility of the structure 
are both equally important. 

e The code-specified seismic forces are smaller than the actual elastic inertial forces induced 
by a seismic event; however, buildings have been known to perform well in earthquakes 
because of the ductility of these structures, which allows the structure to dissipate seismic 
energy through controlled structural damage, but without collapse [3]. Therefore, when 
designing for earthquake effects, it is not enough to design just for the code seismic forces; 
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the prescribed seismic detailing requirements in the materials sections of the International 
Building Code (IBC) also must be satisfied in order to ensure adequate ductility. On the 
other hand, when designing for wind forces, stiffness is a more important criterion, and duc- 
tility is not as important because of the lesser dynamic nature of wind. 


To calculate seismic forces, the base shear is first calculated, and then this base shear 
is converted into equivalent lateral forces at each floor level of the building using a lin- 
ear or parabolic distribution based on the modal response of the structure. For wind 
forces, the design wind pressures are first calculated, followed by the calculation of the 
lateral forces at each level based on the vertical surface tributary area of each level, and 
then the wind base shear is calculated. 


For wind loads, two sets of lateral forces are required: the lateral wind forces on the main 
wind force resisting system (MWERS) and the wind forces on smaller elements known 
as the components and cladding (C&C). For seismic design, two sets of lateral forces 
are required—the lateral forces, F, on the vertical lateral force resisting system (LFRS) 
and the lateral forces, Fp, on the horizontal diaphragms (i.e., the roof and floors)— 
because of the different dynamic behavior of the horizontal diaphragms compared with 
that of the vertical LFRS during an earthquake event. In addition, the seismic lateral 
forces on the parts and components (structural and nonstructural) of the building also 
need to be calculated. 


3.2 LATERAL FORCE RESISTING SYSTEMS IN STEEL BUILDINGS 


The different types of LFRS that are commonly used in steel buildings are discussed in this 
section. Each of these LFRS may be used solely to resist the lateral force in both orthogonal 
directions in a building, or a mixed LFRS or a combination of these systems may also be used. 
In taller buildings (30 stories or higher), a mixed LFRS of moment frames and shear walls 
is an efficient system for resisting lateral forces in the same direction [3]. However, for low- 
and mid-rise buildings, it is typical in design practice to use only one type of LFRS to resist 
the lateral force in any one direction. Depending on architectural considerations, the LFRS 
may be located internally within the building or on the exterior face of the building. 

The lateral force distributed to each LFRS is a function of the in-plane rigidity of the roof 
and floor diaphragms (diaphragms can be classified as either flexible or rigid). The defini- 
tions of flexible and rigid diaphragms are given in ASCE 7, Sections 12.3.1.1 and 12.3.1.2. 

If a roof or floor diaphragm is classified as rigid, the lateral wind or seismic forces are 
distributed to each LFRS in proportion to the lateral rigidities or stiffness of the LFRS. If a 
roof or floor diaphragm is classified as flexible, the lateral wind force along each line of 
LFRS is proportional to the tributary vertical surface area of the wall that receives the wind 
pressure. Where more than one LFRS exists along the same line or vertical plane, the lat- 
eral wind force parallel to and along that plane will be distributed to the LFRS along that 
line or vertical plane in proportion to the stiffness of the LFRS along that plane. For seis- 
mic forces in buildings with flexible diaphragms, the lateral seismic force on each LFRS is 
proportional to the tributary roof or floor plan area of each LFRS. 


Fully Restrained Moment Connections (Rigid Frames) 


For frames with fully restrained moment connections, sometimes called rigid frames (see 
Figure 3-5), the beams and girders are connected to the columns with moment-resisting 
connections, and the lateral load is resisted by the bending strength of the beams and 
columns. For maximum efficiency in steel buildings, the columns in the moment frames 
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Figure 3-5 Steel moment frames. 


in both orthogonal directions should be oriented so that they are subjected to bending 
about their strong axis, and the moment-resisting connection can be achieved by welding 
steel plates to the column flange and bolting or welding these plates to the beam/girder 
flanges. The steel beam or girder is connected to the column flange using shear connec- 
tion plates or angles that may be welded or bolted to the beam web and column flange to 
support gravity loads. 


Partially Restrained Moment Connections 
(Semi-rigid Frames) 


For semi-rigid frames with partially restrained moment connections (see Figure 3-6), the 
rigidity of the beam-to-column connections is generally less than that of the fully restrained 
moment frame. In these connections, the flanges of the steel beam or girder are usually con- 
nected with angles to the column flange, and the beam web is connected to the column 
using shear connection plates or angles. However, at the roof level, the top flange of the 
beam or girder is typically connected to the column with a steel plate that also acts as a cap 
plate for the column. The deflection of a partially restrained moment frame is generally 
higher than that of a fully restrained moment frame. 


Braced Frames 


For braced frames, the lateral load is resisted through axial tension and/or compression 
forces in the diagonal bracing members. The beam-to-column connections in braced 
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Figure 3-6 Partially restrained moment 
connections. 


frames are usually simple shear connections with no moment resisting capacity. Exam- 
ples of braced frames are shown in Figure 3-7; these include X-bracing, chevron or K 
bracing, diagonal bracing, V-bracing, and knee bracing. The X-bracing and V-bracing 
offer the least flexibility for the location of doors, while chevron bracing, diagonal brac- 
ing, and knee bracing offer the most flexibility, and are usually the bracing systems pre- 
ferred by architects. 


Shear Walls 


Shear walls (see Figure 3-8) are planar structural elements that act as vertical cantilevers fixed 
at their bases; they are usually constructed of concrete, masonry, plywood sheathing, or 
steel plates. These could be located internally within the building or on the exterior face of 
the building. The concrete or masonry walls around stair and elevator shafts may also be con- 
sidered as shear walls. Shear walls are very efficient, lateral force resisting elements. Shear 
walls that are perforated by door or window openings are termed coupled shear walls, and 
these may be modeled approximately as moment frames. The actual strength of a coupled 
shear wall lies between the strength of the wall moment frame and an unperforated shear wall 
of the same overall dimensions. 

Although moment frames are the least rigid of all the lateral force resisting systems, they 
provide the most architectural flexibility for the placement of windows and doors, while 
shear walls and X-brace frames provide the least architectural flexibility. 
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a. X-brace b. chevron or K-brace c. knee brace 
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d. X-brace connection detail e. knee brace connection detail 
Figure 3-7 Braced frames. 


reinforced concrete 
F. or masonry 
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Figure 3-8 Shear walls. 
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3.3 IN-PLANE TORSIONAL FORCES 
IN HORIZONTAL DIAPHRAGMS 


If the LFRS in a building with rigid diaphragms are not symmetrically placed, or the LFRS 
do not have equal stiffness, or if the center of mass (CM) or center of area (wind force acts 
only through the center of area of the wall surface) of the horizontal diaphragms does not 
coincide with the center of rigidity (CR) of the LFRSs, the building will be subjected to in- 
plane twisting, or rotational or torsional forces from the lateral wind or seismic forces. These 
in-plane torsional moments, when resolved, will result in an increase in the lateral force on 
some of the LFRS (i.e., positive torsion) and a decrease in the lateral force on other LFRS 
(i.e., negative torsion). Where in-plane torsional moments cause a decrease in the lateral 
force on an LFRS, the effect of in-plane torsion or twisting on that LFRS is usually ignored. 

It should be noted that only buildings with rigid diaphragms can transmit in-plane tor- 
sional or rotational forces (see Figure 3-9); buildings with flexible diaphragms cannot re- 
sist rotational or torsional forces. The LFRS in buildings with flexible diaphragms can only 
resist direct lateral forces, and in proportion to their tributary areas; therefore, the LFRS 
must be placed in relation to the location and distribution of the masses supported. It is best 
to avoid structural system layouts that cause in-plane torsion or twisting of the roof or floor 
diaphragm. For example, a building with an open front with a rigid diaphragm would be sub- 
jected to large in-plane torsional forces, while a similar building with a flexible diaphragm 
will be unstable. Several buildings have collapsed during earthquakes due to the irregular 
layout of the LFRSs and the subsequent in-plane twisting of the horizontal diaphragms. 
One notable example is the JCPenney building in Anchorage that collapsed during the 1964 
Alaskan earthquake [2]. It should be noted that for wind loads, the in-plane torsional mo- 
ments must be calculated using the wind load cases shown in Figure 6.9 of the ASCE 7 load 
standard. The procedure for calculating the additional lateral forces caused by the in-plane 
torsional effects of seismic loads is beyond the scope of this text. 
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Figure 3-9 In-plane torsion of rigid horizontal diaphragms. 
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Figure 3-10 Diaphragm chords and drag struts. 


Chords and Drag Struts (or Collectors) 


Chords are structural elements located along the perimeter of the horizontal diaphragms, and 
they resist the tension and compression couple resulting from the in-plane bending of the 
diaphragm due to the lateral seismic or wind forces (see Figure 3-10). They are located per- 
pendicular to the lateral load. 

Drag struts or collectors are structural elements in the plane of the horizontal di- 
aphragms; they are located parallel to the lateral forces and are in the same vertical plane 
as the LFRS. The drag strut transfers the lateral wind or seismic forces from the roof and 
floor diaphragms into the LFRS. They also help prevent differential or incompatible hori- 
zontal displacements of diaphragms in buildings with irregular shapes. Without drag struts 
or collectors, tearing forces would develop at the interface between the various diaphragm 
segments (see Figure 3-10). The ASCE 7 load standard requires that drag struts be designed 
for the special seismic force, E,,, which includes amplification of seismic forces by the over- 
strength factor, Q,. 


3.4 WIND LOADS 


The two conditions considered in the calculation of wind forces acting on building structures 
are the main wind force resisting system (MWERS) and the components and cladding 
(C&C). The MWERS consists of the roof and floor diaphragms, and shear walls, braced 


Lateral Loads and Systems 95 


10-psf minimum pressure 
applied to vertical projected 
area in any direction 


Figure 3-11. Minimum wind load diagram. 


frames, and moment frames that are parallel to the wind force. The C&C are small individ- 
ual structural components or members with the wind load acting perpendicular to the mem- 
ber. Examples of C&C include walls, stud wall, cladding, and uplift force on a roof deck 
fastener. The wind pressures on C&C are usually higher than the wind pressures on the 
MWERS because of local spikes in wind pressure over small areas of the C&C. The C&C 
wind pressure is a function of the effective wind area, A,, given as 


A. = Span of member X Tributary width = (Span of member)’/3 (3-2) 


For cladding and deck fasteners, the effective wind area, A,, shall not exceed the area that 
is tributary to each fastener. In calculating wind pressure, positive pressures are indicated 
by a force “pushing” into the wall or roof surface, and negative pressures are shown 
“pulling” away from the wall or roof surface. The minimum design wind pressure for 
MWERS and C&C is 10 psf and is applied to the vertical projected area of the wall sur- 
faces for the MWERS, and normal to the wall or roof surface for C&C (see Figure 3-11 or 
ASCE 7, Figure C6-1). 


3.5 CALCULATION OF WIND LOADS 


The three methods available in the ASCE 7 load standard to calculate the design wind loads 
on buildings and other structures are as follows: 


1. The simplified method or method 1 uses projected areas with the net horizontal 
and vertical wind pressures assumed to act on the exterior projected area of the 
building as shown in Figure 3-12a. The simplified method is limited to buildings 
with mean roof heights not greater than 60 ft. 
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c. plan view of wind pressure (Method 2) 
Figure 3-12 Wind pressure distribution (methods 1 and 2). 


2. The analytical method or method 2 assumes that wind pressures act perpendicular 
to the exterior wall and roof surfaces as shown in Figure 3-12b. 
The analytical method is more cumbersome than the simplified method and is 
applicable to buildings with a regular shape (see ASCE 7, Section 6.2) that are not 
subjected to unusual wind forces, such as cross-wind loading, vortex shedding, 
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galloping or flutter, and so forth. In the analytical method, positive pressures are 
applied to the windward walls (i.e., the walls receiving the wind pressure) and nega- 
tive pressures or suction are applied to the leeward walls (1.e., the walls receiving 
the suction). 

3. The wind tunnel method or method 3 is used where methods | or 2 cannot be 
used. The wind tunnel procedure is used for very tall and wind-sensitive buildings, 
and slender buildings with a height-to-width ratio greater than 5.0 [4]. The wind 
pressures on buildings with unique topographic features should also be determined 
using the wind tunnel method. 


Athough it might be expected that the simplified method (method 1) would yield more con- 
servative (i.e., higher) values for the design wind pressures than the more cumbersome an- 
alytical method (method 2), comparisons of the two methods show that, in general, the 
analytical method yields design wind pressures, base shear, and overturning moment values 
that may be up to 50% higher than those obtained from the simplified method (method 1). 
It is instructive to note that the ASCE 7 simplified method was actually developed based on 
comprehensive wind tunnel testing done at the Boundary Layer Wind Tunnel Laboratory of 
the University of Western Ontario and may therefore be more accurate than is implied by 
the term “simplified” [5]. In design practice, the simplified method is more widely used for 
buildings with mean roof heights not exceeding 60 ft. 


Exposure Categories 


An exposure category is a measure of the terrain surface roughness and the degree of expo- 
sure or shielding of the building. The three main exposure categories are exposures B, C, 
and D. Exposure B is the most commonly occurring exposure category—approximately 80% 
of all buildings fall into this category—although many engineers tend to specify exposure C, 
for most buildings. The exposure category is determined from the ASCE 7 load standard by 
first establishing the type and extent of the ground surface roughness at the building site 
using Table 3-1, and then using Table 3-2 to determine the exposure category. 


Basic Wind Speed 


This is a 3-second gust wind speed in miles per hour based on a 50-yr. wind event. Wind 
speed increases as the height above the ground increases because of the reduced drag effect 
of terrain surface roughness at higher elevations. 

The basic wind speeds at a height of 33 ft. above the ground for various locations in the 
United States are shown in ASCE-7, Figure 6-1. 


Table 3-1 Ground surface roughness categories (ASCE 7, Section 6.5.6.2) 


Ground Surface 
Roughness Description 


Urban, suburban, and mixed wooded areas with numerous spaced obstruc- 
tions the size of a single-family dwelling or larger 


Open terrain with scattered obstruction having heights generally less than 
30 ft.; includes flat open country, grassland, and water surfaces in 
hurricane-prone regions 


Flat, unobstructed areas and water surfaces outside hurricane-prone 
regions; includes smooth mudflats, salt flats, and unbroken ice 
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Table 3-2 Exposure categories (ASCE 7, Section 6.5.6.3) 


Exposure 
Category Description 


Surface roughness B prevails in the upwind* direction for a distance of 
20h = 2600 ft., where h is the height of the building. 


Where exposure category B or D does not apply 


Occurs where surface roughness D prevails in the upwind* direction (over smooth 
water surfaces) for a distance of 

20h = 5000 ft., 

and 

exposure category D extends into downwinad* areas with a category B or C surface 
roughness for a distance of 

20h = 600 ft., 

where h is the height of the building. 


* Upwind is the direction opposite the direction where the wind is coming from. For example, if wind is acting on a 
building from west to the east, then the upwind direction is west of the building while the downwind direction is east 
of the building. 


3.6 SIMPLIFIED WIND LOAD CALCULATION METHOD (METHOD 1) 


In the simplified method, which is only applicable to low-rise buildings, the wind forces are 
applied perpendicular to the vertical and the horizontal projected areas of the building. 
The wind pressure diagram for the MWERS is shown in Figure 3-13. The horizontal pres- 
sures represent the combined windward and leeward pressures with the internal pressures 


a. transverse wind b. longitudinal wind 


Figure 3-13 Wind pressure diagram for main wind force resisting system. 
Adapted from Ref. [6] 
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Table 3-3 Definition of wind pressure zones—MWFRS 


Zone Definition 


End-zone horizontal wind pressure on the vertical projected wall surface 


End-zone horizontal wind pressure on the vertical projected roof surface 


Interior-zone horizontal wind pressure on the vertical projected wall surface 


Interior-zone horizontal wind pressure on the vertical projected roof surface 


End-zone vertical wind pressure on the windward side of the horizontal projected roof 
surface 


End-zone vertical wind pressure on the /eeward side of the horizontal projected roof 
surface 


Interior-zone vertical wind pressure on the windward side of the horizontal projected 
roof surface 


Interior-zone vertical wind pressure on the leeward side of the horizontal projected 
roof surface 


Fou End-zone vertical wind pressure on the windward side of the horizontal projected roof 
overhang surface 


Gou Interior-zone vertical wind pressure on the windward side of the horizontal projected 
roof overhang surface 


Where zone E or G falls on a roof overhang, the windward roof overhang wind pressures from ASCE 7, Figure 6-2 
should be used. 


canceling each other out; the vertical pressures include the combined effect of the exter- 
nal and internal pressures. The different wind pressure zones in Figure 3-13 are defined in 
Table 3-3 and it should be noted that for buildings with flat roofs, the simplified method 
yields a uniform horizontal wall pressure distribution over the entire height of the building. 

The simplified procedure is applicable only if all of the following conditions are satisfied: 


¢ Building has simple diaphragms (i.e., wind load is transferred through the roof and 
floor diaphragms to the vertical MWFRS), 


e Building is enclosed (i.e., no large opening on any side of the building), 


e Building has mean roof height that is less than or equal to the least horizontal dimen- 
sion of the building, 

e Building has mean roof height that is less than or equal to 60 ft., 

e Building is symmetrical, 

e Building has an approximately symmetrical cross section in each direction with a roof 
slope = 45°. 


The simplified procedure (i.e., method 1) for calculating wind loads involves the fol- 
lowing steps: 


1. Determine the applicable wind speed for the building location from the ASCE 7 load 
standard. 


2. Calculate the mean roof height and determine the wind exposure category. 
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3. Determine the applicable horizontal and vertical wind pressures as a function of the 
wind speed, roof slope, zones, and effective wind area by calculating 


a. P.39 for MWFRS from ASCE-7, Figure 6-2, and 
b. Prerzo for C&C from ASCE-7, Figure 6-3. 


Note the following: 


e The tabulated values are based on an assumed exposure category of B, a mean roof 
height of 30 ft., and an importance factor of 1.0. These tabulated wind pressures 
are to be applied to the horizontal and vertical projections of the buildings. 


The horizontal wind pressure on the projected vertical surface area of the building 
is the sum of the external windward and external leeward pressures because the 
internal pressures cancel out each other. The resultant wind pressures are applied 
to one side of the building for each wind direction. 


The wind pressures on roof overhangs are much higher than at other locations on 
the roof because of the external wind pressures acting on both the bottom and top 
exposed surfaces of the overhang. 


4. Obtain the design wind pressures (p,3) for MWFRS and p,.:39 for C&C), as a function 
of the tabulated wind pressures obtained in the previous step, the applicable height 
and exposure adjustment factor (A from ASCE 7, Figure 6-2 or 6-3), the topogra- 
phy factor (K,, from ASCE 7, Section 6.5.7), and the importance factor (/,, from 
ASCE 7, Tables 1-1 and 6-1). (Note that for most site conditions, K,, = 1.0.) 


Py39 (MWERS) = AK, 1, Py3o0 = 10 psf (3-3) 

Prezo (C&C) = X Ky Ly Pnevso = 10 psf (3-4) 
5. Apply the calculated wind pressures to the building as shown in ASCE 7, Figure 6-2 

for MWERS (End-zone width = 2a). 

where 


a = 0.1 X Least horizontal dimension of building, 
<= 0.4 X Mean roof height of building, and 
= 3 ft. 
For a roof slope of less than 10 degrees, the eave height should be used in lieu of the 
mean roof height for calculating the end-zone width, 2a. 
6. Apply the calculated wind pressures to the building walls and roof as shown in 
ASCE 7, Figure 6-3 for C&C. 
Note that for C&C, 
End-zone width = a. 


Simplified Method for Wind Loads (MWERS) 


Given a one-story office building 60 ft. x 90 ft. in plan and laterally braced with X-braces 
on all four sides and having a story height of 18 ft. as shown in Figure 3-14, determine 
the unfactored design wind forces on the MWFRS assuming that the building is 
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located in a wind zone with V = 90 mph and exposure category D. Assume a flat roof 
with no overhang and assume that the building is enclosed. 


~ “Zr 


X~-brace 


Figure 3-14 Wind load diagram for example 3-1. 


SOLUTION 
1. The 3-sec. gust wind speed = 90 mph (ASCE 7, Figure 6-1). 


2. Mean roof height = 18 ft. 
Wind exposure category D 


3. P39 for MWERS (from ASCE 7, Figure 6-2): 
With roof slope, 8 = 0° and wind speed = 90 mph, the tabulated net horizontal 
wind pressures on a projected vertical surface area of the building are as follows: 


Net Horizontal Wind Pressures on MWERS: Longitudinal Wind 
End zone = 12.8 psf on wall 


Interior zone = 8.5 psf on wall 
Net Horizontal Wind Pressures on MWFRS: Transverse Wind 


End zone = 12.8 psf on wall 


Interior zone = 8.5 psf on wall 


Note that the resultant wind pressure on the MWERS is nonsymmetrical due 
to the nonsymmetrical location of the end zones and the higher wind pressures 
acting on the end zones as shown in ASCE 7, Figure 6-2. For simplicity, we 
will be using an average horizontal wind pressure in the examples in this text; 
the asymmetrical nature of the wind loading on the building and the torsional 
effect of such loading should always be considered. 


(continued) 


102 


CHAPTER 3 


For the MWERS, the end-zone width is 2a per ASCE 7, Figure 6-2, 
where 


a =0.1 X Least horizontal dimension of building, 
<= 0.4 X Mean roof height of building, and 
= 3) iil, 


. For a category II building (see ASCE 7, Table 1-1), the importance factor, 


I, = 1.0. (office building) 
For a longitudinal wind, end-zone width is 2a per ASCE 7, Figure 6-2, 
where 
a =0.1 x 60 ft. = 6.0 ft. (governs), 
= 04x 18 ft. = 7.2 ft., and 
2 Sill 


For simplicity, in our calculations, we will use the average horizontal wind 
pressure acting on the building as a whole, calculated as follows: 


The average horizontal wind pressure is 

(12.8 psf)(2)(6 ft.) + (8.5 psf)[90 ft. — (2)(6 ft.) ] 
90 ft. 

9.07 psf (transverse), and 

(12.8 psf)(2)(6 ft.) + (8.5 psf)[60 ft. — (2)(6 ft.) ] 


60 ft. 
= 9.36 psf (longitudinal), 


530 


P30 — 


Adjusting for height and exposure (equation (3-3)), 


dX = 1.52 (by interpolation, ASCE 7, Table 6-2), and 
I, = 1.0. 


The uniform horizontal design wind pressure, P = AK,, J, P39 = 10 psf, is 
Prransverse = (1.52)(1.0)(1.0)(9.07 psf) = 13.8 psf, and 

Prongiudinat = (1.52)(1.0)(1-0)(9.36 psf) = 14.2 psf. 

The total unfactored load at the roof level for the building as a whole is 
Frransverse = (13.8 psf)(90 ft.)(18 ft./2) = 11,178 Ib., and 

Frongindinal = (14.2 psf)(60 ft.)(18 ft./2) = 7668 Ib. 


The total lateral force at the roof level for each X-brace is calculated below 
and shown in Figure 3-15: 


Presses az (11,178 Ib./2) = 5590 lb. 
Lv esacscanatinel a (7668 Ib./2) — 3864 Ib: 
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<=? _ 
P= 5590 Ibs 
P, = 3834 Ibs 


Figure 3-15 Wind loads on each X-brace frame. 


Simplified method for wind loads (MWEFRS) 


The typical floor plan and elevation of a six-story office building measuring 100 ft. x 100 ft. in plan and laterally 
braced with ordinary moment resisting frames is shown in Figure 3-16. The building is located in an area with a 
3-second wind speed of 90 mph. Determine the factored design wind forces on the MWFRS and C&C. Assume that 
the building is enclosed and that the roof is flat (except for the minimum roof slope for drainage), with no overhang. 
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Figure 3-16 Building plan and elevation for example 3-2. 
(continued) 


104 CHAPTER 3 


SOLUTION 
1. The 3-sec. gust wind speed is 90 mph. 


2. © Building is enclosed, 


Roof slope, 8 = 0, 

Mean roof height = 60 ft., 

Importance factor, J,, = 1.0, 

Effective wind area, A, = 10 ft.? (assumed) Note: This is conservative for C&C, and 


Wind exposure category is C. 


Note that wind exposure category C is the most commonly assumed in design practice, although most build- 
ings are in category B. 


3. Obtain P39 for MWERS from ASCE 7, Figure 6-2 and P,,.:39 for C&C from ASCE 7, Figure 6-3. 


For the MWERS, the wind pressures act on the projected vertical and horizontal surfaces of the building. 
For C&C, we have assumed an effective wind area, A, = 10 ft.2, which is conservative. For larger 


effective wind areas, recalculate the wind pressures by selecting the appropriate tabulated wind pressures 
corresponding to the effective wind area from ASCE 7, Figure 6-3. 


P.39 for MWERS from ASCE 7, Figure 6-2: 


The MWERS tabulated wind pressures obtained from ASCE 7, Figure 6-2 for a building with a roof slope, 
8 = 0 and a 3-sec. gust wind speed = 90 mph are shown in Tables 3-4, 3-5, and 3-6. 


Table 3-4 Tabulated horizontal wind pressures* 


Tabulated Horizontal Pressures, psf 


Load Case 1 
End Zone A 
End Zone B** 
Interior Zone c 


Interior Zone D** 


* Horizontal wind pressures for longitudinal, as well as transverse, wind. 
** Note that zones B and D do not exist for buildings with flat roofs. 
Table 3-5 Tabulated vertical wind pressures on roofs* 
Tabulated Vertical Pressures, psf 
Load Case 1 
End Zone E 


End Zone F 


Interior Zone G 


Interior Zone H 


* Vertical wind pressures for longitudinal, as well as transverse, wind. 
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Table 3-6 Tabulated vertical wind pressures at overhangs* 
Tabulated Vertical Pressures, psf 
Load Case 1 


End-Zone Eoy 


End-Zone Goy 


* Vertical wind pressures for longitudinal, as well as transverse, winds. 
Since there are no overhangs in this building, the vertical overhang pressures will be neglected. 


P39 for C&C from ASCE 7, Figure 6-3: 
The C&C tabulated wind pressures obtained from ASCE 7, Figure 6-3 for a building with the follow- 
ing design parameters are given in Tables 3-7 and 3-8: 


e Flat roof (i.e., roof slope, 8 = 0), 
e Wind speed = 90 mph, and 


e Assuming an effective wind area, A, = 10 ft.2, which is conservative in most cases. 


Table 3-7 Tabulated horizontal wind pressures on wall* (C&C) 


Tabulated Horizontal Pressures, psf 


+ve Pressure —ve Pressure or Suction 


Wall End Zone 5 


Wall Interior Zone 4 


*Horizontal wind pressures for longitudinal, as well as transverse, winds. 


Table 3-8 Tabulated vertical wind pressures on roofs 


Tabulated Vertical Pressures, psf 
+ve Pressure* —ve Pressure or Suction* 
Roof Interior Zone 1 


Roof End Zone 2 


Roof Corner Zone 3 


* Positive pressure indicates downward wind loads and negative pressure indicates upward 
wind loads that causes uplift. 


4. For a category II building, the wind importance factor, J,, = 1.0. 
For longitudinal wind, the end-zone width is 2a per ASCE 7, Figure 6-2, 


(continued) 
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where 


a=0.1 X 100 ft. = 10 ft. (governs), 
= 0.4 X 60 ft. = 24 ft., and 
= 3 ft. 


For simplicity in our calculations, as discussed previously, we will use the average horizontal wind pres- 
sure acting on the building calculated as follows: 


(12.8 psf)(2)(10 ft.) + (8.5 psf)[100 ft. — (2)(10 ft.)] 


30 = 100 ft = 9.36 psf (transverse and longitudinal). 


5. Using the location of the building and assuming exposure category C, the design horizontal forces on the 


MWERS from ASCE 7 Section 6.5.6 are given in Table 3-9. In the simplified wind load calculation 
method in ASCE 7, the design horizontal wind pressures are assumed to be uniform for the full height of 
the building as shown in Figure 3-17. The equivalent lateral forces at each floor level due to the design 
wind pressure are shown in Figure 3-17. Since the building is square in plan, the longitudinal lateral wind 
loads will be equal to the transverse lateral wind loads. 


Table 3-9 MWFRS—Longitudinal Wind 


Exposure/ Average Unfactored Lateral 
Height Horizontal Design Horizontal Load at Each Level 
Coefficient, Wind Wind Pressure, TOTAL Unfactored Wind Load on each MWFRS 
d at mean Pressure, P, = Aly Pozo at each level of the building, _—(i.e., each moment 
Height roof height P39, psf = 10 psf kip frame), kips 


9.36 psf (1.62)(1.0)(9.36) (15.2 psf)(100 ft.)(10 ft./2) 7.6 kip/2 = 
= 15.2 psf = 7.6 kips 3.8 kips 


9.36 psf 15.2 psf (15.2 psf )(100 ft.)(10 ft/2) + 15.2 kip/2 = 
(15.2 psf)(100 ft.)(10 ft./2) 7.6 kips 
= 15.2 kips 


9.36 psf 15.2 psf (15.2 psf )(100 ft.) (10 ft/2) + 7.6 kips 
(15.2 psf)(100 ft.)(10 ft./2) 
= 15.2 kips 


9.36 psf 15.2 psf (15.2 psf )(100 ft.) (10 ft./2) + 7.6 kips 
(15.2 psf)(100 ft.)(10 ft./2) 
= 15.2 kips 


9.36 psf (15.2 psf )(100 ft.) (10 ft./2) 4 
(15.2 psf)(100 ft.)(10 ft./2) 
= 15.2 kips 


9.36 psf 15.2 psf (15.2 psf )(100 ft.) (10 ft/2) + 7.6 kips 
(15.2 psf)(100 ft.)(10 ft./2) 
= 15.2 kips 


83.6 kip 41.8 kips 
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Figure 3-17 Horizontal distribution of wall pressures. 


To calculate the factored wind load at each level, the unfactored wind load at each level is multiplied by 
the maximum wind load factor of 1.6 given in the LRFD load combinations in Chapter 2. 


Wind Base Shear (Unfactored): 

The unfactored wind base shear on the building as a whole is obtained from column 6 in Table 3-9. 
Longitudinal: V = 83.6 kips 
Transverse: V = 83.6 kips 

The unfactored wind base shear on the each moment frame is obtained from column 7 in Table 3-9. 
Longitudinal: V = 41.8 kips 
Transverse: V = 41.8 kips 

Longitudinal Wind (Unfactored): 

The unfactored overturning moment for the building as a whole is 


(7.6)(60 ft.) + (15.2)(50 ft.) + (15.2)(40 ft.) + (15.2)(30 ft.) + (15.2)(20 ft.) + (15.2)(10 ft.) 
= 2736 ft.-kips. 


(continued) 
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The unfactored overturning moment for each moment frame is 


(3.8)(60 ft.) + (7.6)(50 ft.) + (7.6)(40 ft.) + (7.6)(30 ft.) + (7.6)(20 ft.) + (7.6)(10 ft.) 
= 1368 ft.-kips. 


Wind Base Shear (Factored): 
The factored wind base shear on the building as a whole is obtained as follows: 
Longitudinal: V, = 1.6(83.6 kips) = 134 kips 


Transverse: V, = 1.6(83.6 kips) = 134 kips 


The factored wind base shear on the each moment frame is obtained as follows: 
Longitudinal: V, = 1.6(41.8 kips) = 67 kips 
Transverse: V, = 1.6(41.8 kips) = 67 kips 


Transverse and Longitudinal Wind (Factored): 
The factored overturning moment for the building as a whole is 


1.6(2736 ft.-kips) = 4378 ft.-kips 
The factored overturning moment for each moment frame is 
1.6(1368 ft.-kips) = 2189 ft.-kips 


Calculate the design vertical uplift wind pressures on the roof (MWERS): 
These are obtained by multiplying the tabulated vertical wind pressures for MWFRS from step 2 by 
the height and exposure adjustment factor and the importance factor. The design parameters are 
e Exposure category C, 
e Mean roof height = 60 ft., 
e Height/Exposure adjustment coefficient from ASCE 7, Figure 6-2, \ = 1.62, and 
e Importance factor, J,, = 1.0. 


The design uplift pressures are shown in Tables 3-10 and 3-11. 


Table 3-10 Design vertical wind pressures on roofs* (MWFRS) 


Design Vertical Pressures, A 1, P.39**, psf 


Load Case 1 
End Zone E (1.62)(1.0)(—15.4) = —25 
End Zone F (1.62)(1.0)(—8.8) = —14.3 
Interior Zone G (1.62)(1.0)(—10.7) = —17.3 


Interior Zone H (1.62)(1.0)(—6.8) = —11 


* Vertical wind pressures for longitudinal, as well as transverse, winds. 
**See Table 3-5 for P.a9. 
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Table 3-11 Tabulated vertical wind pressures at overhangs* (MWFRS) 


Design Vertical Pressures, d I, P.39**, psf 


Load Case 1 


End-Zone Eo, (1.62)(1.0)(—21.6) = —3 


End-Zone Go, (1.62)(1.0)(—16.9) = —27.4 


* Vertical wind pressures for longitudinal, as well as transverse, winds; the overhang pressures 
will be neglected for this building since it has no roof overhangs. 


** See Table 3-6 for Po. 


ZAONCH ia? OM ASIs 
Zone 2 = —39.5 psf 
Zone 3 = —59.6 psf 
Zone 4 = —25.6 psf 
Zone 5 = —31.6 psf 


Figure 3-18 Roof and wall pressure distribution (C&Cs). 


. Calculate the design wind pressures for C&C—wall and roof. 

The design wind pressures are obtained by multiplying the tabulated wind pressures for C&C from 
step 2 by the height/exposure adjustment factor and the importance factor. The design parameters are 
e Exposure category C, 

e Mean roof height = 60 ft., 
e Height/Exposure adjustment coefficient from ASCE 7, Figure 6-3, \ = 1.62, and 
e Importance factor, J,, = 1.0. 
The design pressures for C&C are shown in Figure 3-18 and Tables 3-12 and 3-13. 
(continued) 
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For C&C, the end-zone width is a per ASCE 7, Figure 6-3, 
where 


a = 10 ft. (see step 4) 


Table 3-12 Design horizontal wind pressures on wall* (C&C) 


Design Horizontal Pressures, A I, Preizo**, psf 


+ve Pressure —ve Pressure or Suction 


Wall Interior Zone 4 (1.62)(1.0)(14.6) = 23.7 (1.62)(1.0)(—15.8) = —25.6 


Wall End Zone 5 (1.62)(1.0)(14.6) = 23.7 (1.62)(1.0)(—19.5) = —31.6 


* Horizontal wind pressures for longitudinal, as well as transverse, winds. 
** See Table 3-7 for Pretgo- 


Table 3-13 Design vertical wind pressures on roof (C&C) 


Design Vertical Pressures, X 1, Piezo”, PSF 


+ve Pressure** —ve Pressure or Suction** 


Roof Interior Zone 4 (1.62)(1.0)(5.9) = 9.6 (use 10 psf minimum) (1.62)(1.0)(—14.6) = —23.7 


Roof End Zone 2 (1.62)(1.0)(5.9) = 9.6 (use 10 psf minimum) (1.62)(1.0)(—24.4) = —39.5 


Roof Corner Zone 3 (1.62)(1.0)(5.9) = 9.6 (use 10 psf minimum) (1.62)(1.0)(—36.8) = —59.6 


* See Table 3-8 for Pretzo- 


** +ve Pressure indicates downward wind loads and —ve pressure indicates upward wind loads that cause uplift. 


3.7 EFFECT OF NET FACTORED UPLIFT LOADS 
ON ROOF BEAMS AND JOISTS 


The net factored uplift roof loads due to wind are normally calculated using, the C&C wind pres- 
sures. Note that the C&C roof pressures calculated for example 3-2 were obtained assuming the 
smallest effective wind area, A,, of 10 ft.”, which is conservative for most structural members, 
except for members with very small tributary areas. For illustration purposes, assume that the dead, 
snow, and roof live loads on the roof framing have already been determined previously as fol- 
lows for a roof beam in Example 3-2: 


Dead load, D = 25 psf 
Snow load, S = 35 psf 


Roof live load, L, = 20 psf (actual value depends on the tributary area of the member 
under consideration) 
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The design vertical wind pressures on the roof can now be calculated. Using the wind pres- 
sures for C&C, and assuming an effective area, A,, of at least 100 ft. (because most roof 
beams and girders typically will have at least this much tributary area), we use ASCE 7, 
Figure 6-3 to determine the design wind load as follows: 

From equation (3-2), the effective area, A, = Tributary area = (Span of member)?/3. 


The design vertical wind pressure, W, psf = Pye (C&C) = AL, Prezo = 10 psf, 
where 


\ = Height/Exposure adjustment coefficient at the mean roof height, 
I,, = Importance factor for wind (ASCE 7, Tables 1-1 and 6-1), and 


Pyev39 = Tabulated wind pressure, psf (based on wind speed and effective wind area, A,). 


Ata mean roof height of 60 ft. and exposure category C, the height/exposure adjustment fac- 
tor, C, =1.62. The design wind pressures on the roof are calculated in Table 3-14 as follows: 


Table 3-14 Design vertical wind pressures on roof framing (C&C) 
Design Vertical Pressures, X 1, Pretzo, PSF 


+ve Pressure* —ve Pressure or Suction* 


Roof Interior Zone 1 (1.62)(1.0)(4.7)= 7.7 (1.62)(1.0)(—13.3) = —21.6 
(use 10 psf minimum) 


Roof End Zone 2 (1.62)(1.0)(4.7)= 7.7 (1.62)(1.0)(—15.8) = —25.6 
(use 10 psf minimum) 


Roof Corner Zone 3 (1.62)(1.0)(4.7)= 7.7 (1.62)(1.0)(-15.8) = —25.6 
(use 10 psf minimum) 


*Positive pressure indicates downward wind loads and negative pressure indicates upward wind loads that cause 
uplift. Assume an effective area, A, = 100 ft.?. Note the difference in vertical wind pressures because of the A, 
value used in this table, compared with an A, of 10 ft.? used in Table 3-13. 


Using the largest wind pressure values (conservative, but it saves time!), we obtain the 
governing downward and upward wind loads from Table 3-14 as follows: 


W = +10.0 psf (this +ve wind load will be used in load combinations | through 5) 


W = —25.6 psf (this —ve wind load value will be used in load combinations 6 and 7) 


Summary of Roof Loads 


The following is a summary of the loads acting on the roof of the building: 


Dead load, D = 25 psf 
Snow load, S = 35 psf 
Maximum roof live load, L, = 20 psf 


Wind load, W = + 10.0 psf and —25.6 psf 
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The LRFD load combinations from Chapter 2 will now be used to determine the governing 
or controlling load case for this steel-framed roof; for illustrative purposes, we will assume 
that the roof beams have a span of 20 ft. and a tributary width of 5 ft. 


LFRD Load Combinations 
1: 1.4 (25 psf) = 35 psf 
1.2 (25 psf) + 1.6 (0) + 0.5 (35 psf) = 48 psf 
1.2 (25 psf) + 1.6 (35 psf) + 0.8 (10.0 psf) = 94 psf (governs downward) 
1.2 (25 psf) + 1.6 (10.0 psf) + 0 + 0.5 (35 psf) = 63.5 psf 
1.2 (25 psf) + 0 + 0 + 0.2 (35 psf) = 37 psf 
6: 0.9 (25 psf*) + 1.6 (—25.6 psf) = —18.5 psf (governs upward) 


*This is the dead load assumed to be present when the wind acts on the building. The actual 
value may be less than the dead load used for calculating the maximum factored downward 
load in load combinations | through 5. This dead load value should be carefully determined 
so as not to create an unconservative design for uplift wind forces. 


Load Effects in Roof Beams with Net Uplift Loads 


The roof beams in the previous example will have to be designed for a downward-acting load 
of 94 psf and a net factored uplift load of —18.5 psf. The girders will have to be designed 
for the corresponding beam reactions. Note that this beam must be checked for both down- 
ward and uplift loads. Most roof beams have their top edges fully braced by roof decking 
or framing, but in designing beams for moments due to net uplift loads, the unbraced length 
of the compression edge of the beam (which is the bottom edge for uplift loads) will, in 
most cases, be equal to the full span of the beam. For steel beams, this could lead to a sub- 
stantial reduction in strength that could make the uplift moments more critical than the 
moments caused by the factored downward loads. 

Assuming that the roof beam span, L, is 20 ft. with a tributary width of 5 ft., the mo- 
ments and reactions are calculated as follows: 


Factored uniform downward load, w, (downwards) = (94 psf)(5 ft.) = 470 Ib./ft. 


Maximum +ve moment, M,,*”° = (470 lb./ft.)(20 ft.)?/8 = 23,500 ft.-Ib. 
(unbraced length, L, = 0 ft.) 


Maximum downward load reaction, R,,*”’ = (470 Ib./ft.)(20 ft.)/2 = 4700 lb. 
Net factored uniform uplift load, w,, (upwards) = (—18.5 psf)(5 ft.) = —92.5 Ib./ft. 


Maximum —ve moment, M, = (—92.5 Ib./ft.)(20 ft.)’/8 = —4625 ft-lb. 
(unbraced length, L,, = 20 ft.) 


Maximum upward load reaction, R, *° = (—92.5 lb./ft.)(20 ft.)/2 = —925 lb. 


If open-web steel joists were used for the roof framing instead of the infill steel beams, a net 
uplift wind pressure could lead to the collapse of these joists if the uplift load is not ade- 
quately taken into account in the design of the joists. When subjected to a net uplift wind load, 
the bottom chord of the open-web steel joists and the long diagonal members, which are typ- 
ically in tension under downward gravity loads (and, in many cases, may have slenderness 
ratios of between 200 and 300), will be in compression due to the uplift loads. Under this con- 
dition, these members may be inadequate to resist the resulting compression loads unless 
they have been designed for this load reversal. The combination of a light roof system and 
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an inaccurately calculated wind uplift load led to the collapse of a commercial warehouse roof 
in the Dallas area in 2001 [7]. In this warehouse structure, the net uplift due to wind loads 
caused stress reversals in the roof joist end web and bottom chord members, which had only 
been designed to resist axial tension forces. 


3.8 CALCULATION OF SEISMIC LOADS 


Seismic loads are calculated differently for the primary system (i.e., the lateral force resist- 
ing system) than for parts and components such as architectural, mechanical, and electrical 
fixtures. In the United States, seismic load calculations are based on a 2% probability of ex- 
ceeding the design earthquake in 50 years or the so-called 2500-yr. earthquake. The seismic 
load calculations for the primary system are covered in ASCE 7, Chapter 12, while the seis- 
mic load calculations for parts and components are covered in ASCE 7, Chapter 13. 

The intent of the ASCE 7 seismic design provisions is to allow limited structural dam- 
age without collapse during an earthquake. The inelastic action of structures during a seis- 
mic event, resulting from cracking and yielding of the members, causes an increase in the 
damping ratio and in the fundamental period of vibration of the structure; thus, seismic 
forces are reduced due to inelastic action. 

The seismic design category (SDC) determines the applicable seismic analysis proce- 
dure, the seismic detailing requirements, quality assurance plans, and height limitations for 
building structures. The SDC is a function of 


e Building location, 
¢ Building use and occupancy category (see ASCE 7, Tables 11.5-1, 11.6-1, and 11.6-2), and 
e Soil type. 
The six SDCs identified in ASCE 7 are given in Table 3-15, and the four occupancy cate- 
gories and their corresponding seismic importance factors are tabulated in Table 3-16 (ASCE 


7, Table 1-1). The step-by-step procedure for determining the seismic design category is 
given in Table 3-17. 


Table 3-15 Seismic design categories 


Seismic Design 
Category (SDC) 


Application 


Applies to structures (regardless of use) in regions where ground motions are minor, even for very long 
periods. 


Applies to occupancy category | and Il structures in regions where moderately destructive ground 
shaking is anticipated. 


Applies to occupancy category Ill structures in regions where moderately destructive ground shaking is 
anticipated. 

Applies to occupancy category | and Il, structures in regions where somewhat more severe ground 
shaking is anticipated. 


Applies to occupancy category |, Il, and Ill structures in regions where destructive ground shaking is 
anticipated, BUT not located close to major active faults. 


Applies to occupancy category | and II structures in regions located close to major active faults. 


Applies to occupancy category Ill structures in regions located close to major active faults. 
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Table 3-16 Occupancy category and seismic importance factor 


Seismic Importance 
Factor, |, 


Occupancy 
Category 


Type of Occupancy 


Buildings that represent a low hazard to human life in the event of failure (e.g., buildings 


that are not always occupied) 


Standard occupancy buildings 


Assembly buildings: Buildings that represent a substantial hazard to human life in the 


event of failure 


Essential and hazardous facilities e.g., police and fire stations, hospitals, aviation control 
towers, power-generating stations, water treatment plants, and national defense facilities 


. Determine spectral response accelerations for 


the building location from ASCE 7, Figures 
22-1 through 22-14, or from other sources. 


Table 3-17 Determination of the seismic design category 


Short-period ground motion, S, 


At short (0.2-sec.) period, S, 
(site class B), given as a fraction or 
percentage of g. 


Long-period ground motion, S, 


At long (1-sec.) period, S, (site class B), 
given as a fraction or percentage of g. 
Check if notes in step 8 are applicable. 


. Determine site class (usually specified by 
the geotechnical engineer) or ASCE 7, 
Chapter 20. 

e If site class is F 


Do site-specific design. 


Do site-specific design. 


e lf data available for shear wave velocity, 
standard penetration resistance (SPT), 
and undrained shear strength 


Choose from site class A through E. 


Choose from site class A through E. 


@ If no soil data available 


Use site class D. 


Use site class D. 


. Determine site coefficient for acceleration 
or velocity (percentage of g). 


Determine F.,, from ASCE 7, Table 
11.4-1. 


Determine F, from ASCE 7, 
Table 11.4-2. 


. Determine soil-modified spectral 
response acceleration (percentage of g). 


Sus = F, S; (ASCE 7, equation 
11.4-1) 


Swi = F, S; (ASCE 7, equation 11.4-2) 


. Calculate the design spectral response 
acceleration (percentage of g). 


Sps = 2/3 Sms (ASCE 7, equation 
11.4-3) 


Sp1 = 2/3 Sy (ASCE 7, equation 11.4-4) 


. Determine occupancy category of the 
structure from ASCE 7, Table 1-1. 
(see Table 3-16) 


. Determine seismic design category 
(SDC). 


Use ASCE 7, Table 11.6-1. 


Use ASCE 7, Table 11.6-2. 


. Select the most severe SDC (see ASCE 7, 
Section 11.6) from step 7. 


Compare columns 2 and 3 from step 7 and select the more severe SDC value. In 


addition, note the following: 


e For occupancy categories |, Il, or Ill (See ASCE 7, Table 1-1), with mapped 


S, = 0.75g, SDC = E. 


© For occupancy category IV, with mapped S, = 0.75g, SDC = F 


It is recommended, whenever possible, to endeavor to be in SDC A, B, or C, but it should be noted that the SDC value for any building will depend 
largely on the soil conditions at the site and the structural properties of the building. Note that the site coefficients F, and F, increase as the soil 
becomes softer. If SDC D, E, or F is obtained, this will trigger special detailing requirements, and the reader should refer to ASCE 7 and the materials 
sections of the International Building Code (IBC) for several additional requirements. 
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3.9 SEISMIC ANALYSIS OF BUILDINGS USING ASCE 7 


There are several methods available for seismic analysis in the ASCE 7 load specifica- 
tion. The appropriate method of analysis to be used will depend on the SDC obtained in 
Table 3-17. The permitted seismic analysis methods for SDC B through F is described 
in ASCE 7 Table 12.6-1. The seismic analysis procedure for structures in SDC A is de- 
scribed below. 


Seismic Analysis Procedure for SDC A 
(ASCE 7, Sections 11.7.1 and 11.7.2) 


The minimum lateral force procedure is permitted for buildings in SDC A. The lateral force 
is calculated as follows: 


Fy = 0.01 W,, (3-5) 
where 


W,. = Portion of the total seismic dead load (see Section 3-10) tributary to or assigned 
to level x, and 


F, = Seismic lateral force at level x. 


Simplified Analysis Procedure for Simple Bearing Wall or 
Building Frame Systems (ASCE 7, Section 12.14) 


If all the conditions listed in ASCE 7, Section 12.14.1.1 are met, the simplified proce- 
dure described below can be used. Some of the more common conditions include the 
following: 

Building must be in occupancy category I and II in site class A through D and not ex- 
ceed three stories in height above grade. The seismic force resisting system shall be a bear- 
ing wall system or a building frame system (see ASCE 7, Table 12.14-1) and no irregularities 
are permitted. 

For the simplified method, the seismic base shear and the lateral force at each level are 
given in equations (3-6) and (3-7), respectively. 


Seismic Base Shear: 


FS 
v= — vw, (3-6) 
R 
Seismic Lateral Force at Level x: 
w,\(FS FS 
r= (8) (Ew) - a 
WwW R R 


where 


R = Structural system response modification factor (ASCE 7, Table 12.2-1), 


W,. = Portion of the total seismic dead load (see Section 3-10) tributary to or 
assigned to level x, and 


W = Total seismic dead load, 


116 


3.10 


CHAPTER 3 


F = 1.0 for one-story buildings, 
= 1.1 for two-story buildings, and 
= 1.2 for three-story buildings. 


EQUIVALENT LATERAL FORCE METHOD 
(ASCE 7, SECTION 12.8) 


The equivalent lateral force method is the most widely used of all the seismic analysis meth- 
ods. The equivalent lateral force method can be used for most structures in SDC A through 
F, except for certain structures with period greater than 3.5 seconds and structures with geo- 
metric irregularities. (See ASCE 7 Table 12.6-1.) Using this method, the factored seismic 
base shear (applied separately in each of the two orthogonal directions) is calculated as 


V=C,W, (3-8) 
where 
W is the total seismic dead load (including cladding loads) plus other loads listed below: 


25% of floor live load for warehouses and structures used for storage of goods, wares, 
or merchandise. (public garages and open parking structures are excepted.) 

Partition load or 10 psf, whichever is greater. (Note: This only applies when an allowance 
for a partition load was included in the floor load calculations.) 

Total operating weight of permanent equipment. (For practical purposes, use 50% of 
the mechanical room live load for schools and residential buildings, and 75% for me- 
chanical rooms in industrial buildings.) 

20% of the flat roof or balanced snow load, if the flat roof snow load, P,, exceeds 
30 psf. A higher snow load results in a tendency for the bottom part of the accumulated 
snow to adhere to the structure and thus contribute to the seismic load [1]. 


roof 
W = Wasa + Waa + Wan +... + Wroor = >) W, (3-9) 
x = 2nd 
where 
W,. = Seismic dead load tributary to level x. 
The seismic coefficient is given as 
CH= RD (3-10) 


= Sp,/(TR/I,) for T S T, 

= Spi 1p) (TRL) tor Tk > T; 

= 0.5 S,/(R/I,) for buildings and structures with S, = 0.6g, 
= 0.01 
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where 


I, = Importance factor from ASCE 7, Table 1-1 
Sps = Short-period design spectral response acceleration, 
Sp, = 1-sec. design spectral response acceleration, 

S, = Mapped I-sec. spectral acceleration, 

T = Period of vibration of the structure, 


T,, = Long-period transition period (see ASCE 7, Section 11.4.5 and Figures 22-15 
through 22-20, [1]), and 


R = Structural system response modification factor (see ASCE 7, Table 12.2-1). 


The structural system response modification factor, R is a measure of the ductility of the seis- 
mic lateral force resisting system; it accounts for the inelastic behavior of the lateral force 
resisting system. An R-value of 1.0 corresponds to a purely elastic structure, but it would be 
highly uneconomical to design structures assuming elastic behavior. The use of higher R- 
values that would reduce the base shear values to well below the elastic values is borne out 
of experience from previous earthquakes in which buildings have been known to resist earth- 
quake forces significantly higher than the design base shear values because of inelastic be- 
havior and inherent redundancy in the building structure. 
The seven basic structural systems prescribed in ASCE 7, Table 12.2-1 are 


1. Bearing Wall Systems: Lateral force resisting system (LFRS) that supports both 
gravity and lateral loads. Therefore, R-values are smaller because the performance 
is not as good as that of the building frame system because it supports dual load- 
ing (e.g., concrete or masonry shear walls that support both gravity and lateral 
loads). 

2. Building Frame Systems: LFRS that supports only lateral load. It has better struc- 
tural performance because it supports a single load; therefore, the R-values are 
higher than those for bearing wall systems. Thus, building frame systems are more 
economical than bearing wall systems. Examples of building frame systems include 
braced frames, masonry shear walls in steel-framed buildings, and steel plate shear 
walls. 

It should be noted that concrete or masonry shear walls that do not support grav- 
ity loads may also be classified as building frame systems, and it is not necessary that 
the walls be isolated from the building frame. If a shear wall that is built integral with 
a building frame has confined columns at the ends of the wall and/or confined 
columns within the wall length, and has a beam or girder immediately above and in 
the plane of the wall spanning between these columns to support the gravity loads, 
such a shear wall can be classified as a building frame system; the reason is that if 
the shear wall panel itself were removed, the gravity loads can still be supported by 
the end columns and/or the confined columns, and the beam or girder spanning 
between these columns [5]. 

3. Moment Resisting Frame Systems 

4. Dual Systems: Combined shear wall and moment resisting frame. 

5. Shear Wall-Frame Interactive System: Ordinary reinforced concrete moment 
frames and ordinary reinforced concrete shear walls. 

6. Inverted Pendulum and Cantilevered Column Systems: Structures where a large 
proportion of their total weight is concentrated at the top of the structure (e.g., water 
storage towers). 
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7. Steel Systems not specifically detailed for seismic resistance (R = 3), excluding 
cantilevered column systems: This system is only applicable for SDC A, B, or C. 
Using this system, which is frequently chosen by design professionals in prac- 
tice, obviates the need for special steel detailing requirements. Using R-values 
greater than 3 triggers the special detailing requirements in the AISC Seismic 
Detailing Provisions for Steel Buildings (AISC 341-05) [8]. The authors recom- 
mend that an R-value of 3 or less be used in design whenever possible to avoid 
the increased costs associated with the seismic detailing requirements that are 
triggered when R exceeds 3. 


In addition to the R-values provided in ASCE 7, Table 12.2-1, the following parameters are 
also provided in the table: 


¢ Deflection amplification factor, Cy 
e Overstrength factor, Q,,, 
e Structural system limitations and building height limits as a function of the SDC, and 


e ASCE7 sections where material-specific design and detailing requirements are specified. 


A plot of the IBC design response spectra that gives the maximum acceleration versus 
period, T, for various buildings is shown in Figure 3-19. 


Fundamental Period, T (all types of buildings) 


The most commonly used equation for calculating the approximate fundamental period for 
all types of buildings is given as 


T = Approximate fundamental period of building = T, = C,(h,,*), (3-11) 
where 


C, and x are obtained from Table 3-18 (ASCE 7, Table 12.8-2), and 
h,, = Height (in feet) from the base to the highest level (i.e., roof) of building. 


Sa = Sp \/T 


Spectral response 
acceleration, S, 
i) 
g 


To Ts; 1.0 


Period, T 
Figure 3-19 Design response spectra. Adopted from Ref. [6] 
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Table 3-18 C, values for various structural systems 


Steel Moment Resisting Frames 


Eccentrically Braced Frames (EBF) 


All other structural systems 


Fundamental Period, T (moment frames only) 


An alternate equation for the fundamental period that is applicable only to concrete or steel 
moment frames, and is valid only for structures not exceeding 12 stories with a story height 
of at least 10 ft., is given as 


T=T, = 0.1N, (3-12) 
where WN is the number of stories in the building. 


The higher the fundamental period, 7,,, of the structure, the smaller the seismic force on the 
structure is. To minimize the effect of the error in calculating the fundamental period, the 
ASCE 7 load specification sets an upper limit on the period using a factor C,,. If a dynamic 
structural analysis, including structural properties and deformational characteristics, is used 
to determine the fundamental period of lateral vibration of the structure, the calculated pe- 
riod is limited to a maximum value determined as follows: 


Tmax = Cy Ta (3-13) 
where 


C,, = Factor that depends on Sp, and is obtained from ASCE 7, Table 12.8-1, and 


T, = Approximate period of vibration as determined previously. 


Note that equation (3-11) is more commonly used in practice, and equation (3-13) is 
used only when the natural period of the structure is determined from a dynamic struc- 
tural analysis. 


3.11 VERTICAL DISTRIBUTION OF SEISMIC BASE SHEAR, V 


Since most structures are multiple degrees-of-freedom systems with several modes of vibra- 
tion, the distribution of the seismic lateral force is a combination of the contributions from 
all the significant modes of vibration of the structure. 

The force distribution to each level is a function of the seismic weight, W,, at that level, 
the height or stiffness of the structure, and the predominant mode of vibration. The expo- 
nent k in equation 3-15 is an attempt to capture the contributions from the higher modes of 
vibration. 
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Table 3-19 k Values 


Building Period, T, in seconds 


=0.5 1 (no whiplash effect) 


05<T<2.5 1 + 0.5 (T — 0.5) 


= 2.5 2 


The factored seismic lateral force at any level of the vertical LFRS is given as 
Fy = Cy V, (3-14) 


where 


Wht 
> wai 
j=1 


W, = Portion of the total gravity load of the building, W, that is tributary to 
level x (includes weight of floor or roof, plus weight of perimeter or 
interior walls tributary to that level), 


Cy = (3-15) 


W; = Portion of the total gravity load of the building, W, that is a tributary to 
level i (includes weight of floor or roof, plus weight of perimeter or 
interior walls tributary to that level), 


h, and h, = Height (in feet) from the base to level 7 or x, 
k = Exponent related to the building period (refer to Table 3-19), 


Note: The height of a vertical wall that is tributary to a particular level, x, is the distance 
from a point midway between level x and level x + 1 to a point midway between level x 
and level x — 1. 


Level i = Any level in the building @ = | for first level above the base), 
Level x = That level which is under design consideration, and 


Level n = Uppermost level of the building. 


3.12 STRUCTURAL DETAILING REQUIREMENTS 


After the seismic forces on a structure have been determined and the lateral load resisting 
systems have been designed for these forces, the structure must also be detailed to conform 
to the structural system requirements that are required by the seismic design category (SDC). 
Buildings in SDC A, B, or C do not generally require stringent detailing requirements. How- 
ever, buildings in SDC D, E, or F require stringent detailing requirements for the seismic 
force resisting system and other components of the building. The reader should refer to 
ASCE 7, Chapter 14 for the specified design and detailing requirements as a function of the 
SDC and the construction material [1]. 
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Seismic Lateral Forces in a Two-story Building 


Calculate the seismic forces at each level for the office building shown in Figure 3-20. 
The seismic accelerations are S; = 0.31 and S$, = 0.10. The dead load on the second 
floor is 80 psf and the dead load on the roof is 30 psf; ignore the weight of the cladding. 
The flat roof snow load, P;, is 42 psf. The lateral force resisting system is a structural 
steel system not specifically detailed for seismic resistance. Soil conditions are un- 
known. Use the minimum lateral force procedure and the simplified procedure. 

Calculate the lateral force on each X-braced frame assuming there is one X-brace 
on each of the four exterior walls. 


Roof 
S iE 
oF 2nd floor 
2 
5 US! ; 


a. plan view b. elevation 


Figure 3-20 Building plan for example 3-3. 


SOLUTION 


1. Determine the seismic design category (SDC) using Table 3-17. 
The SDC is not applicable to the simplified or minimum lateral force calcu- 
lation methods. 


2. Determine the method of seismic analysis to be used from ASCE 7, Table 12.6-1. 
The minimum lateral force procedure and the simplified procedure are 
specified for this example. 


3. Calculate the dead load at each level, W;, and the total dead load, W (see Table 3-20). 
The flat roof snow load for this building is P; = 42 psf > 30 psf; therefore, 20% 
of the snow load must be included in the calculation of the seismic dead load, W. 


Table 3-20 Assigned seismic weights at each level of building 


Height from 
Base, h; Weight, W,; 


Roof Wroor = (30 psf)(75 ft.)(50 ft.) + 
(0.20)(42 psf)(75 ft.)(50 ft.) = 144 kip 


Second : W, = (80 psf)(75 ft.)(50 ft.) = 300 kip 


Note: W = =W, = 444 kip 
(continued) 
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4. Determine the seismic coefficient, C,. 


For the minimum lateral force method, the seismic response coefficient is 
essentially 0.01. 


For the simplified method, the coefficient is obtained as follows: 
Soil site class = D (since site conditions are unknown) 


Ss = 0.311 

S,; = 0.10 

R = 3 (ASCE 7, Table 12.2-1; system not specifically detailed 
for seismic resistance ) 

F, = 1.4 (ASCE 7, Table 11.4.1) 

Sms = F,S; = (1.4)(0.31) = 0.434 

Sps = 2/3 Sms = (2/3)(0.434) = 0.289 

F = 1.1 (two-story building) 


The seismic coefficient is calculated from equation (3-6) as 


FS,  (1.1)(0.289) 


€ = = 0.106. 
R 3.0 


5. Calculate the seismic base shear, V. 


Minimum Lateral Force: 


V = 0.01W = (0.01)(444) = 4.44 kips 
Fr = 0.01Wp = (0.01)(144) = 1.44 kips 
F, = 0.01W, = (0.01)(300) = 3.0 kips 
Simplified Procedure: 
FSpsW 1.1) (0.289) (444 
_ FSpsW _ (1.1)(0.289)(444) 47.1 kips 
R 3.0 
FSpsW, 1.1)(0.289) (144 
= fis x _ (1.1)(0.289)( isa 
R 340) 
FSpsW. 1.1)(0.289) (300 
jay = wes a Deere? 


Total lateral force on each X-brace at each level is calculated as follows: 


Froop = (1.44/2) = 0.72 kip (minimum lateral force); 
15.3/2 = 7.65 kips (simplified) 

Fyq = (3.0/2) = 1.5 kips (minimum lateral force); 
31.8/2 = 15.9 kips (simplified) 


The lateral forces are shown in Figure 3-21. 
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=Tj_§_§£_i a 

= 0.72 kips 

© aie 1 65 kips 

—=3—_§ 
= 1.5 kips 

Pimp = 15.9 kips 


Figure 3-21 Seismic loads on each X-brace. 


Seismic Lateral Forces in a Multistory Building 


The typical floor plan and elevation of a six-story office building measuring 100 ft. by 100 ft. in plan and laterally 
braced with ordinary moment resisting frames is shown in Figure 3-22. Determine the seismic forces on the build- 


Roof 
moment 
connection S 
(typ.) 6th 
= =E aE S11 
© 
5th 
HP> <i> HP <1 H S 
z ros) 
= ol 
Il 
Ye) = 
is SS el = 
© 3rd 
wn 
S 
oO Z 
SS = 
H>——<_L>—_—__<1 >_——_—<1——_H Qnd 
= 
aE ale ale 
a Wig EL Gee ue 
4 bays @ 25' = 100! ee 
a. plan view b. elevation 


Figure 3-22 Building plan and elevation for example 3-4. (continued) 
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ing and on each moment frame assuming the following design parameters: 


Roof dead load = 25 psf 
Snow load = 31.5 psf 
Floor dead load = 75 psf (includes partition load) 
Cladding (glazing) = 20 psf 
Ss = 0.25g 
S, = 0.072g 


SOLUTION 
1. Determine the seismic design category (SDC) (see Table 3-21.) 


Table 3-21 Determining the seismic design category for Example 3-4 


SHORT-PERIOD ground 
motion, S, LONG-PERIOD ground motion, S, 


. Determine spectral response accelerations S, = 0.258 S, = 0.072g < 0.75g 
for the building location from ASCE 7, Use the fraction of g (i.e., Use the fraction of g (i.e., 0.072) in the 
Figures 22-1 through 22-14 (2% probability 0.25) in the calculations. calculations. 
of exceedance (PE) in 50 years). 


. Determine site class (usually specified by 
the geotechnical engineer. 
@ If site class is F Do site-specific design. Do site-specific design. 


e lf data available for shear wave velocity, Choose from site class A Choose from site class A through E. 
standard penetration resistance (SPT), through E. 
and undrained shear strength 


@ If no soil data available Use site class D. Use site class D. 


. Determine site coefficient for acceleration F, = 1.6 F,=2.4 
or velocity (percentage of g). (ASCE 7, Table 11.4-1) (ASCE 7, Table 11.4-2) 


. Determine soil-modified spectral response Sus = F, S; = (1.6)(0.25) = Sui = F, S, = (2.4)(0.072) = 
acceleration (percentage of g). 0.40 (ASCE 7, equation 11.4-1) 0.17 (ASCE 7, equation 11.4-2) 


. Calculate the design spectral response Sps = 4 Sys = (4)(0.405) = Sor = 4 Sy. = (4)(0.17) = 
acceleration (percentage of g). 0.27 (ASCE 7, equation 0.12 (ASCE 7, equation 11.4-4) 
11.4-3) 


. Determine occupancy category of the Standard occupancy building Standard occupancy building 
structure from ASCE 7, Table 1-1. => Il, = 1.0 => Il, = 1.0 


. Determine seismic design category (SDC). SDC = B (ASCE 7, Table 11.6-1) SDC = B (ASCE 7, Table 11.6-2) 


. Choose most severe SDC (i.e., the higher Compare the second and third columns from the previous step 
SDC value). = USE SDC = B 
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2. Determine the method of seismic analysis to be used. 
From Table 3-21, the SDC is found to be B. Therefore, from ASCE 7, Table 12.6-1, we find that the 
equivalent lateral force method is one of the permitted methods of seismic analysis for this building. 


3. Calculate the dead load at each level, W,, and the total dead load, W (see Table 3-22). 
The flat roof snow load given for this building is Py = 31.5 psf > 30 psf. Therefore, 20% of the snow 
load must be included in the seismic dead load calculations. 


Table 3-22 Assigned seismic weights at each level of building 
Height from 
Base, h; Weight, W; 
Wroot = (25 psf)(100 ft.)(100 ft.) + (20%)(31.5 psf)(100 ft.)(100 ft.) + 
(20 psf)(2)(100 ft. + 100 ft.)(10 ft./2) = 353 kips 
We = (75 psf)(100 ft.)(100 ft.) + (20 psf)(2)(100 ft. + 100 ft.)[(10 ft. + 10 ft.)/2] 
_= 830 kips a 


Ws; = (75 psf)(100 ft.)(100 ft.) + (20 psf)(2)(100 ft. + 100 ft.)[(10 ft. + 10 ft.)/2] 
= 830 kips 


W, = (75 psf)(100 ft.)(100 ft.)-+(20 psf)(2)(100 ft. + 100 ft.)[(10 ft. + 10 ft.)/2] 
= 830 kips 


W3 = (75 psf)(100 ft.)(100 ft.) + (20 psf)(2)(100 ft. + 100 ft.)[(10 ft. + 10 ft.)/2] 
= 830 kips 


W, = (75 psf)(100 ft.)(100 ft.) + (20 psf)(2)(100 ft. + 100 ft.)[(10 ft. + 10 ft.)/2] 
= 830 kips 


Note: W = XW, = 4503 kips. 


4. Determine the seismic coefficient, C,. 

For this building, the lateral loads are resisted solely by the moment frames. Therefore, from ASCE 7, 
Table 12.2-1, we could select ordinary steel moment frames (system C-4) for which we obtain the follow- 
ing parameters: R = 3.5, C, = 3, and Q, = 3. 

The equivalent lateral force method is permitted in SDC A through C. 

Note that in order to use system C-4, certain detailing requirements must be met, and the AISC 341 specifica- 
tion for seismic detailing of steel buildings [8] must be used (see ASCE 7, Sections 12.2.5 and 14.1). 

However, if a “steel system not specifically detailed for seismic resistance” or system H is used 
(whenever possible and for economic reasons, this is a highly recommended system for steel buildings.) 
the less stringent AISC 360 specification [9] for structural steel buildings is allowed to be used. From a 
cost point of view for this building, we will adopt system H, and the following parameters are obtained 
from ASCE 7, Table 12.2-1: R = 3, C, = 3, and O, = 3. (Note that system H is only permitted in 
SDGCA, Bor €): 

The equivalent lateral force method is permitted for this building with SDC B. 


C, = 0.028 and x = 0.8 (from Table 3-18 for steel moment resisting frames) 
= Roof height = 60 ft. 


SS 
| 


n 


(continued) 
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T = T, = Approximate period of the building = C, (h?*) 

= 0.028 x (60°%) = 0.74 < T; = 6s (see ASCE 7, Figure 22-15) 
Seismic response coefficient = Sps/[R/Ig] = 0.27/(3/1.0) = 0.09 
<= Sp,/[TR/Tz| = 0.12/(0.74)(3)(1.0) = 0.054 
= C, = 0.054 > 0.01 


C; 


5. Calculate the seismic base shear, V. 


V = C,W = (0.054)(4503 kips) = 243 kips 
(This is the seismic force in both the N-S and E—W directions. ) 


6. Determine the vertical distribution of the seismic base shear (i.e., determine F’, at each level). 


For T = 0.74 sec., and from Table 3-19, k = 1 + 0.5(0.74 — 0.5) = 1.12 


The seismic lateral forces at each level of the building are calculated in Table 3-23. 


Table 3-23 Seismic lateral force 
Height Dead Load 
from at each C, = 
Base, h; Level, W, W,(h,)“/ ZW, (h,)* li = (Gel 


Roof ; 353 kips 34618 0.154 37 kips 


Sixth floor . 830 kips 66363 0.295 72 kips 


Fifth floor i 830 kips 51687 0.230 56 kips 


Fourth floor : 830 kips 37450 0.167 41 kips 


Third floor : 830 kips 23781 0.106 26 kips 


Second floor . 830 kips 10942 0.049 12 kips 


Sw(h)* = 224,841 SF, = 244 kips ~ 243 kips 


e The F, forces calculated in Table 3-23 are the factored seismic forces acting at each level 
of the building in both the N-S and the E—W directions. 

e If the building has rigid diaphragms (as most steel buildings do), the F’, forces will be 
distributed to the LFRS in each direction in proportion to the relative stiffness of the mo- 
ment frames. 

e If the building has a flexible diaphragms, the forces are distributed in proportion to the 
plan area of the building tributary to each LFRS. 
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3.14 PROBLEMS 


3-1. 


3-2. 


3-4. 


For a two-story office building 140 ft. by 140 ft. in plan and with a floor-to-floor height of 13 ft. 
located in your city, calculate the following wind loads assuming an X-brace is located on each 
exterior wall: 

a. Average horizontal wind pressure in the transverse and longitudinal directions. 

b. Total wind base shear in the transverse and longitudinal directions. 


c. Force to each X-brace frame in the transverse and longitudinal directions. 


Assume the building is enclosed and exposure category D. 


For the building in Problem 3-1, calculate the following seismic loads: 


a. Seismic base shear and force at each level, assuming the minimum lateral force procedure. 
b. Seismic base shear and force at each level, assuming the simplified procedure. 
Assume a roof dead load of 25 psf and a flat roof snow load of 35 psf. Include the weight of 


the cladding around the perimeter of the building in the weight of the roof and floor levels. 
Use Sps = 0.27, Sp; = 0.12, and R = 3.0. 


. A five-story office building, 80 ft. by 80 ft. in plan, with a floor-to-floor height of 12 ft. and an 


essentially flat roof, is laterally supported by 10-ft-long shear walls on each of the four faces 
of the building. The building is located in New York City (assume a 120-mph basic wind speed, 
exposure category C, and a category I building). 


a. For the MWERS, determine the unfactored wind loads at each floor, the base shear, and the 
overturning moments at the base of the building using ASCE 7, method 1 (simplified method). 


b. Assuming two shear walls in each direction, determine the unfactored wind lateral force 
at each floor level for each shear wall, the base shear, and the overturning moment. 


c. Repeat part b using factored wind loads (i.e., using the load factor for wind). 


Find the following for the building described in problem 3-3. Assume that the rigid diaphragms 
and the ordinary reinforced concrete shear walls support gravity, as well as lateral, loads. 


a. Determine the factored seismic lateral force at each level of the building in the N—-S and 
E-W directions. (Neglect torsion.) 


b. Calculate the factored seismic force at each level for a typical shear wall in the N-S and 
E-W directions. 


c. Calculate the factored total seismic base shear for a typical shear wall in the N—S and 
E-W directions. 


d. Calculate the factored seismic overturning moment at the base of a typical shear wall in 
the N-S and E—W directions. 
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e. 


If instead of having shear walls on each of the four faces of the building (i.e., two shear 
walls in each direction), the building has five ordinary concentric steel X-brace frames 
in a building frame system (located 20 ft. apart) in both the N-S and E—W directions, 
recalculate the factored seismic force at each level of a typical interior X-brace frame, 
the factored base shear, and the overturning moment. Assume that the structural steel sys- 
tem is not specifically detailed for seismic resistance. 


Recalculate the forces and moments in problem e, assuming that the building has flex- 
ible diaphragms. 


Assume the following design parameters: 


Average dead load for each floor is 150 psf. 


Average dead load for roof is 30 psf; the balanced roof snow load, Py is 35 psf; and the 
ground snow load, P,, is 50 psf. 


Average weight of perimeter cladding is 60 psf of vertical plane. 

Building is a Non-essential facility. 

Floor and roof diaphragms are rigid (parts a-e). 

Shear walls are bearing wall systems with ordinary reinforced concrete shear walls. 
Short-term spectral acceleration, S; = 0.25g. 

1-sec. spectral acceleration, $, = 0.07g. 

No geotechnical report is available. 


Neglect torsion. 


3-5. The roof of a one-story, 100-ft. by 120-ft. warehouse, with a story height of 20 ft. is framed with open- 
web steel joists and girders as shown in Figure 3-23. Assuming a roof dead load of 15 psf, determine 
the net factored wind uplift load on a typical interior joist. The building is located in Dallas, Texas. 


4o'-0" 4o'-o" 4o'-0" 


25'-0" 25'-0" 25'-0" 


25'-0" 


Figure 3-23 Warehouse roof framing plan for problem 3-5. 


3-6. 
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Roof 
a 
2nd floor 
Q 
: 75" 


a. plan view b. elevation 
Figure 3-24 Building plan and elevation for problem 3-6. 


A two-story steel structure, 36 ft. by 75 ft. in plan, is shown below (see Figure 3-24) with the 
following given information. The floor-to-floor height is 13 ft., and the building is enclosed and 
located in Rochester, New York, on a site with a category C exposure. Assuming the following 
additional design parameters, calculate the following: 
Floor dead load 100 psf 
Roof dead load = 30 psf 

Exterior walls = 10 psf 

Snow load, Py = 40 psf 


Site class = D 


Importance, J, = 1.0 


Ss = 0.25% 
S; = 0.07% 
R = 3.0 


a. The total horizontal wind force on the MWFRS in both the transverse and longitudinal 
directions. 


b. The gross vertical wind uplift pressures and the net vertical wind uplift pressures on the 
roof (MWFRS) in both the transverse and longitudinal directions. 


c. The seismic base shear, V, in kips. 


d. The lateral seismic load at each level in kips. 


. Student Design Project Problem 


Calculate the wind loads and the seismic loads for the design project introduced in Chapter 1. 
Determine the design lateral forces at each level of the building for the two LFRS options given 
in the design project brief in Chapter 1. 
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Tension Members 


4.1 INTRODUCTION 


Tension members are axially loaded members stressed in tension and are used in steel struc- 
tures in various forms. They are used in trusses as web and chord members, hanger and sag 
rods, diagonal bracing for lateral stability, and lap splices such as in a moment connection 
(see Figure 4-1 for examples of tension members). 

Beams and columns are subjected to compression buckling (such as lateral-torsional Buck- 
ling, Euler Buckling, and Local Buckling) and must be checked for this failure mode, but tension 
members are not subjected to the same lateral instability since compression stresses do not exist. 
The exception to this is the special case when the applied tension load is eccentric to the member 
in question, inducing an applied moment and therefore creating the possibility of lateral instability. 

The basic design check for a tension member is to provide enough cross-sectional area to re- 
sist the applied tensile force. In practice, however, pure tension members do not typically exist in 
this form and several additional factors must be considered. One common example is tension 
members with nonuniform cross sections, such as the case when a tension member is connected 
with bolts at the ends. Eccentric loading must also be considered, such as a single steel angle with 
a concentric load connected to a gusset plate. Even though slenderness is not a direct design con- 
cern, the AISC specification does recommend an upper limit on the slenderness ratio L/r for ten- 
sion members. This upper L/r limit is equal to 300 for tension members and 200 for compression 
members, where L is the length of the member and r is the radius of gyration. The recommenda- 
tion does not apply to rods or hangers in tension and is not absolutely required for tension members. 


4.2 ANALYSIS OF TENSION MEMBERS 


For members subjected to tension, the two basic modes of failure are tensile yielding and 
tensile rupture. Tensile yielding occurs when the stress on the gross area of the section is 
large enough to cause excessive deformation. Tensile rupture occurs when the stress on the 
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= Lif, tension in 
4757/4 bottom chord 


b. truss chord 
a. sag rod 


c. lap splice d. moment connection bottom plate 


. 


suspended 
structure : 
tension in 
racer ma 
—Lwt 


tension in this brace 


hanger 


e. hanger f. X-brace 
Figure 4-1 Common tension members. 


effective area of the section is large enough to cause the member to fracture, which usually 
occurs across a line of bolts where the tension member is weakest. 
The expression for tensile yielding on the gross area is 


oP, = OFA, (4-1) 
where 
= 0.90, 


i Minimum yield stress, and 


A, = Gross area of the tension member. 
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The expression for tensile rupture on the effective area is 
bP, = OF,A,, (4-2) 
where 

= 0.75, 


F,, = Minimum tensile stress, and 


A, = Effective area of the tension member. 


The design strength of a tension member is the smaller of the two expressions indicated in 
equations (4-1) and (4-2). 

The gross area, A,, of a tension member is simply the total cross-sectional area of the 
member in question. The effective area, A,, of a tension member is described as follows: 


A, = A,U, (4-3) 
where 


A,, = Net area of the tension member, and 


U = Shear lag factor. 


Note that for a tension member that is connected by welds, the net area equals the gross area 
(.e., A, = A,). 

The net area of a tension member with fasteners that are in line (see Figure 4-2) is the 
difference between the gross cross-sectional area and the area of the bolt holes: 


A, = A, a Ahotes (4-4) 
where 
Ahotes = n(d;, + At 


n = number of bolt holes along the failure plane, 
dy 


t = material tickness. 


bolt diameter, 


Section B3.13 of the AISC specification indicates that when calculating the net area for 
shear and tension, an additional /s in. should be added to the hole size to account for the 
roughened edges that result from the punching or drilling process. For standard holes, the 


a. net area b. gross area 


Figure 4-2 Tension member with in-line fasteners. 
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Figure 4-3 Tension member with 
diagonal fasteners. 


hole size used for strength calculations would be the value from the AJSCM, Table J3.3, 
which is the nominal hole dimension plus + in. Since the nominal hole size is %o in. larger 
than the fastener for standard (STD) holes, the actual hole size used in the design calcula- 
tions will be % in. + “sin. = % in. for most bolted connections in tension. 

For tension members with a series of holes in a diagonal or zigzag pattern, which might be 
used when bolt spacing is limited there may exist several possible planes of failure that need to 
be investigated. When the failure plane crosses straight through a line of bolts (line ABCE in 
Figure 4-3), then the net area is as noted in equation (4-4). For a failure plane where one or more 
of the failure planes is at an angle (line ABCE in Figure 4-3), then the following term is added 
to the net width of the member for each diagonal portion that is present along the failure plane: 


4g" (4-5) 


where 


s = Longitudinal center-to-center spacing or pitch between two consecutive holes, and 


g = Transverse center-to-center spacing or gage between two consecutive holes. 


This modification accounts for the increase in strength due to the added cross-sectional area 
at an angle in the failure plane. In Figure 4-3, note that failure plane ABCE has two diagonal 
failure planes: BC and CD. The expression for the net width then becomes 


2 
W, = Ww, - > d& + Dae (4-6) 


where 


w, = Net width, 
Ww, = Gross width, and 


d, = Hole diameter. 


Multiplying Eq. (4-6) by the thickness of the member yields 


2 
w,t = wet — Sat + La" (4-7) 


Since A, = w,f and A, = w,t, equation (4-7) can be simplified as follows: 


2 
Ay = Ag — Dat + Dat (4-8) 
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shaded area not 
directly connected; 
has lower stress 


Figure 4-4 Shear lag effect. 


The shear lag factor (U in equation (4-3)) accounts for the nonuniform stress distribution 
when some of the elements of a tension member are not directly connected, such as a sin- 
gle angle or WT member (see Figure 4-4). 

Table D3.1 of the AJSCM gives the value for the shear lag factor, U, for various connec- 
tion configurations. With the exception of plates and round hollow structural sections (HSS) 
members with a single concentric gusset plate and longitudinal welds, the shear lag factor is 


(4-9) 


where 


x = Distance from the centroid of the connected part to the connection plane, and 


€ = Connection length. 


The variables x and ¢ are illustrated in Figure 4-5. 


ae asa 


WT-shape 


- 
id 


Figure 4-5 Determination of x and ¢. 
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The shear lag factor for plates and round HSS members with a single concentric gusset plate 
are included in Table 4-1. Also shown in Table 4-1 are alternate values of U for single an- 
gles and W, M, S, and HP shapes that may be used in lieu of equation (4-9). Note that the 
calculated value of U should be greater than 0.60 for all cases unless eccentricity effects are 
accounted for (see Sections H1.2 or H2 of the AISC specification). 


Table 4-1 Shear lag factor for common tension member connections 


Tension Shear Lag 
Member Type Description Factor, U 


All bolted* 


All welded 


Transverse weld 


Longitudinal welds € = 2w, U = 1.0 
1.5w = € < 2w, U = 0.87 
w= < 1.5w, U = 0.75 


Single concentric € = 1.3D, U = 1.0 
gusset plate 


D=€<13D,U=1 —- 
Round HSS 


Single concentric 


Rectangular HSS | gusset plate 


(continued ) 
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Table 4-1 (continued) 


Tension Shear Lag 
Member Type Description Factor, U 


Two-sided 
gusset plate 


Rectangular HSS 


Flange connected with 

three or more fasteners 

per line in the 

direction of the load 
W, M, S, or HP, 
or Tees Cut from 
These Shapes 


Web connected with 
four or more fasteners per 
line in the direction of the load 


Four or more fasteners 
per line in the direction 
of the load 


Single Angle 
Two or three fasteners 
per line in the direction 
of the load 


*For bolted splice plates, A, = A, = 0.85 A, (U = 1.0). 
Adapted from AISCM, Table D3.1. 


U-Value for a Bolted Connection 


For the bolted tension member shown in Figure 4-6, determine the shear lag factor, U; 
the net area, A,; and the effective area, A,. 


(4)-%4" A325N bolts 


Figure 4-6 Details for Example 4-1. 
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SOLUTION 
From the section property tables in part | of the AJSCM, we find that for an 


LS SSMS Fy 


x = 1.37 in. 
A, = 3.61 in? 
Shear Lag Factor: 
x 
uU=1-— 
£ 
1.37 in. 
= 20848 
9 in. 


Alternatively, U = 0.80 from Table 4-1. The larger value of U = 0.848 can be used. 


Net Area of the Angle: 
Ay = AM, = Anoles 

3 1 a 
(3.61) — ri ap 3 (0.375) = 3.28 in. 


Effective Area: 


ae 0) 
(B28)(0.848))— 278 in” 


U-Value for a Welded Connection 


For the welded tension member shown in Figure 4-7, determine the shear lag factor, U; 
the net area, A,,; and the effective area, A,. 


Figure 4-7 Detail for Example 4-2. 


(continued) 
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SOLUTION 


From the section property tables in part | of the AJSCM, we find that for an 
LS SS A, 


x = 1.37 in., and 


A, = 3.61 in? 
Shear Lag Factor: 
i 
U=1-— 
£ 
iL3i7/ iin, 
= = 57 
4 in. 


£€ = Smaller of the longitudinal weld lengths of 4 in. and 6in .. € = 4 in. 
There is not an alternate value to use from Table 4-1, so U = 0.657. 
Since there are no holes, A, = A, = 3.61 in.’. 


Effective Area: 


A, = A,U 
(3.61)(0.657) = 2.37 in? 


e 


Maximum Factored Load in a Tension Member 


Determine the maximum factored load that can be applied in tension to the plate shown 
in Figure 4-8. The material is ASTM A36; it is welded on three sides to the gusset plate. 


7h x 5" plate 


Figure 4-8 Detail for Example 4-3. 
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SOLUTION 
From the AJSCM, Table 2-4: 


F, = 36 ksi 
F,, = 58 ksi to 80 ksi (use F,, = 58 ksi) 


u 


Gross and Effective Area: 


> 
II 


(0375 in, )\(5an, ed ee in 
A, = A, (no bolt holes) 
1.0 (Table 4-1, all-welded plate) 
A, = A,U 

= (1.88 in2)(1.0) = 1.88 in? 


S 
lI 


From equation (4-1), the strength based on gross area is 


OP, = PFA, 
= (0.9)(36)(1.88 in.) = 60.8 kips 


From equation (4-2), the strength based on effective area is 


Oe Or AG 
= (0.75)(58)(1.88 in.) = 81.6 kips 


The smaller value controls, so P,, = 60.8 kips 


EXAMPLE 4-4 
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Tension Member Analysis 


Determine if the channel is adequate for the applied tension load shown in Figure 4-9. The 
channel is ASTM A36; it is connected with four %-in. diameter bolts. Neglect block shear. 


14" 4" 14" 


end view 


Rr gusset plate 


Figure 4-9 Details for Example 4-4. (continued) 
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SOLUTION 

From the AJSCM, Table 1-5: 
A, = 337 tin 

= 0.572 

t, = 0.220 in. 


s 
| 


From the AJSCM Table 2-3: 


F, = 36 ksi 
F,, = 58 ksi to 80 ksi (use F,, = 58 ksi) 


Net Area of the Channel: 


A, = AN, = Anotes 


“= 63 — [ex(S+ Yoox] = so 


Effective Area of the Channel: 


= (3.04)(0/857) —=1 2.61 in, 
From equation (4-1), the strength based on gross area is 


Bes SS Cue a 
(0.9)(36)(3.37) = 109 kips > P, = 75 kips. OK 


From equation (4-2), the strength based on effective area is 


oP, = bF,A 


wre 


(0.75)(58)(2.61 in.2) = 113 kips > P, = 75 kips. OK 


(Note: Block shear should also be checked, this is covered in Section 4-3.) 


Tension Member Analysis with Staggered Bolts 


Determine the maximum factored load that can be applied in tension to the angle shown 
in Figure 4-10. The angle is ASTM A36; it is connected with four “-in. diameter bolts. 
Neglect block shear. 


a. failure planes 


Figure 4-10 Details for Example 4-5. 


SOLUTION 
From the AJSCM Table 1-7: 


Ay = Gil ne 
X = 0.933 in. 
IS it, 


From the AJSCM, Table 2-3: 


F, = 36 ksi 
F,, = 58 ksi to 80 ksi (use F,, = 58 ksi) 


Net Area of the Angle: 


2 
A, = A, — >) dt + Die 


Failure Plane ABC: 


ae 
A, = 3.61 — (2 + +)(0.375)| + 0 = 3.28 in2 


8 
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AM 


el 


b. end view 


(continued) 
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Failure Plane ABDE: 


(1.5)? 
(4)(3) 


The failure plane along ABDE controls, since it has a smaller net area. 


A, = 3.61 — ja(3 + +) (0375) | + (0375) | = 302i 


Effective Area of the Angle: 


ee ee Se 
(3)(15) 


Alternatively, U = 0.60 from Table 4-1. The larger value is permitted to be used, so 
UW = OLY, 


Ao = Aye) 
= O71) = Weta 


From equation (4-1), the strength based on gross area is 


oP, = OF,A, 
(0.9)(36)(3.61) = 116 kips 


From equation (4-2), the strength based on effective area is 


oP, = oF A, 
= (0.75)(58)(2.39 in.2) = 104 kips 


The smaller value controls, so P,, = 104 kips. (Note: Block shear should also be 
checked, this is covered in Section 4-3.) 


4.3 BLOCK SHEAR 


In the previous sections, we discussed the strength of members in pure tension only. In ad- 
dition to checking the connected ends of tension members for tensile failure, there exist 
certain connection configurations where tensile failure could be accompanied by shear fail- 
ure such that a block of the tension member tears away (see Figure 4-11). This failure plane 
usually occurs along the path of the centerlines of the bolt holes for bolted connections. 
This type of failure could also occur along the perimeter of welded connections. 

For this mode of failure, it is assumed that the tension member ruptures in both shear 
and tension. Therefore, both the shear and tension failure planes contribute to the strength 
of the connection. 

The nominal strength based on shear yielding is 


R, = 0.6 FyAgy, (4-10a) 
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shaded portion tears 


away under tension load two shear 
failure planes 


tension failure 


b. plane 
ri 
shear failure plane 
tension failure plane shear failure 
oy. plane 
oS <— 


fe P 


tension failure 
plane 


shear failure planes 


[7 : 


tension failure plane 


é. 


Figure 4-11 Block shear failure. 
and the nominal strength based on shear rupture is 


R, = 0.6 F,A (4-10b) 


u nv? 
where 


A,, = gross area subject to shear, and 


A,, = Net area subject to shear (see eq. (4-4)). 
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To determine the design strength in shear yielding and shear rupture, the nominal strength 
R,, is multiplied by a -factor of 1.0 and 0.75, respectively, when the shear does not occur 
simultaneously with tension stress. 

Combining the available tension and shear strength yields the expression for the avail- 
able block shear strength: 


oP, = (0.60F,A,,, + Ut Ba) = (0.60F\A gy + UP Ana) (4-11) 
where 
b = 0.75, 


F, = Minimum tensile stress, 

B= Minimum yield stress, 

A,, = Gross area subjected to shear, 

A,; = Net area subjected to tension (see eq. (4-4)), 
A,, = Net area subjected to shear (see eq. (4-4)), and 
U,, = 1.0 for uniform tension stress 


= 0.50 for nonuniform tension stress. 


The U,, term in equation (4-11) is a reduction factor that accounts for a nonuniform stress 
distribution. Section C-J4.3 of the AISCM gives examples of connections with uniform and 
nonuniform tension stress distribution, but the most common case is to have a uniform stress 
distribution and, therefore, U,, = 1.0 for most cases. 


EXAMPLE 4-6 


Tension Member with Block Shear 


For the connection shown in Example 4-4, determine if the channel and gusset plate 
are adequate for the applied tension load considering block shear. Assume that the 
width of the plate is such that block shear along the failure plane shown in Figure 4-12 
controls the design of the plate. 


4" yA" 


Ss 


Zeta 


(OSE aile 


wr gusset plate 5 


a. block shear in plate b. block shear in channel 
Figure 4-12 Details for Example 4-6. 
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From the AJSCM Table 2-3: 


F, = 36 ksi 
F,, = 58 ksi to 80 ksi (use F,, = 58 ksi) 


Plate Dimensions: 


Ap = O)4 41510375) = 412m 
A i= Ay a Aboles 


4.12 — (2 hotes)(1.5)(2 + 5 )(0375) | = B08 thn? 


nt — Ala, a ANveites 


[(4)(0.375)] — ( rs +0375) = ola 


Channel Dimensions: 


> 
II 


(2)(4 + 1.5)(0.220) = 2.42 in? 
no Ady _ Alneites 


> 
| 


2.42 — [2 hotes)(1.)( 2 + +) (0220) = tn? 


nt — Alp ta Abraites 


5 1 
[(4)(0.220)] — (7 a *) (0220) | = 0.715 in? 
U,, = 1.0 (tension stress is uniform) 
The available block shear strength is found from equation (4-11): 


bP, =a (0.60F,, An, + Un As) = (0.60F,A,, + U,.F, A ). 


u nt 


For the plate, 


oP, = 0.75[(0.60)(58)(3.28) + (1.0)(58)(1.21)] 
= 0.75[ (0.60) (36)(4.12) + (1.0)(58)(1.21)] 
= 138kips > 119 kips. 
The smaller value controls, so the available strength of the plate in block shear is 119 kips, 


which is greater than the applied load of P,, = 75 kips. 
For the channel, 


bP, = 0.75[(0.60)(58)(1.92) + (1.0)(58)(0.715) | 
= 0.75[ (0.60) (36) (2.42) + (1.0)(58)(0.715) | 
= 81.2 kips > 70.3 kips. 


The smaller value controls, so the available strength of the channel in block shear is 
70.3 kips, which is less than the applied load of P,, = 75 kips, so the channel is not 
adequate in block shear. (Note: The bolts also should be checked for shear and bear- 
ing, but bolt strength is covered later in this text.) 
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EXAMPLE 4-7 


Block Shear in a Gusset Plate 


For the HSS-to-gusset plate connection shown in Figure 4-13, determine the required 
length, €, required to support the applied tension load considering the strength of the 
gusset plate only. The plate is ASTM A529, grade 50. 


Bc 
© ——& P= 150 kips 
<< HSS6x4x4 end view 


Ay" gusset plate 
Figure 4-13 Details for Example 4-7. 


SOLUTION 
From the AJSCM, Table 2-4: 


1, = 30) Ii 
70 ksi to 100 ksi (use F,, = 70 ksi) 


> 
II 


From equation (4-1), the strength based on the gross area of the plate is 


oP, = oF,A, 
(0.9)(50)(1.5 + 6 + 1.5)(0.375) = 151 kips > 150 kips. OK 


From equation (4-2), the strength based on effective area is 


bP, = bF,A,(A, = Ay, load is concentric on the plate and bolts are not used) 
= (0.75)(70)(1.5 + 6 + 1.5)(0.375) = 177 kips > 150 kips. OK 


The available block shear strength is found from equation (4-11): 


u nv 


oP,, at (0.60F, A ar OPS ae) = (0.60F,A,, a Up Ave) 


U,, = 1.0 (tension stress is uniform) 


Since A,,, = A,,, the right-hand side of the equation will control. Solving for A,,,, 


&v? 


bP, = 6(0.60F,Agy + UssFyAn) 
150 = (0.75)[(0.60)(50)(A,,) + (1.0)(70)(6) (0.375) ] 
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Ct SS a 1) Tin, 


The minimum length of engagement is 1.89 in. in order to develop adequate strength 
in the gusset plate. Note that from Table 4-1, the minimum length, f, is the height of 
the connecting HSS member, or 6 in. (€ > H). Therefore, the minimum length, ¢, 
is actually 6 in. From Table 4-1, the shear lag factor for the HSS member is 


ES ae UTR 
“> KB) 
— (4)? + (2)(4)(6) _ Ae 
4(4 + 6) ; 
U = 1 — e 
1.6 
=1- ras 0.733. 


This value would then be used to determine the strength of the HSS member in tension. 


EXAMPLE 4-8 


Hanger in Tension with Block Shear 


The W12 X 53 tension member shown in Figure 4-14 has two rows of three 1-in.- 
diameter A325N bolts in each flange. Assuming ASTM A572 steel and considering 
the strength of the W12 X 53 only, 


5" 


section b b. end view of bolts 
P 
a. side view 


Figure 4-14 Details for Example 4-8. (continued) 
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1. Determine the design tension strength of the W12 X 53, 
2. Determine the service dead load that can be supported if there is no live load, and 


3. If a service dead load, Pp = 100 kips is applied, what is the maximum service 
live load, P;, that can be supported? 


SOLUTION 
1. For A572 steel, F, = 50 ksi, F,, = 65 ksi (AISCM Table 2-3). 


For 1-in.-diameter bolts, dj... = lin. + % in. = 1.125 in. 
From part | of the AISCM, for W12 X 53, 


Ap 15.61n 

by = 10 in. 

j= 0075 im 

d = 12.1 in. 

x = 1.02 in. (AJSCM Table 1-8, use value for WT shape) 
Ay — Ape 2A holes 


15.6 — (4holes)(1.125)(0.575) = 13.0 in 


2 D 
From Table 4-1, we obtain U = 0.90, since by > Bo 10 in. > 3 (12.1) = 8.07 in. 


Using the calculation method, 


1.02 
U=1- : LS 3 0.83 — The larger value of U = 0.90 may be used. 
€ = centerline distance between outer bolts = 3 in. + 3in. = 6 in. 


> 
II 


2 = 0, = OOD) = lg ne 


a. Yielding failure mode: bP, = 0.9A,F, = (0.9)(50)(15.6) = 702 kips 
b. Fracture failure mode: bP,, = 0.75F,,A. = (0.75)(65)(11.7) = 570 kips 
c. Block shear failure mode: 


Figure 4-15 Block shear in W12 x 53. 
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= (4)(2in. + 3 in. + 3 in.)(0.575 in.) = 18.4 in? 
= (4)(2.25 in.)(0.575 in.) = 5.18 in. 
Bin = Ala Ar es 

= 18.4 — (4)(2.5)(1.125 in.)(0.575 in.) = 11.9 in. 
eS Ay Aree 


1 
5.18 — (4) c.28 in.)(0.575 in.) = 3.88 in? 


The available block shear strength is found from equation (4-11) (U,, = 1.0): 


bP, = (0.60F,A,, + U;,F An) = 6(0.60F,A,, + U;,F, Ans) 
oP,, = (0.75)[(0.60)(65)(11.9) + (1.0)(65)(3.88) | 
= (0.75)[(0.60)(50)(18.4) + (1.0)(65)(3.88) | 
537 kips < 603 kips 
oP, = 537 kips (block shear capacity ) 
Summary: 


Yielding failure mode: oP, = 702 kips 
Fracture failure mode: oP, = 570 kips 
Block shear failure mode: oP, = 537 kips 


The smallest of the three values governs .. Design strength, bP, = 537 kips 


2. P,, = 0; the two load combinations to be considered will be 


P, = 14Pp Governs 
1.2Pp)+ 16P, = 1.2 Pp 


v 
II 


Setting the design strength equal to the applied loads yields 


P, = 14 Pp = oP, = 537 kips 
1.4 Pp = 537 kips 
Solving for Pp = 383 kips (maximum unfactored dead load that can be 
supported) 
3. Given Pp = 100 kips, determine the live load, P,, that can be safely 
supported: 
1B, = IPs ae ioe, 
P, = 1.2 Pp + 1.6 P, = bP, = 537 kips 
(1.2)(100) + 1.6 P, = 537 kips 


Solving for P; = 260 kips (maximum unfactored live load that can be 
supported) 
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4.4 DESIGN OF TENSION MEMBERS 


The design of tension members will require consideration of failure modes not specifically 
addressed in this chapter. For tension members with welded connections, the design strength 
of the welds in shear and tension must be considered. For tension members with bolted con- 
nections, the design strength of the bolts in shear, tension, and bearing must be considered. 
Load eccentricity effects at the connection points also must be considered. In this section, 
we will consider the design strength in tension of the actual member only. The reader is 
referred to Chapters 9 and 10 for the design of the connections for tension members. 

Tension members need to have enough gross cross-sectional area for strength in yield- 
ing and enough effective area for strength in fracture. Note that the effective area accounts 
for shear lag effects. 

In addition to having enough design strength in yielding and fracture, block shear at the 
connected ends needs to be checked. In some cases, there might be more than one mode of 
failure in block shear. The design strength of the tension member is the smallest of the 
strength in yielding, fracture, and block shear. 

Slenderness effects should also be considered. The AISC specification recommends 
a slenderness limit L/r of 300 to prevent flapping, flutter, or sag of the member, but this 
is not a mandatory requirement. If this slenderness limit cannot be met, the member can 
be pretensioned to reduce the amount of sag. The amount of this pretension force can 
vary between 5% and 10%, and the pretension force will reduce the design strength of the 
member accordingly by increasing the forces used for design. The AISC specification 
suggests the following pretension or “draw” values: 


Table 4-2 Recommended pretension values for slender 
tension members 


Length of Tension Pretension or “Draw” Member 
Member, L Length Deduction 


L = 10 ft. 


10f.<L=20ft 


20 ft. << L = 35 ft. 


L> 35 ft. 


When members are fabricated shorter in accordance with the above table, they will be drawn 
up in the field in order to reduce the amount of flap or sag in the member. However, it can 
be shown that the amount of load to the tension member and connections will increase be- 
tween 20% to 50% when using the values in Table 4-2, which is not desirable. The authors 
suggest that an increase of 5% to 10% has proven to be effective in practice and they would 
recommend using these lower values. The authors further recommend that the designer con- 
sult with the steel fabricator on any given project to determine the proper amount of draw 
that might be appropriate based on the actual fabrication and erection procedures. 

Figure 4-16 shows a possible pretension detail where the tension member is intention- 
ally fabricated shorter than the actual length so that once the connection is tightened to its 
final position, the amount of sag is reduced. 
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je 


tension member 


gusset plate 


Figure 4-16 Pretensioned connection. 


The design of a tension member can be summarized as follows: 


1. Determine the minimum gross area from the tensile yielding failure mode equation: 


P 
A,= 
° OF, 


u 


(4-12) 


2. Determine the minimum net area from the tensile fracture failure mode equation: 


P 


u 


A, = ———, 4-13 
""~ 0.75F,U ( ) 
where the net area is found from equation (4-4): 
A, -_ A, _ DAhotes = — ae 
: 0.75F,U 
es ae (4-14) 
8 0.75F,U oe i 


3. Use the larger A, value from equations (4-13) and (4-14), and select a trial member 
size based on the larger value of A,. 


4. For tension members, AISC specification Section D1 suggests that the slenderness 
ratio KL/rpi, Should be $300 to prevent flapping or flutter of the member, 


where 


K = Effective length factor (usually assumed to be 1.0 for tension members), 
L = Unbraced length of the tension member, and 


lmin = Smallest radius of gyration of the member. 
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The smallest radius of gyration for rolled sections can be obtained from part 1 of the 
AISCM. For other sections, such as plates, the radius of gyration can be calculated from 


= Pitti, (4-15) 
= A, ~ 300’ 


& 


where J... is the smallest moment of inertia. 


If equation (4-15) cannot be satisfied (1.e., the member is too slender), the member should 
be pretensioned. Allow for 5% to 10% pretension force in the design of the member. 


5. Using equation (4-11), determine the block shear capacity of the selected tension 
member. 


If bP, (block shear) is greater than P,,, the member is adequate. 


If bP,, (block shear) is less than P,,, increase the member size and repeat step 5 until 
oP,, (block shear) = P,,. 


EXAMPLE 4-9 


Design of a Tension Member 


Design the X-brace in the first story of the building shown in Figure 4-17, which is 
subjected to wind loads. Use a steel plate that conforms to ASTM A36. 


(11.4 kips) 
18.2 kips 


(17.9 kips) 
Lateral Loads: 28.6 kips 


(service) 
factored 


(23.6 kips) 
37.8 kips 


(52.9 kips) 
84.6 kips 


Vu 


Figure 4-17 Detail for Example 4-9. 


Some X-brace configurations have slender members such that they can only sup- 
port loads in tension. In this figure, all of the members are assumed to be too slender 
to support compression loads. Only the shaded members support lateral loads in the 
assigned direction of the lateral loads. 
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The lateral loads shown below are the loads acting on each X-braced frame. The 
wind loads acting on the entire building must be distributed to the various braced 
frames in the building in the direction of the lateral load. If the diaphragm is assumed 
to be rigid, the lateral load is distributed in proportion to the stiffness of each braced 
frame. If the diaphragm is flexible, the lateral load is distributed in proportion to the 
tributary area of each braced frame. 


SOLUTION 
The maximum load factor for wind is 1.6 (from the ASCE 7 load combinations). 
Loads to Each Level: 

Service Loads: Factored Loads: 

P, = 11.4 kips (1.6)(11.4) = 18.2 kips 

P; = 17.9 kips (1.6)(17.9) = 28.6 kips 

P, = 23.6 kips (1.6)(23.6) = 37.7 kips 


V, (base shear) = 18.2 + 28.6 + 37.8 = 84.6 kips 


V,, 84.6 
cos 8 cos 20.6 


= 90.4 kips 


We will cover bolts and welds in Chapters 9 and 10, but for now, assume the shear 
strength of A325N bolts in single shear to be as follows: 


oR, = 15.9 kips for “-in.-diameter bolt 
oR, = 21.6 kips for %-in.-diameter bolt 


P 
i; Ay = 0 an (allow for added 5% to 10% pretension .°. use 7.5% pretension) 
QF, 


og 


A,= mae = 2.99 in.’ 
Try “in. X 6-in. plate, A, = (0.5)(6) = 3.0 in.’ 

2. Number of bolts: 
Five %-in.-diameter bolt > oR, = (5)(15.9) = 79 kips < 90.4 kips 
Five %-in.-diameter bolt > oR, = (5)(21.6) = 108 kips > 90.4 kips 
Six %-in.-diameter bolt > oR, = (6)(15.9) = 95 kips > 90.4 kips 


Use five %-in. diameter bolts in a single line. 


The shear lag factor, U, is 1.0 for plates connected with bolts (from Table 4-1). 


u 


A, egal Aree 
[= Os rm 


(continued) 
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90.4) (1.075 
a. ane a (1 hote)(Z 2 1) (05) = 270i 30m, OK 


3. From step 1, A, = 2.99 in.” and from SSD 2, A, = 2078) in.?; both are less than 
the gross area of the trial member size for 3.0 in.’. 
4. Check slenderness ratio: 
L = V(12" + (32)? = 34.2 ft. 
bh? _ (6)(0.5)? 


—— = 0.0625 in 
min 12 12 0.0625 in 


{= L 
Trin = Sa aa 
A, — 300 


/0.062 34.2)(12 
Fat = “ = ( 3 i ) 0144 < 1.37 — Slenderness limit is exceeded 


The assumption to pretension the X-brace is justified. 
5. Check block shear strength. 


The bolt spacing and configuration shown in Figure 4-18 will be used. 


x6" plate 


134" 
Figure 4-18 Block shear in the “in. by 6-in. plate. 


= (EB SOs) = Gbiie 
A a Aras a DA totes 


ae 
6.75 — (4.5 hotes)(Z + +) (05) = in? 


> 
| 


= (3)(0.5) = 1.5 in2 
mr Agi > LA poles 


W 
= 15 — OS hotes)(Z 4 


bP, = 6(0.60F,A,, + U,,FA,,) = 6(0.60F,A,, + U,,F,A,) 
oP, = 0.75[(0.60)(58)(4.5) + (1.0)(58)(1.25) ] 
= 0.75 [ (0.60) (36)(6.75) + (1.0)(58)(1.25) ] 
171 kips > 163 kips 
oP, = 163 kips (block shear capacity) > T, = 90.4 kips OK 
Use a 6-in. by %-in. plate with five %-in.-diameter A325N bolts. 
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EXAMPLE 4-10 


Design of a Single-Angle Tension Member 
Design a tension member given the following: 

e Service loads: Pp = 40 kips, P; = 66 kips; 

e Single angle required; 

e Unbraced length, L = 20 ft.; 

e ASTM A36 steel; and 

e Two lines of four /-in.-diameter bolts. 


SOLUTION 
P, = 14 Pp = (1.4)(40) = 56 kips 
P, = 1.2 Pp, + 1.6 Py, = [(1.2)(40)] + [(1.6)(66)] = 154 kips 


¢ = 09F, (assume slenderness ratio < L/300) 


_ (154) 
** (0,9) (36) 


2. Shear lag factor, U, is 0.80 for single angles (from Table 4-1). Alternatively, U may be calculated using 
€ = (3)(3 in.) = 9 in. (three spaces at 3 in.), but an angle size would have to be assumed. 


= AG ne 


I, 
By = ap DAholes 
0.75F,U 


(154) 3 1 
As = (075)(58)(0.80) * holes) (+ i 3) 


Ag required = 4-43 + 1.75t, where ¢ is the thickness of the angle 


ih (20) (12) 
eae 300 300 0.80 in 


Summary of angle selection 


A, Required 


A, (Step 1) A, (Step 2) Selected Angle 


% in. 4.75 in? 4.86 in. None worked 


So in. 4.75 in? 4.97 in? None worked 


None worked 


L8 X 6 X he (wt. = 20.2 Ib./ft.) 1.31 in. 


L6 X 6 X % (wt. = 19.6 lb/ft.) 1.18 in. 
L8 xX 4 x % (wt. = 19.6 lb/ft.) 0.863 in. 


(continued) 
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3. Select L8 X 4 X 4% because of its lighter weight; also, it would have greater block shear capacity than the 
L6 X 6 X 4% (same weight). 


4. Slenderness ratio checked in step 2. 


5. Check block shear capacity. The spacing of the bolts will have to be assumed. See Figure 4-19 for the 
assumed bolt layout. 


2h 
2%" 


ow ae a 
104" 104" 
a. mode | b. mode 2 


Figure 4-19 Block shear in L8 x 4 X %. 


Mode 1 Block Shear: 


A (210505) — 10510 
im Abas a ZA notes 


>, 
| 


cae : 
= 10.5 — (2)(3.5 hotes)(? + *] (OS) = 723 ne 


Byn = (ONC) = 1S tian 
oad Aa, a LAholes 


3 
= 1.5 — (2)(05 hotes)(? + —](.5) = 1.06 in? 


un 
8 


bP, = (0.60F,Any + UssFyAn) < (0.60F, Ag, + UssFyAn) 
bP, = 0.75[(0.60)(58)(7.43) + (1.0)(58)(1.06)] 
< 0.75[(0.60)(36)(10.5) + (1.0)(58)(1.06)] 


240 kips > 216 kips 
oP,, = 216 kips (mode | block shear capacity) > T, = 154 kips OK 


Mode 2 Block Shear: 


is 
T 


OAYOS) = 5 22 
An ame Alas = LAholes 
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cael 7 
= 5.25 — (3.Sholes)| 7 + 3 }(0-5) = 3.72 in. 


A, = (3 + 2.5)(@) = 2.75 in 
eas 
3} 1 a 

= 2S = Ws hotes)(? + +) 5) = 2.09 in. 
bP, = (0607, A, + UF ,A,,) = o(0.60F A, + U,,F,A,) 
oP, = 0.75[(0.60)(58)(3.72) + (1.0)(58)(2.09) ] 

= 0.75[ (0.60)(36)(5.25) + (1.0)(58)(2.09) ] 

188 kips > 175 kips 

oP,, = 175 kips (mode 2 block shear capacity) > T,, = 154 kips OK 


Select an L8 X 4 X 4% with two lines of four %-in.-diameter bolts. 


4.5 TENSION RODS 


Rods with a circular cross section are commonly used in a variety of structural applications. 
Depending on the structural application, tension rods might be referred to as hanger rods or 
sag rods. Hangers are tension members that are hung from one member to support other 
members. Sag rods are often provided to prevent a member from deflecting (or sagging) 
under its own self-weight, as is the case with girts on the exterior of a building (see Figure 
4-1a). Tension rods are also commonly used as diagonal bracing in combination with a cle- 
vis and turnbuckle to support lateral loads. 

There are two basic types of threaded rods. The more commonly used type is a rod 
where the nominal diameter is greater than the root diameter. The tensile capacity is based 
on the available cross-sectional area at the root where the threaded portion of the rod is the 
thinnest (see Figure 4-20). The other type of threaded rod is one with an upset end. The 
threaded end of an upset rod is such that the root diameter equals the nominal diameter. 
Upset rods are not commonly used because the fabrication process can be cost-prohibitive. 

As stated previously, the slenderness ratio (L/r) of tension members should be less than 
300, but this requirement does not apply to rods or hangers in tension. The AISC specifica- 
tion does not limit the size of tension rods, but the practical minimum diameter of the rod 
should not be less than % in. since smaller diameter rods are more susceptible to damage 
during construction. 


AME 


a. basic tension rod b. upset end 


(root diameter) 
K 


Figure 4-20 Basic tension rod and upset-end tension rod. 
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The design strength of tension rods is the same as for bolts in tension (see Chapter 9). 
The design strength of a tension rod is given in Section J3.6 of the AISC specification as 


oR,, = oF, Ap, (4-16) 
where 


= 0.75, 
F, = Nominal tension stress from AJSCM Table J3.2, and 


A, = Nominal unthreaded body area. 
From the AJSCM Table J3.2, 
F, = 0.75F,,. (4-17) 


The 0.75 factor in equation (4-17) accounts for the difference between the nominal un- 
threaded body diameter and the diameter of the threaded rod at the root where the stress is 
critical. Combining equations (4-16) and (4-17) yields 


oR, = 0.75F,,A;, (4-18) 


The F’, term in the above equations is the minimum tensile stress of the threaded rod. There 
are several acceptable grades of threaded rods that are available (AJSCM Section A3.4 and 
AISCM Table 2-5), the most common of which are summarized in Table 4-3. 

When tension rods are used as diagonal bracing (see Figure 4-21), they are commonly 
used in combination with a clevis at the ends and possibly a turnbuckle to act as a splice for 
the tension rod. Clevises and turnbuckles are generally manufactured in accordance with 
ASTM A29, grade 1035, but the load capacities are based on testing done by the various man- 
ufacturers. However, there has been enough independently published test data that AISC 
has developed load tables for standard clevises and turnbuckles (see AJSCM Tables 15-3 
and 15-5). It should be noted that the factor of safety for clevises and turnbuckles is higher 
in the AISC load tables since these connectors are commonly used in hoisting and rigging 
where the loads are cyclical and are therefore subjected to fatigue failure, which is more critical. 


Table 4-3 Grades of threaded rods 


Diameter 
Material Specification Range, in. 


ASTM A36 Up to 10 


4to7 100 


ASTM A193 


Gr. B7 (corrosion-resistant) ad iS 


2.5 and under 125 


Grade 36 0.25 to 4 58-80 


ASTM F1554 Grade 55 0.25 to 4 75-95 


Grade 105 0.25 to 3 125-150 
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a. clevis b. turnbuckle c. sleeve nut 
Figure 4-21 Connectors for tension rods. 


Clevises are designated by a number (2 through 8) and have a corresponding maximum 
diameter associated with each number designation. Each clevis also has a corresponding 
maximum pin diameter associated with each number designation. The pins are also propri- 
etary and are generally designed to have a capacity equal to or greater than that of the cle- 
vis, provided that the diameter of the pin is 125% greater than the diameter of the threaded 
rod. The pin diameters are given in AISCM Table 15-4 and do not need to be designed; 
however, the gusset plate that the pins connect to need to be checked for shear, tension, and 
bearing. 

Turnbuckles are designated by the diameter of the connecting threaded rod. Alternatively, 
sleeve nuts (AZSCM Table 15-6) can be used in lieu of turnbuckles. Sleeve nuts develop the 
full capacity of the tensile strength of the threaded rod, provided that the threaded rod has 
the proper thread engagement. Sleeve nuts are generally manufactured to conform to ASTM 
A29, grade 1018. Turnbuckles are usually preferred over sleeve nuts from a cost standpoint. 
Figure 4-21 shows the above-mentioned connecting elements for tension rods. 

Tension members connected with a single pin, as is the case with tension rods used as 
diagonal bracing, are subject to the failure modes covered in Section D5 of the AISC spec- 
ification. Pin-connected members differ from a single bolt connection in that deformation 
is not permitted in the gusset plate for pins so that the pins can rotate freely. There are three 
main failure modes that need to be checked for pin-connected members: tensile rupture on 
the net area (Figure 4-22a), shear rupture on the effective area (Figure 4-22b), and bearing 
on the projected area of the pin (Figure 4-22c). 


pin bearing 
d 
on plate 
—a— T —sT 
a 
a. tensile rupture b. shear rupture c. bearing 


Figure 4-22 Failure modes for pin-connected members. 
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The expression for tensile rupture on the net effective area is given as 

oP, = b2theF 5 (4-19) 
the expression for shear rupture on the effective area is given as 

oP, = 00.6F,,A yy; (4-20) 
and the expression for bearing on the projected area of the pin is 

oP, = 1.8F,A,,, (4-21) 

where 

ob = 0.75, 


d 
A p= 2 a - ‘) in?, 
2 


a = Shortest distance from the edge of the hole to the plate edge parallel to the 
direction of the force, 
beg = 2t + 0.63 in. < b, 
b = Distance from the edge of the hole to the plate edge perpendicular to the 
direction of the force, 


d = Pin diameter (noted as p in the AISCM Table 15-4), 
t = Plate thickness, 
A,» = Projected bearing area (A,, = dt), 
F, = Minimum yield stress, and 


F,, = Minimum tensile stress. 


For pin-connected members, there are also dimensional requirements for the gusset plate that 
must be satisfied, and these are indicated below and are shown in Figure 4-23. Note that the 
edges of the gusset plate can be cut 45°, provided that the distance from the edge of the 
hole to the cut is not less than the primary edge distance. 


Figure 4-23 Dimensional requirements for 
pin-connected members. 
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a = 1.33De¢ (4-22) 
w= Derg + d (4-23) 
c2a (4-24) 


Tension Rod Design 


1. For the braced frame shown in Figure 4-24, design the threaded rod, clevis, and turnbuckle for the applied 
lateral load shown. The threaded rod conforms to ASTM A36 and the clevises and turnbuckles conform to 
ASTM A29, grade 1035. 


2. Determine if the gusset plate connection is adequate. The plate is ASTM A36. 


16'-0O" 


P., = 22 kips 


1 6'-0" 


clevis (typ.) 


Te gusset 
plate 


b. clevis connection detail 


Figure 4-24 Details for Example 4-11. (continued) 
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SOLUTION 


Load to each tension rod: (Note: Only one tension rod is engaged when the lateral load is applied since the 
threaded rod is too slender to support compression loads.) We will assume that the slenderness ratio, L/r is greater 
than 300 and account for a pretension force of 10%. 


(22k) (1.10) 
cos 45 


Rn = = 34.3 kips (factored load on tension rod and connectors) 


From the AJSCM, Table 2-5, 


F, = 36 ksi 
F,, = 58 ksi to 80 ksi (use F,, = 58 ksi) 


1. From AJSCM Table 15-3, a No. 3 clevis is required (bR,, = 37.5 kips > 34.3 kips). The maximum threaded 


rod diameter allowed is 1-3/8 in. and the maximum pin diameter is p = 1%-in. 

From AISCM Table 15-4, a No. 3 clevis can be used with a pin that varies in diameter from | in. to 1% in. 
From AJSCM Table 15-5, a turnbuckle with a rod diameter of 1%-in. is required (bR, = 38 kips > 
34.3 kips). 

Recall that the pin diameter must be at least 125% of the threaded rod diameter. 

D 


(required) = 1.25D,.4 = (1.25)(1.25) = 1.57 in. (use a 1%-in. pin) 


pin rod 


Check the 1/-in. threaded rod: 


A, = 1.23 in2 (AISCM Table 7-2) 
oR, = 60.75F,,A, 
= (0.75)(0.75)(58)(1.23) = 40.1 kips > 34.3 kips 


Use a 1%-in. threaded rod with a No. 3 clevis and a turnbuckle. 


. Check tensile rupture on the net effective area: 


Cees (175 i: 4 
. 2 
ber: = 2t + 0.63 in. <b 
= (2)(7/16) + 0.63 = 1.5 in. < b = 2.09 in. (use beg = 1.5 in.) 
bP, = b2tbegF, 
= (0.75)(2)(7/16)(1.5)(58) = 57.1kips > 34.3 kips OK 


Check shear rupture on the effective area: 
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(2)(7/16)( 3.09 + 12) = 3.46 in? 


bP, = 60.6F,Ay 
= (0.75) (0.6)(58)(3.46) = 90.5 kips > 34.3 kips OK 


Check bearing on the projected area of the pin: 


oP, = 61.8F,A,, 
(0.75) (1.8)(36)(1.75)(7/16) = 37.2 kips > 34.3 kips OK 


Check dimensional requirements: 


a = 1.33Der¢ 
3.09 in. = 1.33(1.5) = 2 in. OK 


w = 2b. + d 
(3 + 3) = 6in. = (2)(1.5) + 1.75 = 4.75 in. OK 


c = a, not applicable 


The %-in. gusset plate is adequate. 
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4.7 PROBLEMS 
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4-1. Determine the tensile capacity of the /-in. by 6-in. plate shown in Figure 4-25. The connec- 
tion is made with %-in.-diameter bolts, the plate is ASTM A529, grade 50. 
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%" x 6" plate 
Figure 4-25 Detail for problem 4-1. 
4-2. Determine the following for the connection shown in Figure 4-26, assuming the bolts are /-in. 


diameter and the angle and plate is ASTM A36 


1. Tensile capacity of the angle, and 
2. Required gusset plate thickness to develop the tensile capacity of the angle determined in 
part 1 above. 


gusset 
plate 


Figure 4-26 Detail for problem 4-2. 


4-3. Determine the design strength of the %” X 4” plate shown in Figure 4-27, assuming the steel is 
ASTM A36. 


gusset 
plate 


Figure 4-27 Detail for problem 4-3. 
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4-4. Determine the design strength of the connection shown in Figure 4-28, assuming the steel is 
ASTM A529, grade 50. The plates are % in. thick. Neglect the strength of the bolts. 


2" 3K" iy" 


een es 
— if 


(4)-%4" bolts Ss 
Figure 4-28 Details for problem 4-4. 


4-5. Determine the net area of the members shown in Figure 4-29. 


(3)-1" bolts 


4 @ 14" 


(4)-%" bolts 


7" plate 


A" plate x 


(5)-“4" bolts 


5 @ yA" 


L6x4x% 


1%" 


Figure 4-29 Details for problem 4-5. 
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4-6. For the two-story braced frame shown, design the following, assuming the threaded rod and 
gusset plate conforms to ASTM A36 and the clevises and turnbuckles conform to ASTM A29, 
grade 1035: 


1. Clevis, turnbuckle, and threaded rod at each level, and 
2. Gusset plate, assuming a %-in. thickness. 


turnbuckle 
(typ.) 


Figure 4-30 Details for problem 4-6. 
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4-7. Using the lateral loads and geometry shown in problem 4-6, complete the following takes, 
assuming the tension member is an L4 X 4 X %, ASTM A36 and connected as shown in 
Figure 4-31: 


1. Determine if the L4 x 4 X % tension member is adequate. 
2. Design the gusset plate for the full tension capacity of the angle. 


L4x4x% 


(4)-2" 
bolts 


He gusset 
plate 


Figure 4-31 Details for problem 4-7. 


4-8. Determine the maximum factored tensile force that can be applied as shown in Figure 4-32 
and based on the following: 


1. Capacity of the angle in tension only, and 
2. Capacity of the angle in block shear. 


The angle is ASTM A572, grade 50. 


Figure 4-32 Details for problem 4-8. 


4-9. For the truss shown in Figure 4-33, determine if member CD is adequate for the service loads 
shown. The steel is ASTM A36. Ignore the strength of the gusset plate. 
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(2)-L4 x 3 x % (LLV) gusset plate 


10' 


Pp = 10kips Pp = 10kips Pp = 10kips 
P, =13kips P,=13kips P, = 13 kips 


Figure 4-33 Details for problem 4-9. 


4-10. For the canopy support details shown in Figure 4-34. 


1. Determine the required threaded rod size for member AB, assuming ASTM A307, grade C 
steel for the fastener; and 

2. Determine an appropriate clevis and gusset plate size and thickness, assuming the plate at point 
Ais 6 in. wide. Use ASTM A36 steel for the plate. The clevis conforms to ASTM A239, grade 1035. 


Wp = 500 Ib./ft. 
Ws = 800 lb./ft. 


18'-0" F 


Figure 4-34 Details for problem 4-10. 
Student Design Project Problems 


4-11. For the X-braces in the student design project (Figure 1-22), design the following, assuming 
ASTM A36 steel: 


1. Using the lateral wind forces previously determined, design the X-braces at the upper and 
lower levels for the transverse direction. Use double-angles and assume a single line of three 
%-in.-diameter bolts at the ends. Assume the X-braces are tension-only members and check 
the limit states for tension on gross and net area, and block shear. Use ASTM A36 steel. 

2. Using the lateral wind forces previously determined, design the gusset plates at the upper 
and lower levels for the transverse direction that connect the X-braces to the intersecting 
beams and columns. Assume a single line of three %-in.-diameter bolts at the ends 

3. Repeat part | for the seismic forces. 

4. Repeat part 2 for the seismic forces. 


4-12. Repeat problem 4-11 for the longitudinal direction. 
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Compression Members Under 
Concentric Axial Loads 


5.1 INTRODUCTION 


There are few situations where structural steel elements are subjected to concentric com- 
pressive axial forces without any accompanying bending moment. Examples include truss 
web members, compression chords of some trusses, and some columns in buildings. Smaller 
compression members are sometimes called posts or struts. In this chapter, we will cover 
the analysis and design of structural members subject to axial compression with no 
accompanying bending moment. In Chapter 8, we will discuss beam—columns, that is, 
structural steel elements subjected to combined axial loads and bending moments, which 
may occur due to eccentrically applied axial load or to bending loads acting within the 
length of the member. In structural steel, the common shapes used for columns are wide 
flange shapes, round and square hollow structural sections (HSS), and built-up sections. For 
truss members, double- or single-angle shapes are used, as well as round and square HSS 
and WT-shapes (see Figure 5-1). 


5.2 COLUMN CRITICAL BUCKLING LOAD 


Consider the two axially loaded members shown in Figure 5-2. In Figure 5-2a, the column 
is short enough that the failure mode is by crushing compression. This is called a short 
column. For the longer column shown in Figure 5-2b, the failure mode is buckling at the 
midspan of the member. This is called a slender, or long, column. Intermediate columns fail 
by a combination of buckling and compression. 

For a pure compression member, the axial load at which the column begins to bow 
outward is called the Euler critical buckling load. Assuming a perfectly straight member 
without any initial crookedness and no residual stresses, the Euler critical buckling load for 
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LU © 


W-shape square HSS round HSS 
double angle single angle 


a. compression member types 


compression in 


top chord 
b. truss chord 
—— 
P 
——_ . . 
compression in 
compression in column due to 
JI this brace gravity load 
c. X-brace | d. building column 


Figure 5-1 Basic compression member types. 
a column with pinned ends is 
WEI 


Pe a? (5-1) 


where 


P, = Elastic critical buckling load, Ib., 
E = Modulus of elasticity, 29 < 10° psi, 
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‘ \ column fails 

' by buckling 
\ 
I | 
i 
a 

column fails / 

by crushing oO‘ | | 

a. short column b. long column 


Figure 5-2 Column failure modes. 


I = Moment of inertia, in.*, and 
L = Length of the column between brace points, in. 


Knowing that J = Ar’ and that the compression stress on any member is f, = P/A, we can 
express the Euler critical buckling load in terms of stress as 


WE 
(5-2) 


By = > 
(L/r)° 


where 


. = Euler elastic critical buckling stress, psi, 
A = Cross-sectional area, in.”, and 


r = Radius of gyration, in. 


Equations (5-1) and (5-2) assume that the ends of the column are pinned. For other end con- 
ditions, an adjustment or effective length factor, K, is applied to the column length. The effec- 
tive length of a column is defined as KL, where K is usually determined by one of two methods: 


1. AISCM, Table C-C2.2—The recommended design values from this table are com- 
monly used in design practice to determine the effective lengths of columns because 
the theoretical values assume idealized end support conditions. This table, repro- 
duced in Figure 5-3, is especially useful for preliminary design when the size of the 
beams, girders, and columns are still unknown. In Figure 5-3, a through c represent 
columns in braced frames, while d through f represent columns in unbraced frames. 
It should be noted that for building columns supported at the top and bottom ends, 
it is common design practice to assume that the column is pinned at both ends, 
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a. | d. | é. | f 
| rt} etd 4 
WV ° 
Buckling modes / 
WMA W177 YH) — K 
ry { Wits 
Theoretical K-value 0.50 | 1.0 2.0 2.0 
Recommended design K 
when ideal conditions are} (9.65 12 21 24 


approximated 


ss i Rotation fixed, translation fixed 


= Rotation free, translation fixed 
End-condition legend 


Rotation fixed, translation free 


~ 4+ 


Rotation free, translation free 


Adapted from Table C-C2.2[1] 
Figure 5-3 Buckling length coefficients, K. 


resulting in a practical effective length factor, K, of 1.0. For columns fixed at both 
ends, the recommended design value is K = 0.65. 


2. Nomographs or alignment charts (AJSCM, Tables C-C2.3 and C-C2.4)—The alignment 
charts use the actual restraints at the girder-to-column connections to determine the 
effective length factor, K. They provide more accurate values for the effective length 
factor than AISCM, Table C-C2.2 (see Figure 5-3), but the process of obtaining these 
values is more tedious than the first method, and the alignment charts can only be 
used if the initial sizes of the columns and girders are known. This method will be 
discussed later in this chapter. 


When the column end conditions are other than pinned, equations (5-1) and (5-2) are mod- 
ified as follows: 


wEI 
—— (KL) os 
r= WE (5-4) 
* {KL fry 


The term KL/r is called the slenderness ratio, and the AISC specification recommends lim- 
iting the column slenderness ratio such that 
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KL 
—— = 200 for compression members. (5-5) 
r 


Although the above limit is not mandatory, it should be noted that this is the cutoff point for 
the AJSCM design tables for compression members. 


Braced Versus Unbraced Frames 


In using the alignment charts or Table C-C2.2 of the AJSCM, it is necessary to distinguish 
between braced and unbraced frames. Braced frames exist in buildings where the lateral 
loads are resisted by diagonal bracing or shearwalls as shown in Figure 5-4a. The beams and 
girders in braced frames are usually connected to the columns with simple shear connections, 


X-brace chevron or K-brace shear wall 


a. braced frames 


b. unbraced frames 
Figure 5-4 Braced and unbraced frames. 
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and thus there is very little moment restraint at these connections. The ends of columns in 
braced frames are assumed to have no appreciable relative lateral sway; therefore, the term 
nonsway or sidesway-inhibited is used to describe these frames. The effective length factor 
for columns in braced frames is taken as 1.0. In unbraced or moment frames, (Figure 5-4b) the 
lateral loads are resisted through bending of the beams, girders, and columns, and thus the 
girder-to-column and beam-to-column connections are designed as moment connections. 
The ends of columns in unbraced frames undergo relatively appreciable sidesway; therefore, 
the term sway or sway-uninhibited is used to describe these frames. The effective length of 
columns in moment frames is usually greater than 1.0. 


Determination of Effective Length Factor, K, using the A/SCM 
Table C-C2.2 


Determine the effective length factor for the ground floor columns in the following 
frames (see Figure 5-5). 


shear wall 


pinned base with 


spread footings 
pee] 


a. braced frame b. unbraced frame 
and shear wall with a pinned base 


fixed base with 
spread footings 


c. unbraced frame 
with a fixed base 


Figure 5-5 Details for Example 5-1. 
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SOLUTION 


a. Braced Frame 
Since the building is braced by diagonal braces and shear walls, the K-value 
for all columns in the building is assumed to be 1.0. 


b. Unbraced Frames (Moment Frame with Pinned Column Bases) 
Since the bottom ends of the ground floor columns are pinned, the effective 
length factor, K, for each column at this level in the moment frame is 2.4. 


c. Unbraced Frames (Moment Frame with Fixed Column Bases) 
Since the bottom ends of the ground floor columns are fixed, the effective 
length factor, K, for each column at this level in the moment frame is 1.2. 


5.3 COLUMN STRENGTH 


The assumptions used in the derivation of equations (5-1) through (5-4) assume ideal- 
ized support conditions that cannot be achieved in real-life structural members. To ac- 
count for initial crookedness, residual stresses, and end restraints in the compression 
member, the AISC specification defines the design compressive strength of a column as 


follows: 
OP, = b-FaAgs (5-6) 
where 
ob, = 0.90, 


P,, = Nominal compressive strength, kips, 
F.,, = Flexural buckling stress (see below), ksi, and 


A, = Gross cross-sectional area of the column, in. 


The flexural buckling stress, F,,, is determined as follows: 


KL [E 
When — S 4.71 z (or when F, = 0.44F,), 
r y . 
Fy 
F. = eleser es (5-7) 


KL E 
when — > 4.71, [7 for when F, < 0.44F,), 
r : ; 


F,, = 0.877F,. (5-8) 


Equation (5-7) accounts for the case where inelastic buckling dominates the column behavior 
because of the presence of residual stresses in the member, while equation (5-8) accounts for 
elastic buckling in long or slender columns. 
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5.4 LOCAL STABILITY OF COLUMNS 


The preceding section was based on the global strength and buckling of the column mem- 
ber as a whole. In this section, we will look at the local stability of the individual elements 
that make up the column section. Local buckling (see Figure 5-6) leads to a reduction in the 
strength of a compression member and prevents the member from reaching its overall com- 
pression capacity. To avoid or prevent local buckling, the AISC specification prescribes 
limits to the width-to-thickness ratios of the plate components that make up the structural 
member. These limits are given in section B4 of the AISCM. 

In Section B4 of the AZSCM, three possible local stability parameters are defined: 
compact, noncompact, or slender. A compact section reaches its cross-sectional material 
strength, or capacity, before local buckling occurs. In a noncompact section, only a portion of 
the cross-section reaches its yield strength before local buckling occurs. In a slender section, 
the cross-section does not yield and the strength of the member is governed by local buck- 
ling. The use of slender sections as compression members is not efficient or economical; 
therefore, the authors do not recommend their use in design practice. 

There are also two type of elements of a column section that are defined in the 
AISCM: stiffened and unstiffened. Stiffened elements are supported along both edges 
parallel to the applied axial load. An example of this is the web of an I-shaped column 
where the flanges are connected on either end of the web. An unstiffened element has only 
one unsupported edge parallel to the axial load—for example, the outstanding flange of 
an I-shaped column that is connected to the web on one edge and free along the other edge 
(see Figure 5-7). 


; 


localized buckling of 
column flange under 
compression stress 


P 


Figure 5-6 Local buckling of column under 
axial compression load. 
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unstiffened element: 
flange is supported at one 
end and free at the other 


stiffened element: 
web is supported 
at both ends 


Figure 5-7 Stiffened and unstiffened elements. 


The limiting criteria for compact, noncompact, and slender elements as a function of 
the width-to-thickness ratio is shown in Table 5-1. When elements of a compression mem- 
ber exceed the limits for noncompact shapes, such an element is said to be slender and a re- 
duction is applied to the flexural buckling stress, F,,, in equations (5-7) and (5-8). For 
elements that are compact or noncompact, equations (5-7) and (5-8) can be used directly. 


Table 5-1 Limiting width-thickness ratios for compression elements 


Limiting Width-Thickness Ratio 
Description A, (compact) \, (noncompact) 


_ [" 
| 


Unstiffened 


b 
Outstanding legs of double angles in ; b 
continuous contact : : . 
b 
Flanges of C-shapes — 


(continued ) 
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Table 5-1 (continued) 


Limiting Width-Thickness Ratio 


Description A, (compact) A, (noncompact) 


Flanges of WT-shapes 


Unstiffened 


Outstanding legs of double angles 
not in continuous contact 


—_ 
N/A 


Webs of I-shaped sections 
Webs of C-shapes 


Square or rectangular HSS 


Stiffened 


use longer 
dimension for b 


Round HSS or pipes 


Note: N/A = not applicable. 
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For column shapes with slender elements, the following reduction factors apply to the yield 
stress, F\: 


KL | E 
When — & 4.71, /—— (or when F, = 0.44QF,), 
r QF, 
OR, 
F, = olo.ss Fp; (5-9) 


KL E 
when — > 4.71, /—— (or when F, < 0.44QF,), 
r OF, 


F., = 0.877F., (5-10) 
where 
Q = Q,Q, for members with slender elements (5-11) 


= 1.0 for compact and noncompact shapes, 
Q, = Reduction factor for unstiffened elements (see AJSCM, Section E7.1), and 
Q,, = Reduction factor for stiffened elements (see AJSCM, Section E7.2). 


Most wide flange shapes that are listed in the AJSCM do not have slender elements; therefore, 
the reduction factor, Q, is 1.0 for most cases. There are, in fact, very few sections listed in the 
AISCM that have slender elements and these are usually indicated by a footnote. However, some 
HSS (round and square), double-angle shapes, and WT-shapes are made up of slender elements. 


5.5 ANALYSIS PROCEDURE FOR COMPRESSION MEMBERS 


It is sometimes necessary to determine the strength of an existing structural member for 
which the size is known; this process is called analysis, as opposed to design, where the 
size of the member is unknown and has to be determined. There are several methods avail- 
able for the analysis of compression members and these are discussed below. The first step 
is to determine the effective length, KL, and the slenderness ratio, KL/r, for each axis of the 
column. For many shapes, both KL and r are different for each axis (see Figure 5-8). 

K.L, K,L, 


and — 
‘ ry 


Method 2: AISC Available Critical Stress Tables (AISCM, Table 4-22) 


Method 1: Use equations (5-6) through (5-8), using the larger of 


This gives the critical buckling stress, dF. 


: KL ' 
‘x aS a function of — for various values of F),. 
- ; 
KL, 


ES L, 


and 
¥ ry 


KL 
For a given —, determine F,, from the table using the larger of 
r 


KL 
(e.g., when — = 97 and F, = 36 ksi, AISCM, Table 4-22 gives bF,, = 19.7 ksi). 
7 


Knowing the critical buckling stress, the axial design capacity can be calculated from the 
equation 
bP, = OFA 


cr**g? 


where A, is the gross cross-sectional area of the compression member. 
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column with 
r, and r, 


beams provide brace 
points for column 


Figure 5-8 Effective length and slenderness ratio. 


Method 3: AISCM Available Compression Strength Tables (AJCSM, Tables 4-1 through 4-12) 


These tables give the design strength, .P,,, of selected shapes for various effective 
lengths, KL, and for selected values of F',. Go to the appropriate table with KL, using the larger of 


KLy 


and K,L,. 


Notes: 


e Ensure that the slenderness ratio for the member is not greater than 200, that is, 


KL 
— = 200. 


r 
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Check that local buckling will not occur, and if local buckling limits are not satisfied, 
modify the critical buckling stress, )F,,, using equations (5-9) through (5-11). 


Use column load tables (i.e., the available compression strength tables) whenever pos- 
sible. (Note: Only a few selected sections are listed in these tables, but these are typi- 
cally the most commonly used for building construction.) 


Equations (5-6) through (5-8) can be used in all cases for column shapes that have no 
slender elements. 


Column Analysis Using the AISC Equations 


Calculate the design compressive strength of a W12 X 65 column, 20 ft. long, and 
pinned at both ends. Use ASTM A572 steel. 


ihe = hy = ADM 

K = 1.0 (Figure 5-3) 
F, = 50ksi 

A= Dime 


Obtain the smallest radius of gyration, r, for W12 x 65 from AJSCM, part 1. For a 
W12 x 65, 


II 


5.28 in., and 
y 3.02 in. < Use the smaller value, since KL is the same for both axes. 


Ko 1.0)(20 ft.)(12 
= souk (12) = 79.5 < 200 OK 
iP 3.02 


a 
II 


Check the slenderness criteria for compression elements: 


bp = 12 in. (b = 12/2 = 6 in.) 
ty = 0.605 in. 
fy, = OLB) im, 


B= oh 12) 120) = 7 an 


(Note: kges, used for design, is smaller than k,,,, used for detailing. The difference in 
these values is due to the variation in the fabrication processes.) 


> < 056 ROE hope ose eae ak 
fj VF 0605 ; ; 50 ; 


BOF 29,000 
=) 149 = = 9498 = 110 
. F,’ 0.39 50 


= 35.88 OK 


Determine the flexural buckling stress, F,,: 


E 29,000 
4.71,{— = 4.71 = ied! 
i, 50 


(continued) 
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Since — = 79.5 < 113.4, use equation (5-7) to determine F;,,. 
if 


wE _ 729,000 
(KL/r)? (79.5)? 


= 45.3ksi 
ly 50_ 
Fee 10.658 Pe ||O1G5s  \G0)e— 3105 koi 
bF, = (0.90)(31.5) = 28.4ksi 


The design strength of the column is then determined from equation (5-6): 


Der, = elias 
(0.90)(31.5)(19.1) = 541 kips 


From AISCM, Table 4-22, bF., could be obtained directly by entering the table with 
KL/r = 79.5 and F, = 50 ksi. A value of about oF. = 28.4 is obtained, which con- 
firms the calculation above. Alternatively, the design strength could be obtained 
directly from AISC, Table 4-1 (i.e., the column load tables). Go to the table with 
KL = 20 ft. and obtain ,P,, = 541 ksi. 


Analysis of Columns Using the A/SCM Tables 


Determine the design compressive strength for a pin-ended HSS 8 x 8 x % column of 
ASTM A500, grade B steel with an unbraced length of 35 ft. 


SOLUTION 
Unbraced column length, L = 35 ft. 
Pin-ended column: K = 1.0, KL = (1.0)(35 ft.) = 35 ft. 
ASTM A500 steel: F, = 46 ksi 


For an HSS 8 X 8 X % from part | of the AJSCM, we find that 


v 


15 (1.0)(35 ft.) (12) 
r 3.10 


= 135.5 < 200 OK 


From AJSCM Table 4-22, bF,., is obtained directly by entering the table with 
KL/r = 135.5 and F, = 46 ksi. A value of about bF. = 12.3 ksi is obtained; therefore, 
the design strength is 


bP, = 6FaA, = (12.3)(10.4) = 128 kips. 
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Alternatively, the design strength could be obtained directly from the AISCM column load 
tables (Table 4-4). Enter the table with KL = 35 ft. and obtain b.P,, = 128 ksi. 


Alternate Check: 
Check the slenderness criteria for compression elements: 


b E 29,000 
— = 1.40,/—; 19.9 < 1.40 = 35. 10OK 
t F, 46 


b 
(2 = 19.9 from part 1 of the aise ) 


Determine the flexural buckling stress, F,,: 


E 29,000 
4.71 = 4,71 = 118.2 
F, 46 


KL 
Since — = 135.5 > 118.2, use equation (5-8) to determine F,,: 
ie 


- WE m°29,000 ee 
,= = = .O ksi 
(Kin) 41355)" 


f= 087i a= (0877156) = 137k 


The design strength of the column is then determined from equation (5-6): 


oP, = opera 
(0.90)(13.7)(10.4) = 128 kips 


5.6 DESIGN PROCEDURES FOR COMPRESSION MEMBERS 


The design procedures for compression members are presented in this section, starting with 
the design procedure for sections not listed in the AJSCM column design tables. 


1 For Members Not Listed in the A/SCM Column Tables: 
a. Calculate the factored axial compression load or the required axial strength, P,,, and 
assume a value for the critical buckling stress, .F,,, that is less than the yield stress, F’,. 
b. Determine the required gross area, A, pequireas Which should be greater than or equal 
bFa 
c. Select a section from part 1 of the AISCM with A, > Ag required: 
© Check that KL/r = 200 for each axis. 


d. For the section selected in step 1c, compute the actual ,F,,, using either AJSCM, 
Table 4-22, or equation (5-7) or (5-8). 


to 
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e. Compute the design strength, b.P,, = (-F'.)A,, of the selected shape from step c. 
e If bP, = P,, the section selected is adequate; go to step g. 
e If bP, < P,, the column is inadequate; go to step f. 


f. Use b.F,,, obtained in step d, to repeat steps a through e until ¢,P,, is just greater 
than or equal to the factored load, P,, (approximately 5% is a suggested value). 


g. Check local buckling (see Table 5-1). 


2 For Members Listed in the AJSCM Column Tables: 


In designing columns using the column load tables, follow these steps: 


a. Calculate P,, (i.e., the factored load on the column). 


b. Obtain the recommended effective length factor, K, from Figure 5-3 and calculate the 
effective length, KL, for each axis. 
c. Enter the column load tables (AZSCM, Tables 4-1 through 4-21) with a KL value that 


‘x 


K 
is the larger of Aube and K,L,, and move horizontally until the lightest column 
() 


section is found with a design strength, b.P,, > the factored load, P,,. 


It is recommended to use the column load tables whenever possible because they are the 
easiest to use. 


EXAMPLE 5-4 


Design of Axially Loaded Columns Using the A/SCM Tables 


Select a W14 column of ASTM A572, grade 50 steel, 14 ft. long, pinned at both ends, 
and subjected to the following service loads: 


Pp = 160 kips 
P, = 330 kips 


SOLUTION 


e A572, grade 50 steel: F, = 50 ksi 
e Pinned at both ends, K = 1.0 
e L= 14 ft: KL = (1.0)(14) = 14 ft. 


The factored load, P, = 1.2Py + 1.6P, = 1.2(160) + 1.6(330) = 720 kips. 
From the column load tables in part 4 of the AISCM, find the W14 tables. 

Enter these tables with KL = 14 ft. and find the lightest W14 with 6,.P,, > P,,. 
We obtain a W14 x 82 with b.P, = 774 kips > P,, = 720 kips 

(Note: .P,, = 701 kips for W14 X 74.) 
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EXAMPLE 5-5 


Column Design Using Sections Listed in the 
AISCM Column Tables 


Using the AJSCM column design tables, select the lightest column for a factored com- 
pression load, P,, = 194 kips, and a column length, L = 24 ft. Use ASTM A572, grade 
50 steel and assume that the column is pinned at both ends. 


SOLUTION 
ko ae 
ii =O Rig) = Oe 


For KL = 24 ft., we obtain the following ,P,, from the column load tables 
(AISCM, Table 4-1): 


Selected Size oP, kips 


W8 x ?? W8 x 58 


W10 x ?? W10 x 49 


W12 x ?? W12 x 53 


W14 x ?? W14 x 61 


Always select the lightest column section if other considerations (such as architectural 
restrictions on the maximum column size) do not restrict the size. 
Therefore, use a W10 X 49 column. 


EXAMPLE 5-6 


Column Design for Sections Not Listed 
in the AJSCM Column Load Tables 


Select a W18 column of ASTM A36 steel, 26 ft. long, and subjected to a factored 
axial load of 500 kips. Assume that the column is pinned at both ends. 


SOLUTION 


Since W18 shapes are not listed in the AZSCM column load tables, we cannot use 
these tables to design this column. Procedure | in Section 5.6 will be followed. 


P,, = 500 kips, 
KL = 1.0 X 26ft. = 26 ft. 
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Cycle 1: 
1. Assume .F,, = 20 ksi < Fy (36 ksi). 
Py 500 
2A SS = 


g required = 
Dalle 20 
3. Select W18 section from part 1 of the AISCM with A, = 25 in. 


Try W18 x 86 with A; = 25.3) im, 
f= 7.70 i, and 
Ry = 2S in. 


KL (1.0) (26 ft.)(12) 
Tin 7 2.63 


4. Go to AISCM, Table 4-22, with the KL/r value from step 3 and obtain 
JF. = 15.5 ksi, 


5. bP, = (bFA,) = (15.5 ksi)(25.3 in2) = 392 kips < P, = 500 kips 


= 118.6 < 200 OK 


The selected column is not adequate. Therefore, proceed to cycle 2. 


Cycle 2: 
1. Assume $,F,, = 15.5 ksi (from step 4 of the previous cycle). 


Be 500 
g required = = =o, = 2 in? 
4 bF, 15.5 


3. Try W18 x 119 with A, = 35.1 in? > A, saaratizei 
r, = 7.90 in., and 
A, = 2409) iim, 


De J 


KL (1.0)(26 ft.)(12) 
ee 2.69 


4. Go to AISC, Table 4-22 with KL/r = 116 and obtain .F,, = 16.0 ksi. 


= 116 < 200 0K 


5. The compression design strength is 
bP, = (bFx)(A,) = (16.0 ksi)(35.1 in.*) = 561 kips > P, = 500 kips OK 
Therefore, the W18 Xx 119 column is adequate. 


6. Check the slenderness criteria for compression elements: 


be i) sundbe— 13/2 = S/65un)) 

ty = 1.06 in. 

fe. = Ole sin, 

h = d — 2k, = 19.0 — (2)(1.46) = 16.08 in. 


(Note: kj, is smaller than k,,, and should be used for the design. The difference in 
these values is due to the variation in the fabrication processes.) 


Compression Members Under Concentric Axial Loads 187 


b E 5.65 29,000 
— = 0,56,/—; = = 5,33 < 0.56,/ = SOK 
t F,’ 1.06 36 


h E 16.08 29,000 
2 10) |= = GS = 422 OK 
t, F,” 0.655 36 


This implies that the column section is not slender; therefore, the design strength cal- 
culated above does not have to be reduced for slenderness effects. 


Analysis of Columns with Unequal, Unbraced Lengths Using 
the A/SCM Tables 


Determine the design compressive strength of the following column: 
e W14 X 82 column 
e A572, grade 50 steel 
e Unbraced length for strong (X—X) axis bending = 25 ft. 
e Unbraced length for weak (Y—Y) axis bending = 12.5 ft. 


SOLUTION 
Ib, = (OU) On HS, 
et = (iL OAS) Wis 


From part 1 of the AJSCM, we find the following properties for W14 X 82: 


A, = 24.0 in 
r, = 6.05 in. 
r, = 2.48 in. 


1. Using AISCM, Table 4-22, 


KL, _ (25 ft.)(12) 


= 49.6 < 200 OK, and 


Pe 6.05 
KyL, (12.5 ft.)(12) 
748 = 60.5 < 200 OK, the larger KL/r value governs. 
Te d 


Going into AISCM, Table 4-22, with a KL/r value of 60.5, we obtain 
oF. = 34.4 ksi. 


Column design strength, b.P, = b-FoaA, = (34.4)(24.0 in.) = 825 kip 


(continued) 
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2. Using the column load tables, 


Kes fi 
ee eee eR gos te 


(=) (as) 


(Note: r,/ ry is also listed at the bottom of the column load tables.) 


K,L, = 12.5 <— The larger value governs. 


Going into the column load table for W14 X 82(F,, = 50 ksi) in part 4 of the 
AISCM with KL = 12.5 ft., we obtain 


6.P,, kips 


The compression design strength, ,P,,, is 828 kips. Note that the column load 
tables also indicate whether or not the member is slender. For members that 
are slender, the column load tables account for this in the tabulated design 
strength; therefore, the local stability criteria does not need to be checked. 


EXAMPLE 5-8 


Design of Columns with Unequal, Unbraced Lengths Using 
the A/SCM Tables 


Select an ASTM A572, grade 50 steel column to resist a factored compression load, 
P,, = 780 kips. The unbraced lengths are L, = 25 ft. and L, = 12.5 ft. and the column 
is pinned at each end. 


SOLUTION 
1. P,, = 780 kip 
2. K,L, = (1.0)(25 ft.) = 25 ft. (strong axis) 
K,L, = (1.0)(12.5 ft.) = 12.5 ft. (weak axis) 
3. Initially, assume that the weak axis governs = KL = K,L,. Go to the column 


load table with KL = K,L, = 12.5 ft. 


*W12 X79  ,P, = 874 kips 
W14 X 82 = 828 kips 


*Try this section because it is the lightest. 
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4. For W12 X 79, 


r, = 5.34 in., 
ry = 3.05 in., and 
ies = 1.75 (from AJSCM Table 4-1); 


thus, 
NIL, 2S) Mik 
= = 14.3 ft. <— The larger value governs, and 
r, Ls) 
ry 
IIb, = 2S. 


Therefore, the original assumption in step 3—that the weak axis governs—was 


incorrect; the strong axis actually governs. 
KL, 


5. Go into the W12 X 79 column load tables with = 14.3 ft. and obtain the 


x 


ry 


column axial load capacity by linear interpolation: 


,P,, kips 


For W12 X 79, b.P,, = 827 kips > P,, = 780 kips OK 
Use a W12 X 79 column. 


5.7 ALIGNMENT CHARTS OR NOMOGRAPHS 
(SEE A/SCM, TABLES C-C2.3 AND C-C2.4) 


As discussed previously in this chapter, the alignment charts, or nomographs, are an alter- 
nate method for determining the effective length factor, K. These nomographs take into 
account the restraints provided at the ends of the column by the beams or girders framing 
into the columns. They provide more accurate K-values, but require knowledge of the sizes 
of the beams, girders, and columns, and are more cumbersome to use. Two charts are pre- 
sented in the AISCM: sidesway inhibited (i.e., buildings with braced frames or shearwalls), 
reproduced in Figure 5-9, and sidesway uninhibited (i.e., buildings with moment frames), 
reproduced in Figure 5-10. The following assumptions have been used in deriving these 
alignment charts, or nomographs [1]: 


1. Behavior is purely elastic. 
2. All members have a constant cross section. 
3. All joints are rigid. 
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G K G 
50.0—— 1.0 “50.0 
10.0 10.0 
5.0 5.0 
3.0 0.9 3.0 
2.0 2.0 
0.8 
1.0 1.0 
0.8 0.8 
0.7 0.7 
0.6 07 0.6 
0.5 0.5 
0.4 0.4 
03 03 
0.6 
0.2 0.2 
0.1 0.1 
0 0.5 0 


Figure 5-9 Alignment chart: Sidesway inhibited (i.e., 
braced frames). [1] 


4. For columns in sidesway-inhibited frames (i.e., braced frames), rotations at opposite 
ends of the restraint beams or girders are equal in magnitude and opposite in direc- 
tion, producing single-curvature bending. 

5. For columns in sidesway-uninhibited frames, rotations at opposite ends of the 
restraining beams or girders are equal in magnitude and direction, producing 
double- or reverse-curvature bending. 

6. The stiffness parameters, LV P/EI, of all columns are equal. 

7. Joint restraint is distributed to the column above and below the joint in proportion to 
EI/L for the two columns. 

8. All columns buckle simultaneously. 

9. No significant axial compression force exists in the beams or girders. 

To use these charts, the relative stiffness, G, of the columns, compared to the girders 


(or beams) meeting at the joint at both ends of each column, is calculated using equation 
(5-12): 
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ren K i 
20.0 
100.0 10.0 100.0 
50.0 50.0 
30.0 5.0 30.0 
20.0 4.0 20.0 
10.0 10.0 
9.0 oe 9.0 
8.0 8.0 
7.0 7.0 
6.0 6.0 
5.0 5.0 
4.0 2.0 4.0 
3.0 3.0 
2.0 2.0 
1.5 
1.0 1.0 
0 1.0 0 


Figure 5-10 Alignment chart: Sidesway uninhibited 
(i.e., moment frames). [1] 


Total column stiffness at the joint 


Total girder stiffness at the joint 


[ae | ee 4 es] 
> L L. bottom L. top 


c 


> ES 7 Ee Ee 
+ 
L, L, left L, right 


where 


E,, E, = Modulus of elasticity for columns and girders, respectively; 
I 


¢ 


= Moment of inertia of column in the plane of bending of the frame; 
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(5-12) 


I, = Moment of inertia of the girders in the plane of bending of the column; 


L,, L, = Unsupported or unbraced length of the columns and girders, respectively; 


& 
7, = Column stiffness modification factor for inelasticity from Table 5-2 


= 1.0 if the assumptions on pages 189 and 190 are satisfied; and 
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Table 5-2 Column reduction factors,*Tt, 


“Adapted from AISCM, Table 4-21 [1]. 
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Table 5-3 Girder stiffness modification factors, t, 


Girder Stiffness 
Girder Far-End Condition Modification Factor, t, 


Sidesway Uninhibited (i.e., Far end is fixed 
unbraced or moment 
frames) Far end is pinned 


Sidesway Inhibited (i.e., Far end is fixed 
braced frames) 


Far end is pinned 


= Girder stiffness modification factor from Table 5-3 


= 1.0 if the assumptions on pages 189 and 190 are satisfied. 


For steel structures, the modulus of elasticity of the column, E,, is the same value as the 
modulus of elasticity of the girder or beam, E,; thus, E, and E, will cancel out of equation 
(5-12). In real-life structures, the assumptions listed above are usually approximately sat- 
isfied. Where assumption | is not satisfied—implying inelastic behavior in the column— 
the column elastic modulus of elasticity, E,, in equation (5-12) needs to be replaced by the 
lower tangent modulus of elasticity, E,. Thus, the column elastic stiffness in equation 
(5-12) will be reduced by the ratio E,/E, or the stiffness reduction factor, which is denoted 
by 7,. The stiffness reduction factors are tabulated in Table 5-2 for different values of the 
yield strength, F’,. The use of the stiffness reduction factor yields a lower G-factor from 
equation (5-12), and therefore a lower effective length factor, K, and hence a higher col- 
umn capacity, resulting in a more economical design. 

In the calculation of G, fully restrained (FR) moment connections are assumed at the 
girder-to-column connections at both ends of the girders. For other situations (i.e., where as- 
sumptions 4 and 5 or page 190 are not satisfied), the stiffness of the beams or girders are 
modified by the adjustment factors given in Table 5-3 for the various far-end support con- 
ditions of the girders. Note that when the near end of a girder is pinned (i.e., simple shear 
connection), the girder or beam stiffness reduction factor is zero. The use of these modifi- 
cation factors yields conservative values of the effective length factor, K. 

Although the theoretical G-value for a column with a pinned base (e.g., column sup- 
ported on spread footing) is infinity, a practical value of 10 is recommended in the AISCM 
because there is no perfect pinned condition. Similarly, the G-value for a column with a 
fixed base is theoretically zero, but a value of 1.0 is recommended for practical purposes. 

The alignment charts assume FR moment connections at the girder-to-column connec- 
tions (i.e., rigid joints) and, as such, they are mostly useful for columns in unbraced 
or moment frames (see Figure 5-11 or AISCM, Table C-C2.4). The girder-to-column 
connections in braced frames are usually simple shear connections with no moment re- 
straints; therefore, for a braced frame with pinned column bases, the G-factor will be 10 
for both the top and bottom ends of a typical column in the frame. Using these G-factors 
in the sway-inhibited alignment chart (Figure 5-10 or AISCM, Table C-C2.3) yields an 
effective length factor, K, of 0.96. This value is not much different from the effective 
length factor of 1.0 that is obtained for a similar pin-ended column using Figure 5-3. It 
should be noted that the effective length factor, K, of 1.0 is the recommended practical 
value for columns that are supported at both ends in building structures. Consequently, 
the alignment charts will only be used in this text for unbraced or moment frames (i.e., 
sidesway uninhibited). 
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The procedure for using the alignment charts to determine the effective length factor, 


K, for a column is as follows: 


die 


Calculate the factored axial load, P,,, on the column. It is assumed that at this stage, the 
girder and beam sizes, and the preliminary column sizes have already been determined. 


. Calculate the stiffness of the girders and columns, and, where necessary, modify the 


girder stiffness using the adjustment factors in Table 5-3 based on the support condi- 
tions at the far ends of the girders. 


Note: Where a girder is pinned at the joint under consideration (i.e., connected 
to the column with a simple shear connection at the near joint), that girder stiff- 
ness (i.e., EI/L of the girder) will be taken as zero in calculating the G-factor at 
that joint. 


. Where necessary, modify the column stiffness by the inelasticity reduction factor, T,, 


from Table 5-2. 


. Calculate the G-factors at both ends of the column. Assume that G, is the G-factor 


calculated at the bottom of the column and Gz, is the G-factor calculated at the top of 
the column. 


. For a pinned column base, use G, = 10; for a fixed column base, use G, = 1.0. 
. Plot the G, and Gz factors on the corresponding vertical axes of the applicable 


alignment chart. For unbraced or moment frames, use the alignment chart shown in 
Figure 5-11. 


. Join the two plotted points (i.e., G, and Gg) with a straight line; the point at which 


the vertical K-axis on the alignment chart is intercepted gives the value of the effec- 
tive length factor, K. 


The alignment charts (or nomographs) yield more accurate values for the effective 


length factor, K, than Figure 5-3; however, they can only be used if the preliminary sizes 
of the beams, girders, and columns are known, unlike Figure 5-3, which is independent of 
member size. The recommended design values for the effective length factor, K, from 
Figure 5-3 can be used for preliminary, as well as final, design. 


EXAMPLE 5-9 


Effective Length Factor of Columns Using Alignment Charts 


For the two-story moment frame shown in Figure 5-11, the preliminary column and 
girder sizes have been determined as shown. Assume in-plane bending about the strong 
axes for the columns and girders, and assume columns supported by spread footings. 
The factored axial loads on columns BF and FJ are 590 kip and 140 kip, respectively, 
and F, = 50 ksi. 


1. Determine the effective length factor, K, for columns BF and FJ using the 
alignment charts, assuming elastic behavior. 

2. Determine the effective length factor, K, for columns BF and FJ using the 
alignment charts, assuming inelastic behavior. 


Compression Members Under Concentric Axial Loads 195 


W18x35 J W18 x 40 K LE 


vf 
S 
va) 
x 
Q 
— 
= 
a 
[= 
x 
Q 
= 
= 
LD 


WI18 x 50 


Figure 5-11 Moment frame for Example 5-9. 


SOLUTION 


The moments of inertia for the given column and girder sections are as follows: 


Member Section Length (ft.) 


W12 x 50 


W12 x 72 


W18 x 35 


W18 x 40 


W18 x 50 


1. Elastic Behavior 
Column BF: 


Joint B: The bottom of column BF is supported by a spread footing that provides lit- 
tle or no moment restraint to the column; therefore, it is assumed to be pinned. Thus, 
G, = 10 (This is the practical value recommended in the AJSCM as discussed earlier.) 


Joint F: 


E[(1.0)(39.6) + (1.0)(19.6) ] 
Tey ) ~ E[(1.0)(25.5) + (1.0) (26.7) ] 


= 1.14 (top of column BF) 


(continued) 
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1.0 
Figure 5-12 Alignment chart for elastic behavior. 


Entering the alignment chart for unbraced frames (see Figure 5-11) with a G, of 10 
at the bottom of column BF and a G; of 1.14 at the top of the column, and joining these 
two points with a straight line, yields a K-value of 1.93, as shown in Figure 5-12. 


Column FJ: 
t, = 1.0andt, = 1.0 
( nh) 
— XT} A1(1.0)(39.8) + (1.0)(19.6)] oe, ; 
Joint F: Gy = e\ Ef (1.0) (25.5) + (1.0)(26.7)] Soe 
Sy ee, 
Ee 
bran | a E[(1.0)(19.6)] nee 
Joint J: Gz; = Se) ~ E[(1.0)(25.5) + (1.0)(20.4)] uae 
D 
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Figure 5-13 Alignment chart for inelastic behavior. 


Going to the alignment chart for moment frames (see Figure 5-11) with a G, of 1.14 
at the bottom of column FJ and a Gz of 0.43 at the top of the column, and joining 
these two points with a straight line, yields a K-value of 1.25, as shown in Figure 
5-13. 


2. Inelastic Behavior 


Factored Stiffness 
Area, Axial Load, Reduction 


Column Size Ag in? P,, kips P,/Ag Factor, T, 


BF Wwi2 x 72 Zit 590 28.0 0.804 


| FJ W12 x 50 14.6 140 9.6 1.0 | 


(continued) 
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Column BF: 


Joint B: The bottom of column BF is supported by a spread footing; therefore, it is 
assumed to be pinned. Thus, 


G, = 10 (This is the practical value recommended in the AISCM as discussed 
earlier.) 


Joint F: 


T, = 0.804 andt, = 1.0 
Rderdl. 
> (=) ae CS ELL SS see ee 
es EV (10)(25.5) 2 (1,0)(26.7)] column BF) 


L, 


Gz = 


Entering the alignment chart for unbraced frames with a G, of 10 at the bottom of 
column BF and a G; of 0.99 at the top of the column, and joining these two points 
with a straight line, yields a K-value of 1.90, as shown in Figure 5-14. It can be 
seen that the difference in the effective length factor and the effect of inelasticity are 
negligible for this example. It is common in design practice to conservatively assume 
the elastic behavior of the column because the effective length factor obtained in 
that case will be higher than for inelastic behavior. 


Column FJ: 

Column FJ is unchanged from the solution in part | because the stiffness reduction 
factor for this column is 1.0; therefore, the effective length factor will be as calculated 
in part 1. 
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5.9 PROBLEMS 


5-1. Determine the design strength of the column shown in Figure 5-14 using the following methods: 


1. Design equations (i.e., equations (5-6) through (5-8)); check slenderness. 
2. Confirm the results from part 1 using AISCM, Table 4-22. 
3. Confirm the results from part 1 using AJSCM, Table 4-4. 
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WS SSS 
HSS 4x 4x 7% W6 x 20 
S ASTM A500, grade 46 > ASTM A36 
co a 
Yi ide 
Figure 5-14 Details for problem 5-1. Figure 5-15 Details for 
problem 5-2. 

5-2. Determine the design strength of the column shown in Figure 5-15 using the following methods: 
1. Design equations (i.e., equations (5-6) through (5-8)); check slenderness. 

2. Confirm the results from part 1 using AISCM Table 4-22. 

5-3. A column with an unbraced length of 18 ft. must resist a factored load of P,, = 200 kips. Select 
the lightest W-shape to support this load, consider W8, W10, W12, and W14 shapes. The steel 
is ASTM A572, grade 50. 

5-4. A pipe column with a factored load of 80 k has an unbraced length of 10 ft. Select the lightest 
shape, using the following: 

1. Standard pipe (STD), 

2. Extra strong pipe (XS), and 

3. Double extra strong pipe (XXS). 

Steel is ASTM AS53, grade B. 
What is the maximum unbraced length permitted for a 4-in extra strong (XS) pipe column 
to support this load? 

5-5. A W-shape column must support service loads of D = 200 kips and L = 300 kips. The unbraced 
length in the x-direction is 30 ft., 15 ft. in the y-direction. Select the lightest W-shape to sup- 
port this load. 

5-6. Determine if a W8 X 28 column is adequate to support a factored axial load of P,, = 175 kips 
with unbraced lengths, L, = 24 ft. and L, = 16 ft., and pinned-end conditions. The steel is 
ASTM A992, grade 50. 

5-7. The preliminary column and girder sizes for a two-story moment frame are shown in Figure 5-16. 


Assuming in-plane bending about the strong axes for the columns and girders, determine the ef- 
fective length factor, K, for columns CG and GK using the alignment chart and assuming elastic 
behavior. 
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Figure 5-16 Moment frame for problem 5-7. 


Student Design Project Problem 


Neglecting the Beam-to-column and girder-to-column connection eccentricities (and there- 
fore the moments caused by those eccentricities), calculate the cumulative factored axial loads 
on the typical interior, exterior, and corner columns for each level of the building. Determine 


the required column size for each level of the building, assuming an effective length factor, K, 
of 1.0. 


Le wee & CHAPTER 


Noncomposite Beams 


6.1 INTRODUCTION 


Beams are the most common members found in a typical steel structure. Beams are prima- 
rily loaded in bending about a primary axis of the member. Beams with axial loads are 
called beam-columns, and these will be covered in Chapter 8. Common types of beam are 
illustrated in Figure 6-1. 

Beams can be further classified by the function that they serve. A girder is a member 
that is generally larger in section and supports other beams or framing members. A joist is 
typically a lighter section than a beam—such as an open-web steel joist. A stringer is a 
diagonal member that is the main support beam for a stair. A lintel (or loose lintel) is usu- 
ally a smaller section that frames over a wall opening. A girt is a horizontal member that sup- 
ports exterior cladding or siding for lateral wind loads. 

The basic design checks for beams includes checking bending, shear, and deflection. 
The loading conditions and beam configuration will dictate which of the preceding design 
parameters controls the size of the beam. 

We will now review some of the basic principles of bending mechanics. When a beam 
is subjected to bending loads, the bending stress in the extreme fiber is defined as 


Mc M 
== 6-1 
ap F 5 (6-1) 
And the yield moment is defined as 
M, = FS, (6-2) 


where 


J» = Maximum bending stress, 
M, = Yield moment, 
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a. floor beams b. open-web steel joist 
and girders 
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steel lintel 
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Figure 6-1 Common beam members. 


F, = Yield stress, 
M = Bending moment, 

c = Distance from the neutral axis to the extreme fiber, 
I = Moment of inertia, and 

S = Section modulus. 


The above formulation is based on the elastic behavior of the beam. However, if we assume 
that the extreme fiber of the steel sections yields and that any additional moment and bending 
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moment due to plastic hinge 
applied load forms when entire 
es section yields ae 


=f, F, F, 
hf, me “ F 
_Mc _M 7 
ae aa a 
M,=F,S 
increase in moment until ; 
elastic moment entire section yields plastic moment 


Figure 6-2 Stress distribution for bending members. 


stress is distributed to the remaining steel section toward the centroid of the beam, such that 
the remaining portions of the beam are also brought to the yield limit, a plastic hinge will 
form in the beam. A plastic hinge occurs when the entire cross section of the beam is at its 
yield point, not just the extreme fiber. The moment at which a plastic hinge is developed in 
a beam is called the plastic moment and is defined as 

M, = FZ. (6-3) 


P y 


where 


M, = plastic moment, and 


Z = plastic section modulus. 


The plastic moment is the maximum moment, or nominal bending strength of a beam with 
full lateral stability. For standard wide flange shapes, the ratio of the plastic moment, M,,, 
to the yield moment, M,, usually varies from 1.10 to 1.25 for strong axis bending (Z,, S,), 
and 1.50 to 1.60 for weak axis bending. The stress distribution for the above discussion is 
illustrated in Figure 6-2. 

The design parameters for shear and deflection will be discussed later. A summary of 
the basic load effects for common beam loading conditions is shown below in Table 6-1. 
AISCM, Table 3-23 has several other loading conditions beyond what is shown below. 


6.2 CLASSIFICATION OF BEAMS 


All flexural members are classified as either compact, noncompact, or slender, depending 
on the width-to-thickness ratios of the individual elements that form the beam section. There 
are also two type of elements that are defined in the AISC specification stiffened and unstiffened 
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Table 6-1 Summary of shear, moment, and deflection formulas 


Maximum Maximum Maximum 
Loading Loading Diagram Shear Moment Deflection 
Uniformly loaded Ww wL wl? 5wL* 
‘ani V= M=— A = 

simple span 2 8 384 El 

4 

4 
y, ~ 

a. uniformly loaded 
Concentrated load at P _P _ PL PLS 
midspan | v= > MoS A 


b. concentrated 


load at midspan 
Concentrated loads at P P PL PL3 
¥% points | | V=P Ms, A = —— 
28El 
L 
: 


M Ll, 
Lp 


c. concentrated 
loads at 3 points 


Loading 


Uniformly loaded, 
cantilever 
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Maximum Maximum Maximum 
Loading Diagram Shear Moment Deflection 


d. uniformly 


loaded, cantilever 


Concentrated load at 
end of cantilever 


e. concentrated load 
at end of cantilever 


elements. Stiffened elements are supported along both edges parallel to the load. An exam- 
ple of this is the web of an I-shaped beam because it is connected to flanges on either end of 
the web. An unstiffened element has only one unsupported edge parallel to the load; an ex- 
ample of this is the outstanding flange of an I-shaped beam that is connected to the web on 
one side and free on the other end. 

Table 6-2 gives the upper limits for the width-to-thickness ratios for the individual 
elements of a beam section. These ratios provide the basis for the beam section. When the 
width-to-thickness ratio is less than ,, then the section is compact. When the ratio is greater 
than 4, but less than A,, then the shape is noncompact. When the ratio is greater than A,, the 
section is classified as slender. 

The classification of a beam is necessary since the design strength of the beam is a 
function of its classification. 

The width-to-thickness ratios are also given in part | of the AISCM for structural shapes, 
so there is usually no need to calculate this ratio. 
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Table 6-2 Limiting width-thickness ratios for flexural elements 


Limiting Width-Thickness Ratio 


Unstiffened 


Np 
Ape (flange) 


Naw (web) 
(compact) 


Decsription 


Flanges of I-shaped sections 


Flanges of C-shapes 


hy 
Ap (flange) 
Aw (web) 
(noncompact) 


+ (o> 
IA 
oO 
Ww 
[oe) 

aa 


Flanges of WT-shapes 


Outstanding legs of single b 
angles t 
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Limiting Width-Thickness Ratio 
Np rN, 
Apr (flange) Art (flange) 
Naw (web) pw (web) 
Decsription (compact) (noncompact) 


Webs of I-shaped sections 


Webs of C-shapes 


Square or rectangular HSS 


Stiffened 


_| 


use longer 
dimension for ‘h' 


Round HSS or pipes 


. 


Adapted from Table B4.1 of the AISCM. 
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EXAMPLE 6-1 


Classification of a W-Shape 


Determine the classification of aW18 X 35 and a W21 X 48 for F,, = 50 ksi. Check 
both the flange and the web. 
From part | of the AJSCM, 


W18 X 35 W21 X 48 


b 5 
ST 06 a = 9.47 
ap 


h 
= = s3\(0 
t 


w 


E 29,000 
= = 0.38 = 915 = 7.06; 
F, 50 


.. the W18 X 35 flange is compact. 


E 29,000 
My = 10y/ = = 10 = 24.0 > 9.47 > 9.15; 
F, 50 


oo UME Ww21 xX 48 flange is noncompact. 


Web: 


E 29,000 
Nw = 3.76, /— = 3.76 = 90.5 > 53.6; 
F, 50 


as We W18s < 35 and W21 x 48 webs are compact. 


Note that shapes that are noncompact for bending are noted by subscript fin Part 1 of 
the AISCM. 


6.3 DESIGN STRENGTH IN BENDING FOR COMPACT SHAPES 


The basic design strength equation for beams in bending is 


M, = ,M,, (6-4) 
where 


M,, = Factored moment, 

ob, = 0.9, 

M,, = Nominal bending strength, and 
,M,, = Design bending strength. 


The nominal bending strength, M,,, is a function of the following: 
1. Lateral-torsional buckling (LTB), 


2. Flange local buckling (FLB), and 
3. Web local buckling (WLB). 
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Flange local buckling and web local buckling are localized failure modes and are only of 
concern with shapes that have noncompact webs or flanges, which will be discussed in fur- 
ther detail later. 

Lateral—torsional buckling occurs when the distance between lateral brace points is 
large enough that the beam fails by lateral, outward movement in combination with a twist- 
ing action (A and 9, respectively, in Figure 6-3). Beams with wider flanges are less suscep- 
tible to lateral—torsional buckling because the wider flanges provide more resistance to 
lateral displacement. In general, adequate restraint against lateral—torsional buckling is ac- 
complished by the addition of a brace or similar restraint somewhere between the centroid 
of the member and the compression flange (see Figure 6-3b). For simple-span beams sup- 
porting normal gravity loads, the top flange is the compression flange, but the bottom flange 
could be in compression for continuous beams or beams in moment frames. 


lateral displacement in 
combination with twisting 


a. lateral torsional buckling behavior 


compression flange 


lateral restraint should be provided 
between the beam centroid and the 
compression flange to prevent lateral 
torsional buckling 


b. lateral torsional buckling restraint 


Figure 6-3 Lateral—Torsional buckling. 
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Lateral—torsional buckling can be controlled in several ways, but it is usually dependant 
on the actual construction details used. Beams with a metal deck oriented perpendicular to 
the beam span are considered fully braced (Figure 6-4a), whereas the girder in Figure 6-4b 
is not considered braced by the deck because the deck has very little stiffness to prevent 
lateral displacement of the girder. The girder in Figure 6-4c would be considered braced by 
the intermediate framing members and would have an unbraced length Z,,. 


direction of 


— ribs 
Cc eA ile 
| 
re | 
ltl 
Il 
tod 


full lateral stability 
provided (L, = 0) 

Note: Full lateral stability 
may not be provided until 
concrete cures in some 
cases. 


b. beam section 


! b 
— 

11 

ae 


deck ribs are weak 
in this direction 


a. typical floor plan 


L, is the distance between 
adjacent beams 


c. girder section 


load at the end of the cantilever 
creates compression in the 
bottom flange at the support 


d. compression flange e. lateral bracing of the compression 
in a cantilever beam flange in a cantilever beam 


Figure 6-4 Lateral bracing details. 
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When full lateral stability is provided for a beam, the nominal moment strength is the 
plastic moment capacity of the beam (M,, = FZ, see Section 6-1). Once the unbraced length 
reaches a certain upper limit, lateraltorsional buckling will occur and therefore the nominal 
bending strength will likewise decrease. The failure mode for lateral—torsional buckling can 
be either inelastic or elastic. The AISC specification defines the unbraced length at which 
inelastic lateral—torsional buckling occurs as 


7 E 
L, = 1.76r, F; (6-5) 


L, is also the maximum unbraced length at which the nominal bending strength equals the 
plastic moment capacity. The unbraced length at which elastic lateral—-torsional buckling 
occurs is 


i= (Se [Zeal + ft + 6762 SY (6-6) 
7 "807K, N Shy mE te?’ 


where 


, (6-7) 


i, 
c= a — (for channel shapes), (6-8) 


c = 1.0 (for I-shapes), 
F, = Yield strength, 
E = Modulus of elasticity, 
J = Torsional constant, 
S, = Section modulus (x-axis), 
T, = Moment of inertia (y-axis), 
C,, = Warping constant, and 


h, = Distance between flange centroids. 
When lateral—torsional buckling is not a concern (i.e., when the unbraced length, L, = L,), 
the failure mode is flexural yielding. The nominal bending strength for flexural 
yielding is 
M, = M, = F,Z, (whenL, = L,), (6-9) 


where 


FF y = Yield strength, and 
Z, = Plastic section modulus (from part | of the AISCM). 


For compact I-shapes and C-shapes when L, < L, < L,, the nominal flexural strength is 


L, _ L, 
M, = CM, — (M, - 0.18, 8(5 = )| < M,, (6-10) 
r D 
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In the above equation, the term 0.7F, S, is also referred to as M,, which corresponds to the 
limiting buckling moment when L, = L, and is the transition point between inelastic and elas- 
tic lateral—torsional buckling (see location of M,. in Figure 6-5). 


For compact I-shapes and C-shapes, when L, > L,, the nominal flexural strength is 
M, _ FS, Ss M,, (6-11) 


where 


Cy7E Jc (lL, 
ud 1 + 007i (=), (6-12) 


Fr. = 
“ (2) Sy Ts 
Nts 


C, = Moment gradient factor 
12.5M ax 
+ 3M, + 4M, + 3Mc 


Max = Absolute value of the maximum moment in the unbraced segment, 


= R,, = 3.0, 6-13 
25M. ‘m ( ) 


max 


M, = Absolute value of the moment at the “4 point of the unbraced segment, 
Mz = Absolute value of the moment at the centerline of the unbraced segment, 
Mc = Absolute value of the moment at the % point of the unbraced segment, 
R,, = Section symmetry factor 

= 1.0 for doubly symmetric members (I-shapes) 

= 1.0 for singly symmetric sections in single-curvature bending 
vf 


ye 
vi 


2 
for singly symmetric shapes subjected to reverse curvature 
y 


= 05 + 2 


bending, and (6-14) 
I,, = Moment of inertia of the compression flange about the y-axis. 


For doubly symmetric shapes, /,,. is approximately equal to /,/2. For reverse-curvature 
bending, J, is the moment of inertia of the smaller flange. 

The moment gradient factor, C,,, accounts for the possibility that the entire beam will not 
be subject to the maximum moment for the entire length of the beam when lateral—torsional 
buckling controls. It is conservative to assume that C,, = 1.0 for any loading condition, which 
implies that the applied moment is constant across the entire beam. In lieu of equation (6-13), 
values of C, can also be obtained from Table 6-3, which is based on equation (6-13). 

The variation in bending strength with respect to the unbraced length is shown in Fig- 
ure 6-5, which summarizes the preceding discussion of bending strength for beams. This figure 
shows the bending strength for both compact and noncompact shapes. The bending strength of 
noncompact shapes will be discussed in a later section, but is indicated here for completeness. 

There are three distinct zones shown in the figure, the first being where lateral—torsional 
buckling does not occur and the bending strength is a constant value of M,. The second 
and third zones show how the bending strength decreases due to inelastic and elastic 
lateral—torsional buckling as the unbraced length increases. 

The point on the curve at which the bending strength starts to decrease (i.e., when the 
unbraced length, L,, equals L,,) is indicated with a darkened circle. The point at which the 
bending strength undergoes a transition from inelastic to elastic lateral—-torsional buckling 
(i.e., when the unbraced length, L,, equals L, and when the nominal bending strength, M,,, 
equals M,) is indicated with an open circle. The use of this curve and the curves in the 
AISCM will be discussed in a later section. 
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Table 6-3 Values of C, for simple-span beams 


Concentrated load 


at midspan : 
a. concentrated load at midspan, 


no lateral bracing 


At load point 


b. concentrated load at midspan, 
lateral brace at midspan 


Concentrated load 

at 4 points 
c. concentrated load at 1/4 points, 
no lateral bracing 


At all load points 


d. concentrated load at 13 points, 
lateral bracing at '/ points 


Concentrated load 


at % points ; 
e. concentrated load at “ points, 


no lateral bracing 


At all load points | | | 


—————— 


{ 1.67 1.11 1.67 f. concentrated load at 4 points, 
lateral bracing at % points 


Uniformly loaded 
g. uniformly loaded, no lateral 
bracing 


At midspan 
h. uniformly loaded, lateral 
brace at midspan 


At % points 


las Ol 14S i. uniformly loaded, lateral 
| f bracing at “3 points 


At points MITT 


1.52 106 1.52 j. uniformly loaded, lateral 
i ; bracing at 4 points 


Adapted from Table 3-1 of the AISCM. 
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Nominal Bending Strength, M,, 


LTB does inelastic LTB elastic LTB 
not occur 


iE 1a i 


Unbraced length, L, 
Figure 6-5 Bending strength with respect to unbraced length. 


Moment Gradient Factor 


Determine the moment gradient factor, C,, for the beam shown in Figure 6-6. 


P 


! Va lateral brace point 


L, L, 
unbraced span unbraced span 


LL kk & OL, 
4 4 4 24 


Figure 6-6 Details for Example 6-2. 


Noncomposite Beams 215 


Assuming a maximum unit moment of M,,,, = 1.0, the moments at various locations 
can be determined by linear interpolation. 
From equation (6-13), 


oe Oy) Ae eae 
> 2.5Mipx + 3M, + 4M, + 3M" 


7 12.5(1.0) (1.0) = 3.0 


5(10 ees (Ose (Os ees O75) 
= 1.67 (agrees with Table 6-3). 


Bending Strength of a Wide Flange Beam 


Determine the design bending strength, or moment capacity, 6,M,,, fora W14 x 74 
flexural member of ASTM A572, grade 50 steel, assuming 


1. Continuous lateral support; 
2. Unbraced length = 15 ft., C, = 1.0; and 
3. Unbraced length = 15 ft., C, = 1.30. 


Check the compact section criteria: 
From part | of the AISCM, 
b 


— = 64, and 
245 
h 
— = 25.4. 
ik 
Flange: 


he = 0.38, |= = hy ees = 9.15 > 6.41 
‘Pf x4 ie ° 50 * . > 


.. the flange is compact. 


Web: 


E 29,000 
Ni 6 = 3176 = 005 = 25-4) 
F, 50 


.. the web is compact. 


1. Continuous lateral support, L, = 0 (upper linear zone in Figure 6-5) 


M, 


n 


= WM = WZ, 
(50)(126) = 6300 in. kips or 525 ft.-kips 
o,M,, = (0.9)(525) = 473 ft. kips 


n 


(continued) 
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2. L, = 15 ft. and C, = 1.0 


E 
» = 1.76r,,{— = 1.76(2.48) 
5 
1.95 | nina | 
: “CaF Sh, 


1,95(2.82 (29,000) /(3.87)(1.0) ql 1 + eee ae 
aa 0.7(50) V (112)(13.4) * ~\(29,000)(3.87)(1.0) 


= 371.2 in. = 31.0 ft. 


tS 
II 


= 105.lin. = 8.76 ft. 


& 
| 


Since L, < L, < L,, the nominal moment strength is found from equation (6-10): 


S 
] 


cif a re (M oan o7Fs)(7 )l=m 
n b © veok 
P P ) bp i P 


S 
| 


& (1.0)| 6300 — (6300 — (o.7(50)(112))( =.) | < 6300 


S 
] 


n = 5632 in.-kips or 469 ft.-kips 
,M,, = (0.9)(469) = 422 ft.-kips 
3, Jb, = 115) iti, eral Cp, = 113} 
L, — 4, 
M, cil m, = ia 07F,5)(2>—*) | = M, 


i 


i, = 1.3| 6300 — (6300 — (0.7)(50)(112))( 87%.) | < 6300 


M,, = 7321 in.-kips > 6300 in.-kips, .. flexural yielding controls. 
M,, = M, = 6300 in.-kips = 525 ft.-kips 
6,M, = (0.9)(525) = 473 ft.-kips 


6.4 DESIGN STRENGTH IN BENDING FOR NONCOMPACT 
AND SLENDER SHAPES 


In the previous section, we considered the flexural strength of compact shapes. In this 
section, we will consider the strength of noncompact shapes. There are a few noncompact 
shapes that are available, but there are no standard shapes that are considered slender. 
Furthermore, all of the available sections in the AISCM have compact webs, so this limit 
state does not have to be considered. Built-up plate girders can have slender flanges and 
webs, but the design strength of these sections will be considered in a later chapter. The 
following list indicates the available sections that have noncompact flanges for F\, = 50 ksi 
(also noted with a footnote fin the AISCM): M4 X 6, W6 X 8.5, W6 X 9, W6 X 15, W8 X 10, 
W8 X 31, W10 X 12, W12 X 65, W14 x 90, W14 x 99, W21 x 48. 

For compression flange local buckling of noncompact shapes, the nominal flexural 
strength is 


N= Nop 
M, = M,' = | m, (M,, 0.78, 5)(——) |, (6-15) 
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where 


be 
N= os = Width-to-thickness ratio of flange (see Table 6-2), 
‘i 


Ay = A, = Limiting slenderness ratio for a compact flange (see Table 6-2), and 


\,¢ = A, = Limiting slenderness ratio for a noncompact flange (see Table 6-2). 


Referring back to Figure 6-5, the limiting unbraced length at which lateral—torsional buckling 
occurs is noted as L,,’, which is greater than L,,, but less than L,: 


p? 


M, — M,’ 
Pn Pp P 
L, = L, + (L, = 1) (5-—*]. (6-16) 
P r 
where 
M,. = DIF 36 (6-17) 


EXAMPLE 6-4 


Bending Strength of a Noncompact Shape 


Determine the design moment for a W10 X 12 with (1) L, = 0, and (2) L, = 10 ft. The yield strength is 
Fy, = 50 ksi and C, = 1.0. 


1. AWI10 X 12 is noncompact .. Equation (6-15) is used to determine the nominal moment capacity. 
From Table 6-2, 


Nees ug 0.38, eae = Onis) 
eh 1 50 

N 1.0. = ay eee = VLG 
z VF, 50 


b 
From AISCM Table 1-1, x = a Sigs, 
af 


Ayp < A < Vy ~. flange is non-compact 
M, = F,Z, = (50)(12.6) = 630 in.-kips 


P ) 
N= Mey 
M, = M,' = |M, — (M, — 0.7F,S,{ ——* 
Nip — Nog 
M, = M,' = 630 — (630 — 0.7(50)(10 | 
" v ; j 2) = OS 
= 625 in.-kips = 52.1 ft.-kips 
o,M, = (0.9)(52.1) = 46.9 ft.-kips (continued) 
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2. Determine L,’ and L,: 


E 29,000 
= ee = 1 T6(01785), pee = OSE 2.77 
E O.7F, She 
fn ene ae ti + aL + 6.76( ee ) 
0.7F,V S,h, E Je 
(29,000) [(0.0547)(1.0) r Y (aD (10.9)(9.66) i 
1.95(0.983 vl 1/1 6.76 
(0-983) 07650) V 0.99.66) 29,000 (0.0547)(1.0) 
= 96.6in. = 8.05 ft. 
= 0.7F,S, = (0.7)(50)(10.9) = 382 in.-kips 


th 
II 


& 


M, - M, 
Le ih + @,-1)(—*—*) 
HY a \ M, — M, 
630 — 625 
L,’ = 2.77 + (8.05 — 2.77 (=) = Ue 
a ( 630 — 382 


Since L, > L,, lateraltorsional buckling will control and equation (6-11) will be used to determine the 
bending strength: 


C,7°E Ty. Ne 
ap | + 007s (=) 


F., 
ol S.A, lts 
ls 
1.0) 777(29,000 0.0547)(1.0) / (10)(12) 
eer eet, eee c x *) = 24.3ksi 
(oe (10.9)(9.66) \ 0.983 
0.983 
Wl, = Js, = ML, = OO iisl sins 


(24.3)(10.9) = 265.1 in.-kips = 22.1 ft.-kips 
,M,, = (0.9)(22.1) = 19.9 ft.-kips 


6.5 DESIGN FOR SHEAR 


In the design process for steel beams, shear rarely controls the design; therefore, most beams 
need to be designed only for bending and deflection. Special loading conditions, such as 
heavy concentrated loads or heavy loads on a short span beam, might cause shear to con- 


trol the design of beams. 
From mechanics of materials, the general formula for shear stress in a beam is 


f= a (6-18) 


Ib 
where 


J, = shear stress at the point under consideration, 


V = vertical shear at a point along the beam under consideration, 
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f—=—¢~ yee ee 


LAI YZ. => 
fr Tb 


J maximum f, 
n 


eutral axis 


SXOXYTSSSAAASSSSSSSSSSSS 


3 
Y. 
a. actual shear stress 
——— 
3 
area of shear 
stress 
X—____ 


b. approximated shear stress 


Figure 6-7 Shear in a beam. 


TZ = moment of inertia about the neutral axis, and 


b = thickness of the section at the point under consideration. 


The variation in shear stress across the section of a W-shape is shown in Figure 6-7a. Note 
here that the shear stress in the flange is much smaller that the stress in the web because the 
variable, b, in equation 6-18 would be the flange width or the web thickness when calculat- 
ing the shear stress in the beam flange and beam web respectively. For common W-shapes, 
the flange width can range between 10 to 20 times the thickness of the beam web. Addition- 
ally, the distribution of shear stress in the beam flange does not occur as indicated in 
equation 6-18, because of the low aspect ratio between the flange thickness and flange 
width (Ref. 9). Equation 6-18 is more directly applicable to steel sections with a high 
aspect ratio with respect to the direction of the load. For this reason, the AISC specification 
allows the design for shear to be based on an approximate or average shear stress distribu- 
tion as shown in Figure 6-7b, where the shear stress is concentrated only in the vertical sec- 
tion of the beam, for which the aspect ratio between the beam depth, d, and the web thickness, 
t,, is generally high. In the AISC specification, the shear yield stress is taken as 60% of the 
yield stress, F’,. 
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The design shear strength is defined as 


b,V, = >,0.6F,A,,C,, (6-19) 
where 
F,, = Yield stress, 


y 


A,, = Area of the web = dt,,, 
C, = Web shear coefficient (see below), and 
&, = 0.9 or 1.0 (see below). 


Since the shear stress is concentrated in the beam web, localized buckling of the web needs 
to be checked. A web slenderness limit for local web buckling if there are I-shaped mem- 
bers is defined as 


| E 
2394 (—. (6-20) 
ty Fy 


When this limit is satisfied, local web buckling does not occur and C, = 1.0 and $, = 1.0. 
Most I-shaped members meet the criteria in equation (6-20), except for the following shapes 
for F\, = 50 ksi: W12 X 14, W16 X 26, W24 X 55, W30 X< 90, W33 X 118, W36 X 135, 
W40 X 149, and W44 x 230. 

In Part 1 of the AJSCM, shapes that do not meet the web slenderness criteria are marked 
with a superscript v. 

For the I-shaped members listed above and for all other doubly and singly symmetric 
shapes and channels (excluding round HSS), &,, = 0.9 and the web shear coefficient, C,, is 


as follows: 
h k,E 
For — = 1.10 ,C, = 1.0. 
w F, 
kK,E h kK,E 
For 1.10 <— = 1.37 : 
Fy by Fy 
k,E 
1.10 
F, 
Cc, = ———. 6-21 
y h (6-21) 
E; 
k,E 
For — > 1.37 ; 
Ww FF, 
1.51Ek, 
C, = (6-22) 


v h 2 ‘| 
(“)r, 
ty : 
where k, = 5 for unstiffened webs with h/t,, < 260, except that k, = 1.2 for the stem of 
T-shapes. 


For all steel shapes, C,, = 1.0, except for the following for F, = 50 ksi: M10 X 7.5, 
M10 X 8, M12 X 10, M12 X 10.8, M12 X 11.8, M12.5 X 11.6, and M12.5 X 12.4. 
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EXAMPLE 6-5 


Shear Strength of a Steel Shape 


Determine the design shear strength of the following, using F,, = 50 ksi for the 
W-shapes and F, = 36 ksi for the C-shape: 


. W16 X 26, and 
. W18 X 50. 
» C2 X< 207 
. W16 X 26 
From AJSCM, Table 1-1, 
= 0.25 in. 
= 15.7 in. 


56.8 


Determine C;;: 


h k,E 
= = 1/10. = 
Fh ji 


5)(29,000 
1.10, Ss = 59.2 >h/t, = 56.8, .”. 


From equation (6-19), 
,V, = ,0.6F,A,C, = (0.9)(0.6)(50)(0.25)(15.7)(1.0) = 106 kips. 


. W18 X 50 
From AJSCM, Table 1-1, 
= 0.355 in. 
= 18.0in. 
ForaW18 X50 C,= 1.0 and 9, = 1.0. 


From equation (6-19), 
b,V, = 6,0.6F,A,C, = (1.0)(0.6)(50)(0.355)(18.0)(1.0) = 192 kips. 
, CID OT) 
From AISCM, Table 1-5, 
ty = 0.282 in. 
d = 12in. 
For a C12 X 20.7, C, = 1.0 and o, = 0.9. 
From equation (6-19), 
bV, = $,0.6F,A,,C, = (0.9)(0.6)(36)(12)(0.282)1.0) = 65.8 kips. 
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6.6 BEAM DESIGN TABLES 


The design bending strength of W-shapes and C-shapes with respect to the unbraced length 
is given in AISC, Tables 3-10 and 3-11, respectively. These tables assume a moment gradient 
factor of C, = 1.0, which is conservative for all cases, and yield strengths of F,, = 50 ksi for 
W-shapes and F’, = 36 ksi for C-shapes. These curves are similar to the curve shown in Fig- 
ure 6-5, except that the AISC tables have the #-factor incorporated into the design strength. 

In the beam design tables, the sections that appear in bold font are the lightest and, 
therefore, the most economical sections available for a given group of section shapes; these 
sections should be used especially for small unbraced lengths where possible. 

For beams with C, greater than 1.0, multiply the moment capacity calculated using 
these tables by the C, value to obtain the actual design moment capacity of the beam for de- 
sign moments that correspond to unbraced lengths greater than L,. Note that C,bM,, must 
always be less than M,,. 

AISCM, Tables 3-2 through 3-5 can be used to select the most economical beam based on 
section properties. AISCM, Table 3-2 lists the plastic section modulus, Z,, for a given series of 
shapes, with the most economical in one series at the top of the list in bold font. The most eco- 
nomical shapes for [,, Z,, and I, are provided in AJSCM, Tables 3-3, 3-4, and 3-5, respectively. 

AISCM, Table 3-6 provides a useful summary of the beam design parameters for W-shapes. 
The lower part of the table provides values for 6M,, 6M,, bV,, L,, and L, for any given shape. 
The upper portion of the table provides the maximum possible load that a beam may support 
based on either shear or bending strength. 

AISCM, Table 3-6 can also be used to determine the design bending strength for a given 
beam if the unbraced length is between L, and L,. When the unbraced length is within this 
range, the design bending strength is 


b,M, = >,M, — BF(L, — L,), (6-23) 


where BF is a constant found from AJSCM, Table 3-6. Note that equation (6-23) is a sim- 
pler version of equation (6-10). 
The following examples will illustrate the use of the AISC beam design tables. 


EXAMPLE 6-6 


Design Bending Strength Using the A/SCM Tables 
(Compact Shape) 


Confirm the results from Example 6-3 using AISCM, Table 3-10. 
W14 x 74, F, = 50 ksi 
1. L,=0 
From AJSCM, Table 3-10, b,M,, = 473 ft.-kips (same as Example 6-3). 
2. L, = 15 ft., C, = 1.0 
From AJSCM, Table 3-10, b,M,, = 422 ft.-kips (same as Example 6-3). 
3. L, = 15 ft., C, = 1.3 
From AISCM, Table 3-10, 6,M,, = 422 ft.-kips Multiplying by C, yields 
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(1.3)(422) = 548.6 ft.-kips 
Since this is greater than ¢,,M,,, the yield strength controls; therefore, -b,M,, = 473 ft.-kips 
Alternatively, from AISCM, Table 3-6, 


,M, = 473 ft-kips L, = 8.76 ft. 
o,M, = 294 ft.-kips L, = 33.1 ft. 
BF = 8.03 
,M, = o,M, — BF(L, — L,) = 473 — (8.03)(15 — 8.76) 
= 422 ft.-kips (equivalent to Part 2) 


EXAMPLE 6-7 
Design Bending Strength Using the A/SCM Tables 
(Noncompact Shape) 
Confirm the results from Example 6-4 using AISCM, Table 3-10: 
WOE 12 = S0ks €,— 0 
1. L,=0 
From Table 3-10, 6,M,, = 47 ft.-kips (same as Example 6-4). 


From Table 3-10, values of ioe = 2.8 ft. and L, = 8 ft. are obtained (solid, dark 
circle, and open circle, on the curves). 


From Table 3-10, 6,M,, = 20 ft.-kips (same as Example 6-4). 
Alternatively, from AJSCM, Table 3-6, 


b,M, = 46.9 ft-kips L, = 2.87 ft. 
Opi = 28 6k taps oak a= 8.0540 


EXAMPLE 6-8 


Design Shear Strength Using the A/SCM Tables 
Confirm the results from Example 6-5 using the AJSCM. 
1. W16 X 26 
From AISCM, Table 3-6, bV,, = 106 kips (same as Example 6-5). 
2. W18 X 50 
From AISCM, Table 3-6, bV,, = 192 kips (same as Example 6-5). 
3. C12 X 20.7 
From AJSCM, Table 3-8, bV,, = 65.8 kips (same as Example 6-5). 
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6.7 SERVICEABILITY 


In addition to designing for bending and shear, beams also need to be checked for service- 
ability. There are two main serviceability requirements: deflection and floor vibrations. 
Floor vibrations are covered in Chapter 12. For beams, deflections must be limited such 
that the occupants of the structure perceive that the structure is safe. Excessive deflections 
will often lead to vibration problems. 

The deflection equations for common loading conditions were given in Table 6-1. The 
basic deflection limits are found in Section 1604 of the International Building Code (IBC) 
and are summarized in Table 6-4 below. Note that only service level loads are used for serv- 
iceability considerations. 

The deflection limits in Table 6-4 do not consider the effects of ponding, which is dis- 
cussed further in Chapter 14. In some cases, a beam can be cambered upward to counter- 
act the dead load such that the beam will be in a somewhat flat position prior to the 
application of live or other loads. The amount of camber varies between 75% and 85% of 
the actual dead load deflection in order to prevent the possibility of over eambering of the 
beam and because the end connections provide more end restraint than what is typically 
assumed in design. 

When designing members that support masonry, ACI 530 (ref. 24) requires a deflection 
limit of Z/600 or a 0.3-in. maximum, where L is the beam span. When designing mem- 
bers that support cranes, the vertical deflection limit varies from L/600 for light cranes to 
L/1000 for heavy cranes (see ref. 16), where the applied load is the crane lifting capac- 
ity. For lateral loads on cranes, the deflection limit is L/400, where the lateral load is 
taken as 20% of the crane lifting capacity. 

For cantilever beams, the length, LZ, used in the deflection limit equations is twice the 
span of the cantilever, since the deflection at the end of a cantilever beam is equivalent to 
the midspan deflection of a simple span beam (see ref. 2). 

In a design situation, it is common to develop approximate deflection equations in order 
to allow for quicker selection of a member based on deflection limitations. 

The deflection for a uniformly loaded, simple-span beam is 


= 5wL 
384Er 


and the maximum moment is 


Table 6-4 Deflection limits for beams 


Snow Load or Dead Plus 
Member Description Live Load Wind Load Live Load 


Roof Members 


Supporting plaster ceiling 
Supporting nonplaster ceiling 
Not supporting ceiling 


Floor Members 
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Converting the units such that the moment is in ft.-kips and the beam length is in feet yields 


8M = wl? 
rn 5(8M)L? ~— (5) (8) (M)(L”) (1728) ML 
—  384Er ss (384)(29,000)2 (161.17 
ML’ 
= (161.1)1" oe 
where 


A is in inches, 

M is in ft.-kips, 

Lis in feet, and 

Tis in in.*. 
Knowing that the two basic deflection limits are L/240 and L/360, equation (6-24) can be 
modified such that the moment of inertia is calculated as follows: 


(L)(12) ML? 


(240) (161.1) 


Trequired = SEE 
required 8.056 


Similarly, for the L/360 case, 
I _ ML 
required 5.37 


(required moment of inertia for L/240) (6-25) 


(required moment of inertia for L/360), (6-26) 


where 


M is in ft.-kips, 
Lis in feet, and 


Tis in in’. 


Equations (6-24), (6-25), and (6-26) allow for quick selection of a shape based on a known 
moment and beam span. These equations can also be used for the approximate sizing of a 
beam with nonuniform loads by using the maximum moment due to the nonuniform loads 
as M in the preceding equations. Note that by inspection, it can be seen that when the live 
load is more than twice the dead load, live load (or L/360) deflections will control. When 
the dead load is more than half of the live load, then total load deflection limit (or L/240) 
will control. 

For the case of a concentrated load at midspan of a simple-span beam, similar equations 
can be developed for quicker selection of a steel shape: 

Pe 
48EI 
(L)(12) PL?(1728) 


(240) — (48)(29,000)/ 
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Solving for J, 


PL’ 


Lecuied = 40.28 (required moment of inertia for L/240). 


Similarly, for the L/360 case, 


r PE 
required 26.85 
For the uniformly loaded beam case, 
(L)(12) Swi! 
(240) 384EI 
(L)(12) 5wL*(1728) 
(240) — 384(29,000)7" 


Solving for J, 


wh} 


Jiecina = 444 (required moment of inertia for L/240). 


Similarly, for the L/360 case, 


wL3 . : ‘ 
Drequired = 42.96 (required moment of inertia for L/360), 


where 


P is in kips, 
w is in ft.-kips, 
L is in feet, and 


Tis in in’. 


(required moment of inertia for L/360). 


(6-27) 


(6-28) 


(6-29) 


(6-30) 


The above deflection and required moment of inertia equations are summarized in Table 6-5 


below. 


Table 6-5 Summary of common deflection equations* 


Loading Deflection 


Variable moment* 


Concentrated load 
at midspan 


Uniformly loaded 


+ M is the maximum moment in ft.-kips, P is in kips, w is in kips/ft., L is in ft., and / is in in.*. 


? Loading is based on a uniformly distributed load on a simple-span beam 
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6.8 BEAM DESIGN PROCEDURE 


The typical design procedure for beams involves selecting a member that has adequate 
strength in bending and adequate stiffness for serviceability. Shear typically does not con- 
trol, but it should be checked as well. The design process is as follows: 


1. Determine the service and factored loads on the beam. Service loads are used for de- 
flection calculations and factored loads are used for strength design. The weight of 
the beam would be unknown at this stage, but the self-weight can be initially esti- 
mated and is usually comparatively small enough not to affect the design. 

2. Determine the factored shear and moments on the beam. 


3. Select a shape that satisfies strength and deflection criteria. One of the following 
methods can be used: 


a. For shapes listed in the AISC beam design tables, select the most economical beam to 
support the factored moment. Then check deflection and shear for the selected shape. 


b. Determine the required moment of inertia using Table 6-5. Select the most eco- 
nomical shape based on the moment of inertia calculated, and check this shape 
for bending and shear. 


c. For shapes not listed in the AISC beam design tables, an initial size must be as- 
sumed. An estimate of the available bending strength can be made for an initial 
beam selection; then check shear and deflection. A more accurate method 
might be to follow the procedure in step b above. 


4. Check floor vibrations (see Chapter 12). 


EXAMPLE 6-9 


Floor Beam and Girder Design 


For the floor plan shown below in Figure 6-8, design members B1 and G1 for bending, shear, and deflection. 
Compare deflections with L/240 for total loads and L/360 for live loads. The steel is ASTM A992, grade 50; 
assume that C, = 1.0 for bending. The dead load (including the beam weight) is assumed to be 85 psf and the 
live load is 150 psf. Assume that the floor deck provides full lateral stability to the top flange of B1. Ignore live 
load reduction. Use the design tables in the AJSCM where appropriate. 


———— ees 


30'-0" 30'-0" 


Figure 6-8 Floor plan for Example 6-9. (continued) 
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SOLUTION 
Since the dead load is more than half of the live load, the total load deflection of L/240 will control. 
Summary of Loads (see Figure 6-9): 

Pp; = 85 + 150 = 235 psf = 0.235 ksf (total service load) 

Py = (1.2)(85) + (1.6)(150) = 342 psf = 0.342 ksf (total factored load) 


Bl G1 

Tributary width = 6’—8” Tributary area = (6’—8”)(30’) = 200 ft.” 
w, = (6.67) (0.235) = 1.57 kips/ft. P, = (200)(0.235) = 47 kips 
w, = (6.67)(0.342) = 2.28 kips/ft. P, = (200)(0.342) = 68.4 kips 

w,L  (2.28)(30) : 
Vi= 5 = 5 = 34.2 kips V, = P, = 68.4 kips 

wile (2.28) (30) ; P,L  (68.4)(20) 
M,= 3. 8 = 257 ft.-kips M,= a 3 = 456 ft.-kips 


The loading diagrams for B-1 and G-1 are shown in Figure 6-9. 


P, = 47 kips P, = 47 kips 
P,, = 68.4 kips P,, = 68.4 kips 


w, = 1.57 kips/ft. 
lateral brace point 


w, = 2.28 kips/ft. 


Pelee ee ee eee 


LE = 20-0" 


E> 30-05 


Bl G1 
Figure 6-9 Loading for B1 and G1. 


1. Design of Beam B1 


We will use the beam charts and the required moment of inertia method to select a beam size. 
M, = 257 ft.-kips and L, = 0 


From AISCM, Table 3-10, a W16 X 40 is selected as the most economical size for bending, with b,M/,, = 
274 ft.-kips However, note that a W18 X 40 has the same beam weight and, therefore, virtually the same 
cost, but provides more strength (,M,, = 294 ft.-kips) and more stiffness (J = 612 in.’ versus J = 518 in.*). 
Therefore, a W18 X 40 is initially selected. 


From Table 6-5 (total load controls deflection), 


1 (1.57)(30)3 
~ ee set 


a = 
mane G44 64.44 


The required moment of inertia is greater than the moment of inerita of the W18 X 40, which is 612 in.*; 
therefore, a new size needs to be selected. 
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From AISCM Table 1-1, 


W16 X 50,7 = 659 in.* 
WI18 X 46, 7 = 712 in* 
W21 X 44,7 = 843 in.4 <— Select 


W24 x 55,7 = 1350 in” 


The W21 X 44 is the lightest, so this beam is selected. Alternatively, from AISCM, Table 3-3, a W21 x 44 
is found to be the lightest section with a moment of inertia greater than 658 in.* Checking the moment 
capacity with AISCM, Table 3-10, we find that b,M,, = 358 ft.-kips > M,, = 257 ft.-kips. 

Checking shear, note that a W21 x 44 does not have a slender web; therefore, the design shear strength 
is determined from equation (6-19), with C, = 1.0 and $, = 1.0: 


,V, = ,0.6F,A,,C, = (1.0)(0.6)(50)(0.35)(20.7)(1.0) = 217 kips > V, = 34.2 kips OK 


Alternatively, the shear strength can be found from AJSCM, Table 3-6 (bV,, = 217 kips, same as above). 
A W21 X 44 is selected for member B1. 


. Design of Girder G1 


We will use the beam charts and the required moment of inertia method to select a beam size. 
M,, = 456 ft.-kips and L, = 6.67 ft. 


From AISCM, Table 3-10, a W24 X 55 is selected as the most economical size for bending, with b,M,, = 
460 ft.-kips 


Checking deflection, 
PL? 47)[(20)(12) P 20)(12 
= = CCE) = 0.593 in. < ee Coe) = lin. OK 
28EI (28) (29,000) (1350) 240 240 


As an alternate approximate check, use equation (6-24) to determine the deflection: 


IP IL, (47) (20) 


= 313.3 ft.-kips 


Mi eee (O13.3)(20 a 


Recall that equation (6-24) was developed for the uniform load case, but the results for the concentrated 
loads at 4 points were close to the actual value of A = 0.589 in. (less than a 3% difference). Therefore, 
equations (6-25) and (6-26) could have reasonably been used for a quick size selection based on stiffness. 


Check Shear: 


Note that from Section 6-5, the design shear strength is determined from equation (6-19), with C, = 1.0 
and ¢, = 0.9: 


,V, = ,0.6F,A,,C, = (0.9)(0.6)(50) (0.395) (23.6)(1.0) = 251 kips > V, = 68.4 kips OK 


Alternatively, the shear strength can be found from AJSCM, Table 3-6 (dV, = 251 kips, same as above). 
A W24 x 55 is selected for member G1. 
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6.9 BIAXIAL BENDING AND TORSION 


Biaxial bending is the bending of the beam about both axes (the x—x and y—y axes). Pure 
biaxial bending occurs when the loads to each axis are applied directly through the shear 
center which is the point within a member such that when loads are applied through that 
point, twisting will not occur. When the applied loads do not pass through the shear center, 
as is often the case with singly symmetric shapes, torsion will occur. Examples of these 
beams are crane girders, purlins for roof framing, and unbraced beams providing lateral 
support to exterior cladding. Each of these examples has an applied load in the x and y 
directions, but since the applied loads in each case do not always pass through the shear 
center, torsional stresses will occur in addition to bending stresses (see Figures 6-10 and 6-11). 

When torsion occurs in a steel section, the effect of warping must be considered. Warp- 
ing occurs primarily in open sections such as W, C, and L shapes. Warping of a W shape is 
a condition in which the top and bottom flanges of the cross section have deflected in such 


<I 


Nechese center 


shear center 


a. pure biaxial bending b. biaxial bending with torsion 


Figure 6-10 Biaxial bending and torsion loading. 


I 
TR 


a. crane girder b. roof purlins 


Figure 6-11 Biaxial bending and torsion examples. 


shear center 


c. torsion in a singly symmetric 


shape 


—=—_ 
wind load to 
bottom flange 
of beam 


c. beams supporting 
cladding for lateral loads 


wind load 
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La 


ets cross section twists and distorts 
due to torsion and warping 


Figure 6-12 Warping action. 


a way that they are no longer parallel to each other (see Figure 6-12). The torsional resist- 
ance of an open section is the summation of the torsional stiffness of each of the elements 
of the beam section. When a closed section such as a square or circular tube is subjected to 
torsion, each element of the section rotates without warping; that is, the plane sections re- 
main virtually plane after rotation. The torsional resistance of a closed section is much larger 
than that of an open section, since the torsional stresses can be equally distributed in a closed 
section. For this reason, closed sections are highly recommended when any significant tor- 
sion is to be resisted. 
The general relationship between the torsional moment and the angle of twist is 


ee (6-31) 
GJ? 
where 


0 = angle of twist, radians, 

T = torsional moment, 

L = unit length, 

G = shear modulus of elasticity = 11,200 ksi for steel, and 


J = torsional resistance constant. 


The torsional resistance constant J, is equal to the polar moment for circular sections. For rec- 
tangular sections, J is slightly less than the polar moment of inertia; for open sections, J is 
much less than the polar moment of inertia. The value of J for any section can be calculated 
[19, 20] but tabulated values for standard sections are found in Part 1 of the AISCM. Since 
closed sections are not subject to warping, the general relationship given in equation 6-31 can 
be applied directly to various torsional loading conditions on closed sections. Table 6-6 pro- 
vides the formulas for rotation for closed sections subject to various torsional loads. Note that, 
for closed sections, the end conditions are usually assumed to be torsionally fixed, since 
warping in closed sections is negligible. 

To account for the effects of warping in open sections, tabulated values of a warping 
constant, C,,, are given in Part | of the AJSCM. When a W-shaped beam is subjected to tor- 
sional loading, the supported ends of the beam are generally restrained against rotation with 
standard shear connections and the torsional stresses are concentrated in the beam flanges. 
In the middle portion of the beam span, rotation is generally unrestrained and torsional 
stresses are distributed to the beam web as well. A torsion bending constant, a, is suggested 
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Table 6-6 Torsion displacement equations for closed sections 


Loading @ (radians) Detail 


cantilever-concentrated torsion 
at end 


cantilever-uniform torsion 


simple span-concentrated 
torsion 


simple span-uniform torsion 


T = concentrated torsion = Pe 
t = uniformly distributed torsion = we 


in [22] to determine the approximate location along the length of the beam where the effects 
of torsional restraint are negligible, and this constant is defined as 


ee (6-32) 
a re : 


Table 6-7 [21] provides the approximate values of the flange moment and rotation in W-shapes. 
(The concept of flange moment will be discussed in the next section.) Note that the end con- 
ditions are assumed to be torsionally fixed for cantilever beams, a requirement for equilib- 
rium, and torsionally pinned for simple span conditions. While rotation is virtually zero at the 
ends of a simple span beam with shear connections, it is conservative to assume torsionally 
pinned ends for W-shapes. For a W-shape to be torsionally fixed, the top and bottom flanges 
must have full restraint at the supported ends and the flanges should be connected with stiff- 
ener plates such that a tube section is created at the ends of the beam. These stiffeners should 
extend a length equal to the beam depth in order to be effective [23]. Figure 6-13 shows 
examples of torsionally pinned and torsionally fixed end conditions for W-shapes. AISC 
Design Guide 9 [11] provides a more detailed coverage of determining the torsional dis- 
placement for various loading and boundary conditions. 

In this next section, we will discuss a conservative analysis procedure for beams with 
either biaxial bending or bending plus torsion. There are more exact methods of analysis that 
could be used [11, 12, 18] but it is often desirable to use a quicker, more conservative method 
to expedite the design process in practice. The approach taken here will be to resolve any 
torsional loading into an equivalent lading parallel to a primary axis of the member in 


Table 6-7 Approximate torsion displacement and flange moment equations for W-shapes 


Moment, M, 
PeL 


cantilever— 
concentrated 
torsion at end 


cantilever—uni- 
form torsion 


simple span— 
concentrated 
torsion 


simple span— 
uniform 
torsion 


L/a<0.5 


} 


0.5 <L/a 
<2.0 


Pea 
0.05 
0 


-o4(5) —oae)'] | 9 = Si[-oam + oz) 


2.0 <L/a 


L/a<0.5 


lis 
GJ 


(L — a) 


0.5 <L/a< 
3.0 


3.0 <L/a 


L/a< 1.0 


1.0<L/a 
<4.0 


4.0 <L/a 


6.0 <L/a 


Adapted from Ref. [21] 
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standard double 
angle connection 


a. torsionally pinned 


beam flanges are welded or 
otherwise restrained at the 
support 


applied torsion 
loading 


stiffener plate each 
side of the beam web 


length of the stiffener 
plates must be greater 
than the beam depth, d 


b. torsionally fixed 


Figure 6-13 Torsionally pinned and torsionally fixed ends for W-shapes. 


question such that the member is treated as being subjected to biaxial bending. 
There are three cases of biaxial bending of beams that we will consider: 


Case 1: Beams in which the load passes through the shear center (see Figure 6-14) 

Case 2: Beams in which the load does not pass through the shear center, but the 
vertical component does pass through the shear center. The shear center 
(SC) is the point through which the load must act if there is to be no twist- 
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he 


v4 
—S= I h 

——_——_ 
SC 


Figure 6-14 Inclined load passing through 
the shear center. 


ing of the beam section. The location of the shear center is given in Part | 
of the AJSCM for standard shapes. (See Figure 6-15 for the Case 2 loading 
diagram.) 


Case 3: Vertical load that does not pass through the shear center (see Figure 6-16). 


For Case 1, where the inclined load passes through the shear center, the load is resolved into 
a horizontal and a vertical component, each of which passes through the shear center. This 
will result in no twisting of the beam and will cause simple bending about both the x- and 
y-axes, 

An interaction equation is used to determine whether the member is adequate for com- 
bined bending. This equation is given in the AISC specification as 


M ux Mwy 
+t 
co) »M. nx cu) »M, ny 


= 1.0, (6-33) 


where 


M,,, = Factored moment about the x-axis, 


M,,, = Factored moment about the y-axis, 


M,,. = Nominal bending strength for the x-axis, 
M,,, = Nominal bending strength for the y-axis, and 
ob, = 0.9. 


P 
| v P, Vv P, 
—=_——— = 


Figure 6-15 Inclined load not passing through the shear center. 
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| 
++ 


Pe 


| 
| 


Pe 
Figure 6-16 Vertical load eccentric to the shear center. 


The nominal bending strength for the x-axis has been discussed previously in this chapter. 
For the y-axis, lateral-torsional buckling is not a limit state, since the member does not 
buckle about the strong axis when the weak axis is loaded. For shapes with compact flanges, 
the nominal bending strength about the y-axis is 


Mny = Mpy = ED = 1.6F,5,, (6-34) 


where 


M,,y = Nominal bending strength about the y-axis, 
M,,y = Plastic bending strength about the y-axis, 

F, = Yield stress, 

Z, = Plastic section modulus about the y-axis, and 


S, = Section modulus about the y-axis. 


For shapes with noncompact flanges, the nominal bending strength about the y-axis is 


AK —A, 
My = My (M,, 07F.8,)(,5—"] (6-35) 
r Pp 


For Case 2, where the inclined load does not pass through the shear center but the vertical 
component does, the load is resolved into a vertical component and a horizontal compo- 
nent located at the top flange (see Figure 6-15). The horizontal component is concentrated 
near the major half of the y-axis shape. The interaction equation for this case is 

M My 


ux 


+ 
b Mix 0.5(,M,,) 


For Case 3, where there is a vertical load eccentric to the shear center, the load is resolved 
into a vertical load coincident with the shear center and horizontal forces located at the top 
and bottom flanges (see Figure 6-15). 


<10 (6-36) 


Pe 
h,’ 
and the interaction equation for Case 2. [Equation (6-36) could be used.] This moment is 
applied in such way that each flange displaces in the opposite direction. This is the warp- 
ing behavior that was previously discussed, so Case 3 is equivalent to beams loaded in pure 
torsion. For W-shaped beams, the formulas for flange moment and rotation in Table 6-7 


are recommended. Practical examples of Case 3 loading are illustrated in Figure 6-17. 


The moment about the y-axis (i.e., the flange moment) could be taken as M,,, = 
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precast concrete 


precast concrete 
planks 


planks 


loads are equal, but plank 
placement must be staggered on 
each side of the beam during 
construction to avoid one-sided 
loading on the steel beam 


larger load on one side 
will induce torsion 


a. precast plank b. precast plank 
(unequal loading) (equal loading) 


load on cantilever 
will induce torsion 


__fem tf 


CMU load is concentric, 
the brick load is not 


G. Slab edge d. brick veneer 
Pp P, P,>P, 
larger load on one side 
| will induce torsion 


I VAVAY a I VAVAVAVAV Al 


e. girder supporting unequal spans 


Figure 6-17 Common torsion examples. 


References [11, 12, 18] provide more detailed coverage of torsion in steel design, but a sim- 
plified approach (i.e., Case 3 loading) is often used in practice. 

In practice, it is common to provide adequate detailing in lieu of allowing any significant 
torsion, since the analysis of members for torsion can be quite cumbersome. The two most 
common methods for controlling torsion in practice are to provide a steel section that is closed 
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use a closed 
section 


SSS SS SSS SS 


a. precast plank b. brick veneer 


diagonal braces to top 
flange of adjacent beam 


c. slab edge 


intermediate beam with 
a moment connection to 
girder 


d. moment connection 


Figure 6-18 Details used to control torsion. 
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(such as a hollow structural section) or to provide adequate lateral bracing. Closed sections are 
able to distribute torsional stresses effectively around the perimeter of the section, whereas other 
sections, such as W-shapes, rely on the stiffness of the individual components (web, flange) that 
make up the section to resist torsion. The primary measure of the torsional stiffness of a mem- 
ber is the torional constant, J, which is found for each shape in Part I of the AISCM. To provide 
a comparative example, the torsional stiffness of a W8 X 31 is found to be J = 0.536 in.*. An 
HSS member of equivalent size and weight would be an HSS 8 X 8 X 5/16, which has torsional 
stiffness of J = 136 in.*, nearly 250 times the value obtained for the W8 X 31. The torsional stiff- 
ness constant, J, is directly proportional to the rotation, so the W8 X 31 would undergo a rota- 
tion that is much greater than the rotation of an equivalent closed section for the same loading. 

Providing adequate lateral bracing will also help to control torsion in that the addition 
of a lateral brace will decrease the length, L, used in the analysis of torsion (see Tables 6-6 
and 6-7). Figure 6-18 indicates common details used to control torsion. 


EXAMPLE 6-10 


Torsion in a Spandrel Beam 


Determine whether the beam shown in Figure 6-19 is adequate for combined bending loads. The floor-to-floor 
height is 12 ft.; the beam span is 15ft. and is unbraced for this length on both the x- and y-axes. The loads shown 
are service loads. 


D = 1.25 kips/ft. 
\* = 1.75 kips/ft. 


W14 x 34 
ASTM A992 


——_—_—_ 


W = 0.18 kips/ft. 


wind load = 15 psf 


Figure 6-19 Details for Example 6-10. 


SOLUTION 


Since only the bottom flange of the beam is subjected to y—y axis bending, this corresponds to Case 2 biaxial bend- 
ing. The beam is subjected to biaxial bending from the vertical gravity loads and horizontal wind loads. Thus, 


Lateral wind load, W = 15 psf X 12 ft. tributary height = 0.18 kips/ft. 


The critical load combination for these loads is 1.2D + 1.6W + 0.5L 
Vertical Load: 


Wl? _ (2.38)(15)° 


1.2(1.25) + 0.5(1.75) = 2.38 kips/ft.; My. = : 


= 67 ft.-kips 
(continued) 
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Horizontal Load: 


Wiel (0288) 15)2 
8 8 


1.6(0.18) = 0.288 kips/ft.; M,, = 8.1 ft.-kips 
From AISCM, Table 3-10, b,M,, = 132 ft.-kips (L, = 15 ft, W14 x 34) 
AW14 xX 34 has compact flanges, so the design bending strength in the y-axis is found from equation (6-34): 


MO Mer ZO) 
= (50)(10.6) < (1.6)(50)(6.91) = 530 in-kips < 553 in.-kips 
(0.9) (530) 


OM ape 30 HKD 


Checking the interaction equation for Case 2, 


M My 67 8.1 
a - < 1.0; + = O22 < io 


~ = 
dM, — 0.5(b,M,y) 132 0.5(39.7) 


The W14 xX 34 beam is adequate for biaxial bending. 


EXAMPLE 6-11 


Torsion in a Spandrel Beam Supporting Brick Veneer 


Determine whether the beam shown in Figure 6-20 is adequate for combined bending loads and torsion. The 
floor-to-floor height is 12 ft. and the beam span is 17 ft. The loads shown are service loads. Use a unit weight of 
40 psf for the brick veneer, and assume that the top flange has continuous lateral support. 


D = 1.0 kips/ft. 
L = 1.2 kips/ft. D = 0.48 kips/ft. 


W16 X 36 
ASTM A992 


a. section b. rotation under torsion 
Figure 6-20 Details for Example 6-11. 
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SOLUTION 


The loading shown is equivalent to Case 3. We will use the both methods presented for Case 3 loading to com- 
pare the results. 


Veneer weight, w, = (0.040 ksf)(12 ft.) = 0.48 kips/ft. 
The critical load combination for these loads is 1.2D + 1.6L. 
Vertical Load 


Wale wee 10) UA) 
1.2(1.0 + 0.48) + 1.6(1.2) = 3.70 kips/ft; M,, = —2— = ; = 134 ft.-kips 


Horizontal Load 


M = Pe = (1.2)(0.48)(8 in./12) = 0.384 ft.-kips/ft 
ig = O = fe = ISO, = OAS iM, = ISAT tim, = 1,28) ii. 
2 2 
—— = —_— = 0.298 kips/ ft. Mle = = 10.8 ft.-ki 
2 aa 0.298 kips/ft. > Muy ; 5 0.8 ft.-kips 


From AISCM Table 3-6, b,M,, = 240 ft.-kips (L, = 0 ft.) 


Mi = Mi = FZ, — 1.61, 
= (50)(10.8) < (1.6)(50)(7) = 540 in-k < 560 in.-kips 
(0.9) (540) 


b)My = 1 = 40.5 ft.-kips 


Checking the interaction equation for Case 2: 


Mx Me 134 10.8 
= 10; + =F 109 a0 


‘8 
bM,, —0.5(b,Mpy) 240 ~=—0..5(40.5) 


The W16 X 36 is not adequate for biaxial bending. 


As a comparison, we will use the approximate equation from Table 6-7 to see if the preceding method of 
analysis was too conservative. 


From Part 1 of the AISCM, 


CG, = 1A60 im? 

Jen's lone 
KC... (29,000)(1460) . 

a= = = 83.3 in. 
GJ (11,200)(0.545) 

it lay ele 

= a) = 2.45 
a 83.3 


(continued) 
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From Table 6-7, 
(1.2)(0.48) = 0.576 kips/ft. = 0.048 kips/in. 


e = 8in. 
L = (17)(12) = 204 in. 


L i, \* 
ry ee ee 0.097 oe 0.0o4( +) = 0.0255( =) 
h 2a 2a 


oO 


= 
II 


_ (0.048) (8) (204) (83.3) 204 204 
M; a 0.097 + v0 oy am = een amt 


= 73.3 in.-kips = 6.11 ft. kips 


= 
| 


This value is less than the value previously calculated (10.8 ft.-kips). Checking the interaction equation for the 
new value gives 


Mx ee Ee ve 
6M, 0.5(b)My) 240” -0.5(40.5) . 


The W16 X 36 is adequate for biaxial bending. 


Check Deflection: 


For deflections, the combined weight of the veneer and the live load will be used and will be compared with a 
deflection limit of the smaller of L/600 and 0.3”. (A 0.3” deflection controls only for L > 15’, 0"). Further, the Brick 
Industry Association [5] recommends a maximum torsional rotation of 1/16 in., which will also be checked, Thus, 


w = 12 + 0.48 = 1.68 kips/ft. 
Sie | SOLS ae Lo (gi) 


A = ~ = 0.243 in. < = = 0.34 in. or 0.3 in., OK 
384El — (384) (29 X 10°)(448) 600 600 


Check torsional rotation: 
w = 0.480 kips/ft = 0.04 kips/in. 


From Table 6-7, 


weLa iL, it, \2 
= = | —OWB2 sr O02 || = |) ar O02) == 
2a 2a 


GJ 
(0.04) (8) (204) (83.3) 204 204 \? 
8 = ~“71,200)(0.545) | -0.032 a4 | ae i: | eee 


6 = 0.109 radians 


180 
(0.109)( 2) = 6.22° 
Tv 


With reference to Figure 6-20b, the vertical displacement for this rotation is 


A, = (tan 6.22)(8”) = 0.872 in. 
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This amount of twist far exceeds the deflection limit and would not be adequate. The reader should confirm that 
adding lateral support at 4 points would decrease the torsional rotation to about 0.11° with A, = 0.015 in.) and 
would be recommended here. 

As a comparison, we will now consider the torsional rotation of an equivalent closed section. An HSS16 X 8 X % 
will be selected. From Part 1 of the AISCM, J = 300 in.*. From Table 6-6, the torsional rotation is 


wel? _ (0.04)(8)(17 x 12)? 


8G (8)(11,200) (300) 


180 
(0.0005) (2) = Oe 


0 = 


= 0.0005 radians 


The vertical displacement for this rotation is 


A, = (tan 0.028)(8”) = 0.004 in. 


This displacement is more than 200 times less than that of the W16 X 36 for the same span. The maximum per- 
missible deflection [5] is % in., or 0.0625 in., so the HSS16 X 8 X % would be adequate for this loading. 


6.10 BEAM BEARING 


In typical steel structures, steel beams and girders are connected to other steel members by 
some combination of gusset plates, clip angles, welds, and bolts to transfer the end reactions 
(see Chapters 9 and 10). In some cases, the end reaction of a beam is transferred in direct bear- 
ing onto masonry, concrete, or another steel member. When steel beams are supported in this 
way, a steel bearing plate is used to spread the load out over a larger surface area. In the case 
of bearing on concrete or masonry, the bearing plate is large enough such that the bearing 
strength of the concrete or masonry is not exceeded. In the case of bearing on another steel 
section, the bearing plate is designed to be large enough such that local buckling does not occur 
in the supporting steel section. Figure 6-21 indicates these common beam bearing conditions. 

For practical purposes, N is usually a minimum of 6 in. and B is usually greater than or 
equal to the beam flange width, b; (see Figure 6-21). This allows for reasonable construc- 
tion tolerances in placing the bearing plate and beam. Both the plate dimension B and N 
should be selected in increments of | in., and the plate thickness, ¢,, is usually selected in 
increments of % in. 

The basic design checks for beam bearing are web yielding and web crippling in the 
beam, plate bearing and plate bending in the plate, and bearing stress in the concrete or masonry. 

Web yielding is the crushing of a beam web subjected to compression stress due to a 
concentrated load. When a concentrated load occurs at or near the end of the beam, the 
compression stress distribution is less than if the load were placed on the interior portion of 
the beam (see Figure 6-21). 

The compression stress is assumed to be distributed on a ratio of 1:2.5 through the 
beam flange and inner radius. Multiplying this distance by the web thickness and yield 
stress gives the following equations for web yielding: 


For x > d, 


PwyRy -_ byy(5 k + NUE hus (6-37) 
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top view 


b. end section 
section N 


a. beam bearing on masonry 


—t—y 
— —v 


steel beam 


d. end section 


c. bearing on a steel beam 


Figure 6-21 Bearing on masonry and steel. 


For x = d, 


b,R, = Pil 2-5 k + NYP hui (6-38) 


where 


,,y = 1.0 (resistance factor for web yielding), 

» = Nominal design strength, 

t,, = Beam web thickness, 

N = Bearing length, 

d = Beam depth, 

x = Distance from the end of the beam to the concentrated load, 


k = Section property from AZSCM, Part 1, and 
F, = yield strength, ksi. 
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Web crippling occurs when the concentrated load causes a local buckling of the web. The 
design strength for web crippling is 


d 
For x = =, 
2 


N\(/t,\'°] [EP 
b,,R, = 6.0.81, | + (=) ) : us (6-39) 
ty hy 


d N 
F < -and— = 0.2, 
ore < an q 


2 N hy Se EF ty 
by Rn = ,,0.44,° 1 + ()(*) ° (6-40) 
f w 


d N 
Forx < Zand > 0.2, 


4N t, \!>] [EF t 
a etuclis(M oa) an 
f w 


where 


Dy. = 0.75 (resistance factor for web crippling), 
R,, = Nominal design strength, 

t,, = Beam web thickness, 

t; = Beam flange thickness, 

N = Bearing length, 

d = Beam depth, 


x = Distance from the end of the beam to the concentrated load, 


k = Section property from the AISCM, Part 1, 
E = 29 X 10° psi, and 


F, = Yield strength, ksi. 


Figure 6-21e Beam web crippling and yielding parameters. 
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The bearing strength of the supporting concrete or masonry in crushing on the full support 
area is 


bP, = .,0.85f"-Aj. (6-42) 


When the bearing is on less than the full area of concrete support, the bearing strength is 


A 
bpP, = 0.85f' Ar, rn 217 Ay, (6-43) 
1 


where 


®.» = 0.65 (resistance factor for concrete bearing), 
P,, = Nominal design strength, 
J’. = 28-day compressive strength of the concrete or masonry, 


A, = Area of steel bearing = BN, and 


A, = Maximum area of the support geometrically similar and concentric with the 
loaded area 


= (B + 2e)(N + 2e). Note that the dimension e is the minimum distance from 
the edge of the plate to the edge of the concrete support. 


Note that the strength reduction factor given in the AISC specification for bearing on con- 
crete is 0.60. However, ACI 318 [4] recommends a value of 0.65, which will be used here. 
The dimensional parameters for A, and A, are indicated in Figure 6-22. 


similar and 
concentric with A, 


b. section 


Figure 6-22 A, and A, parameters. 


Noncomposite Beams 247 


The bearing plate strength in bending also has to be checked. From equation (6-9), the 
design strength in bending for a plate is 


b.M, = 6,M, = ,F\Z,, (6-44) 
where 
ob, = 0.9, 
F, = Yield stress, and 
Nt,” 
Z, = —— (plastic section modulus for a plate). (6-45) 


From Figure 6-23, the maximum factored moment is 


_ R«&? 
u 2B 


M, (6-46) 


Combining equations (6-44), (6-45), and (6-46) yields 


o,M, > M, 


Ne \ Re 

0.9)(F, == 
(o9y(r)(—E) = 44 
Solving for the plate thickness, ¢,, yields 


2R,¢7 
= \) 0. OBNF. oa) 


where 


t, = Plate thickness, 
B, N = Bearing plate dimensions, 


R,, = Factored reaction, 


l, 


Figure 6-23 Bearing plate 
bending. 
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— 2k, 
9 8 
k, = Dimensional constant for beam (from Part | of the AJSCM), and 
F, = Yield stress. 


€ = Moment arm for plate bending = (6-48) 


For the limit states of web yielding and web crippling, a pair of transverse stiffeners or a web 
doubler plate is added to reinforce the beam section when the design strength is less than 
the applied loads. This topic, including the design of the stiffener and doubler plates, is cov- 
ered in Chapter 11. 

The design procedure for bearing plates can be summarized as follows: 


1. Determine the location of the load relative to the beam depth (dimension x in Figure 6-21). 

2. Assume a value for the bearing plate length, N. 

3. Check the beam for web yielding and web crippling for the assumed value of N; 
adjust the value of N as required. 

4. Determine the bearing plate width, B, such that the bearing plate area, A; = BN, is 
sufficient to prevent crushing of the concrete or masonry support. 

5. Determine the thickness, #,, of the beam bearing plate so that the plate has adequate 
strength in bending. 


EXAMPLE 6-12 


Web Yielding and Web Crippling in a Beam 


Check web yielding and web crippling for the beam shown in Figure 6-24. The steel 
is ASTM A572, grade 50. 


B20u 
——— | 
W18 X 50 
|, = 100 kips 
Figure 6-24 Details for Example 6-12. 
SOLUTION 
For W18 X 50, we obtain the following properties from AJSCM, Table 1-1: 
k = 0.972 in. 
t, = 0.355 in. 
d = 18 in. 


y= Doin, 
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i, = 30" > dand > d/2 
2. N = 6 in. (given) 
3a. Web Yielding 


bk, = 6,0 + NFL, = 1.0[(5)(0.972) + 6](50)(0:355) 
= 192 kips > P, = 100 kips OK 


3b. Web Crippling 


e Lo)" ] [EF 
Diels (Ou 00h, E a o( d ( ' t, 


ils) 
tor cxsionroasr[i+( $5) 2) =m 


,R, = 172kips > P, = 100kips OK 


The W18 X 50 beam is adequate for web yielding and web crippling. 


EXAMPLE 6-13 


Beam Bearing on a Concrete Wall 


A W18 X 50 beam is simply supported on 10-in.-thick concrete walls at both ends as 
shown in Figure 6-25. Design a beam bearing plate at the concrete wall supports as- 
suming the following: 


W18 X 50 


10" 


Figure 6-25 Details for Example 6-13. 


— Beam span = 20 ft. center-to-center of support 
— ASTM A36 steel for the beam and bearing plate 
— D = 15 kips/ft 

—L = 2 kips/ft 


fe = WOES (continued) 
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SOLUTION 
For a W18 X 50, we obtain the following properties from AJSCM, Table 1-1: 
k = 0.972 in. 
t, = 0.355 in. 
d = 18 in. 
iy = O57 in. 
k, = 13/16 


The reactions at each end are 
w, = 1.2D + 1.6L = (1.2)(1.5) + (1.6)(2) = 5.0 kips/ft 
w,L _ (5.0)(20) 

i 2 = 2 


= 50 kips 


Design Steps: 


1. x <5 in., (half of the wall thickness) .. x < d and x < d/2. 
2. Assume N = 6 in. (recommended practical value) 
3a. Web Yielding 


Dh = ye me Nite MnO 2.5) (01972) 1-76) 36)( 0.355) 
107 kips > R, 50 kips OK 
3b. Web Crippling 

N 6 


— = —— = 0.33 > 0.2;( equation (6-41) is used: 
d 18.0 


4N ih, 1.5 IE fi 
b,, KR, a byt | ar ee az 02)(*) se 
d i Vo by 


is) 
,.R, = (0.750.4)(0.355)4 | 4 (Se & 02)( 9) 


(29,000)(36)(0.57) 
0.355 
,-R, = 72.0 kips > R, = 50 kips OK 
4. Plate Bearing 


From Equation (6-42), 
bP, = .,0.85f"-A, 

50 = (0.65)(0.85)(4)(6 in.)B 
Solving for B yields Bj, = 3.78 in. 


It is practical to use a value of B at least equal to or greater than the beam 
flange width: 


by = 7.495 in. > Try B = 8 in. 
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Therefore, the trial bearing plate size (B X N) is 8 in. X 6 in. 


5. Determine the plate thickness: 


_ B= 2% aa (55) 


€ AE 5 = 3.19 in. 
‘| Ree (2)(50)(3.19)? 
= = = 0.81 in. 
0.9BNF, (0.9)(8)(6)(36) 


Select plate thickness in increments of % in.; therefore, 


Use a 6-in. X 8-in. X 1-in. bearing plate. 


6.11 BEARING STIFFENERS 


Bearing stiffeners are the plates used at the bearing points of a beam when the beam does not 
have sufficient strength in the web to support the end reaction or concentrated load. The limit 
states for this condition are web local yielding, web crippling, and web sidesway buckling. The 
design provisions for web local yielding and web crippling are covered in the previous sec- 
tion, and the design of the stiffener plates for these two limit states is covered in Chapter 11. 

Web sidesway buckling can occur when a concentrated compressive force is applied to 
a beam and the relative lateral movement between the loaded compression flange and the 
tension flange is not restrained at the location of the concentrated force. When this happens, 
the flanges remain parallel while the web buckles. The concentrated compressive force could 
be applied at a point within the length of the beam, or the force could be the end reaction. 

When the compression flange is restrained against rotation, the limit state of web side- 
sway buckling is as follows: 


oR, = ae + oa( He) | (6-49) 
n h : €/b, : 


h/t, 
For Is 
€/by 
When the compression flange is not restrained against rotation, the limit state of web 
sidesway buckling is as follows: 


> 2.3, web sidesway buckling does not have to be checked. 


h/t, 
For = 17, 
€/by 
sat (‘te 
R, = -| 0.4 : 6-50 
h/t 
For > 1.7, web sidesway buckling does not have to be checked. 


€/by 
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In the preceding equations, 


h = Clear distance between the flanges for built-up shapes 
= Clear distance between the flanges less the fillets for rolled shapes, 
t,, = Web thickness, 
h/t,, (From Part 1 of the AJSCM, for standard sections), 
€ = Largest unbraced length along either the top or bottom flange at the load point, 
by = Flange width, 
t= Flange thickness, 
C, = 960,000 ksi when M, < M, 
= 480,000 ksi when M, > M,, 
M,= £55, 
Fy = Yield stress, and 


S, = Section modulus. 


When the stress from the concentrated compressive force is greater than the design strength 
of the web, either bearing stiffeners or lateral bracing are required at the location of the force. 
When bearing stiffeners are provided to resist the full compressive force, the limit states of web 
local buckling, web crippling, and web sidesway buckling do not have to be checked. 
Bearing stiffeners are designed as short columns when they are provided to reinforce 
the web of a beam subjected to concentrated loads or the web of a beam at an end reaction. 
The section properties of the stiffened beam section are as shown in Figure 6-26. The AISC 
specification allows a portion of the web to be included in the calculation of the design 


\"* 


= a. elevation 


fas end 
—{ b. plan 


Figure 6-26 Section properties for bearing stiffeners. 
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compressive strength of the localized section. For bearing stiffeners at the end of a mem- 
ber, the section of web included has a maximum length of 121,,; for interior stiffeners, the 
maximum length is 25¢,,. The effective length factor for stiffeners is K = 0.75. 

The calculated section properties are then used to determine the design strength of the 
stiffener in compression. For connection elements such as bearing stiffeners, AISC specifi- 
cation Section J4.4 permits the design compressive strength to be as follows: 


KL 
For —— = 25, ,P, = bF\Ay (6-51) 
- yA, 


Where 


b. = 0.9, 
F,, = Yield stress, 
A, = Gross area of the bearing stiffener section, 
K = 0.75 for bearing stiffeners, 
L=h, and 


r = Least radius of gyration for the bearing stiffener section. 


For KL/r > 25, the provisions from Chapter 5 apply, or AISCM, Table 4-22 can be used to 
determine ¢,F.,. for any value of KL/r. 
The limit state of bearing strength also needs to be checked, but rarely controls the de- 
sign of stiffeners. The design bearing strength for stiffeners is 


bp pR,, = pl -8F) Apps (6-52) 
where 
pp — 0.75, 


F, = Yield stress, and 


A,» = Cross-sectional area of the bearing stiffeners. 


The bearing stiffeners are usually welded to the flanges and the web of the beam. How- 
ever, the stiffener is not required to be welded to the compression flange. For the weld to 
the web, the difference between the total concentrated force and the smallest design 
strength for web local yielding, web crippling, and web sidesway buckling can be used 
to determine the weld size. 


EXAMPLE 6-14 


Bearing Stiffeners 


Determine the design bearing strength at the end of the W18 X 50 beam shown in 
Figure 6-27. The steel is grade 50. 

Recall that when bearing stiffeners are provided, web local yielding, web crip- 
pling, and web sidesway buckling do not have to be checked. (Web local yielding and 
web crippling were checked in the previous examples.) 

(continued) 
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(@" 
W18 X 50 


Hr & 3" plate 
each side 


h = 16.06" 


', u(max) = ? 


Figure 6-27 Details for Example 6-14. 


SOLUTION 
From AJSCM, Table 1-1, we find the following properties: 


k= 0.972in. k, = 13/16 +t, = 0.355in. 
d = 18 in. t= 0.57 ne of = 7.495an. 


Section properties of the stiffened area about the web are 


ie (12) 0355) = 46 
h = d — 2k = 18” — (2)(0.972in.) = 16.06 in. 


Shape 


Stiff. plates 
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Slenderness Ratio: 


KL (0.75)(16.06) 
iP 1.46 


= 8.24 < 25 


Since the slenderness ratio is less than 25, we can use equation (6-51): 
ber OETA (0:9) 60)G 776) = 69 kips 


Bearing: 
The bearing area will be the area of the end of the plate, excluding the fillets: 
Ay» = (2)3/8)G — 13/16) = 1.64 in? 
bppkn = Pppl.8F,A,, = (0.75)1.8)(50)11.64) = 110 kips. 
Bearing strength controls, so the maximum factored reaction is 110 kips. 
Weld strength is covered in Chapter 10, but the weld to the web will be covered here 
for completeness (see Section J2.2 of the AISC specification). 
Minimum weld size = 3/16 in. 


Maximum weld size = 5/16 in. 


oR, = 1.392DL 


where 

oR, = Design weld strength (kips) 

D = Weld size in sixteenths of an inch (e.g., D = 5 for a %c-inch weld) 
L = Weld length, inches 

L = 2h = (2)(16.06 in.) = 32.12 in. 


110 kips = (1.392)(D)(32.12) 


Solving for D gives D = 2.46; therefore, use a 3/16 weld to beam web. 


6.12 OPEN-WEB STEEL JOISTS 


Open-web steel joists can be used in lieu of steel beams in either floor or roof framing, but 
are more commonly used for roof framing. These joists are sometimes called bar joists in 
practice, because at one time, many were fabricated with round bars as the web members. 
Most joists are manufactured with double-angle members used for the top and bottom chords, 
and either single or double-angle web members. Some joists are manufactured with propri- 
etary, nonstandard steel sections, and the load-carrying capacity of these sections would 
have to be determined from the manufacturers’ load tables. 
The main advantages of open-web steel joists are the following: 


1. They are lighter in weight than rolled shapes for a given span. 
2. An open web allows for easy passage of duct work and electrical conduits. 
3. They may be more economical than rolled shapes, depending on the span length. 
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diagonal strut can be added from 
load to a panel point to 
eliminate bending in the chord 


load at panel point can load away from panel 
be transmitted directly point would cause bending 
into the web members of chord members 


Figure 6-28 Loading at and away from joist panel points. 


The main disadvantages of open-web steel joists are the following: 


1. They cannot easily support concentrated loads away from panel points (see Figure 6-28). 


2. The light weight could result in vibration problems if joists are used for floor fram- 
ing (see Chapter 12 for further discussion). 


3. They may not be economical for floor framing because of the closer joist spacing 
that is required due to the heavy floor loads. 


4. Future structural modifications are not as easy to accomplish with joists. 


There are a variety of manufacturers of open-web steel joists, but the most commonly used 
publication for the selection of these members is the Catalog of Standard Specifications and 
Load Tables for Steel Joists and Joist Girders, published by the Steel Joist Institute (SJD [7]. 

The load tables in this catalog are identified by a designation that corresponds to a cer- 
tain strength and stiffness. Many individual manufacturers will provide joists based on these 
load tables and the corresponding SJI specifications. The basic types of joists are summa- 
rized below and are included in the load tables in Appendix A. 


K-Series Joists 


These are the most common joists; they are used as the primary members for roof or floor 
framing. They are selected from the SJI catalog by a number designation (e.g., 14K1). The 
first number—14—+epresents the overall depth of the joist, and the last number—1—is the 
series. A14K3 would have more strength than the 14K1. They are listed in the catalog with 
a certain load-carrying capacity based on a certain span. The load-carrying capacity has two 
numbers listed in pounds per lineal foot. For the LRFD tables, the first, or upper, number is 
the total factored load-carrying capacity of the joist. The second, or lower, number (often 
in red font) is the service live load that will produce a deflection of L/360 for floors and L/240 
for roof members. The standard joist seat depth for k-series joists is 2% inches (see 
Figure 6-29a). Larger depths or inclined seats can be used for special conditions. 

K-series joists are generally economical for spans of up to 50 ft. and vary in overall depth 
from 8 in. to 30 in. 


KCS-Series Joists 


KCS joists are K-series joists with the ability to support a constant shear across the span 
(hence the CS designation). KCS joists are designed to support a constant moment across 


5" @ LH- and DLH-series 


rh" @ K-series 
T/" @ SLH-series 
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all interior panel points and a constant shear across the entire length. KCS joists are used 
for nonuniform loading conditions such as equipment loads or trapezoidal snowdrift loads. 
The designer simply needs to calculate the maximum shear and moment for a given spe- 
cial joist loading and select a KCS joist with a corresponding shear and moment capacity. 
The joist seat depth for KCS joists is also 2% inches. 


Type S and R Extensions 

Top chord extensions (often designated as TCX) are used at perimeter conditions where a 
cantilever is desired. These extensions are often designed for the same load as that for the 
main joist; however, two standard cantilevered sections are provided in the SJI specification— 
the S-type and the R-type. The S-type implies that only the upper seat angles are extended, 
whereas the R-type is a stronger section where the entire depth of the joist seat is extended 
(see Figures 6-29c and 6-29d). 


plate provided at columns 


o 
or stability (usually not 
ae welded to joist chord) 
we 
a. joist seat depth b. joist girder seat depth 
only the top chord extension is the 
member is extended full joist seat depth 
c. type S extension d. type R extension 


Figure 6-29 Joist seat types. 
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6 spaces (N = 6) 


1S kips 15kips 15 kips 15 kips 15 kips 


: 


24G-6N-15k 


Figure 6-30 Joist girder designation. 


LH-Series and DLH-Series 


These are long-span joists that are used for spans of up to about 130 ft. The letter D in the DLH 
designation indicates a deeper section than the LH series. The designation is similar to that of 
K-series joists (e.g., 32LH06). The number 32 is the overall depth and the 06 is a series desig- 
nation. LH- and DLH-series joists vary in depth from 18 in. to 72 in. The joist seat depth is 5 inches 
for LH and most DLH joists. Some of the larger DLH joists require a 74-inch joist seat depth. 


Joist Girders 


Joist girders are of open-web construction and are members that usually support steel joists. Joist 
girders are designed as steel trusses that support concentrated loads from the joists that frame 
into them. They are designated by their overall depth, the number of panel points, and the loads 
at each panel point, (e.g., 24G-6N-15k) (see Figure 6-31). The 24 is the overall depth, 6N is the 
number of panel points, and 15k is the total load at each point (factored load for the LRFD 
tables and service loads for the ASD tables). The seat depth for joist girders is either 7% inches 
or 10 inches depending on the loading and configuration of the joist girder (see Figure 6-29b). 

When a required joist design does not fit one of the above categories, a special 
joist is often designated where the designer provides a special joist loading diagram 
for the joist manufacturer to use in designing the joist. Examples of this would include 
joists with concentrated loads, joists and joist girders with nonuniform loads, and joists and 
joist girders that have end moments such as would be the case of joists in moment frames. 
See [17] for more detailed coverage of the design of joists and joist girders. 


EXAMPLE 6-15 


Selection of a K-series Joist 


Select a K-series using the SJI specifications to support the following loads for the 
framing shown in Figure 6-31. 


Roof dead load = 30 psf, snow load = 35 psf 
Joist tributary width = 6 ft. 
Joist span = 25 ft. 


Total load (factored) = [(1.2)(30) + (1.6)(35)]6 ft. = 552 lb./ft. 
Live load (service) = (35)(6 ft.) = 210 lb./ft. 
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From the SJI load tables for K-series joists, the joist selections are as shown in Table 6-8. 


Table 6-8 Joist selection 


Joist Total Load Live Load Joist Weight 
Selection Capacity, lb./ft. Capacity, Ib./ft. Ib./ft. 


16K6 576 238 8.1 
18K5 600 281 Toll 


< Select 


20K4 is the most economical joist for the given loads. 


EXAMPLE 6-16 


Selection of a Joist Girder 


Select a joist girder using the SJI specifications for member JG1 to support a total 
roof dead load of 20 psf and a snow load of 40 psf. 


Figure 6-31 Roof framing plan for Example 6-16. 


Total load (factored) = [(1.2)(20) + (1.6)(40)] = 88 psf 
Concentrated load at each panel point: 


25 ft, 25 tt. 
P= (G8 psios no ee =) 12 taps 


The factored load used in Table 6-9 was P,, = 12.0 kips, which is close to the actual 
load of P,, = 12.1 kips. Generally speaking, larger joist girder depths will lead to a 
(continued) 
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lighter overall section. The actual designation for this joist girder is 28G-4N-12.1k. 
The largest depth joist girder was selected here, but architectural or other design con- 
straints might dictate a shallower section. 


Table 6-9 Joist girder selection 


Joist Girder Joist Joist Weight, 
Span Spaces, N Ib./ft. 


19 
22 ft. AN @ 5.5 17 


16 < Select 


6.13 FLOOR PLATES 


Floor plates are a type of decking material used mainly in industrial applications as a floor 
deck for mezzanines or similar types of structures. There are several other types of decking 
materials, which are generally proprietary, but only the floor plate is addressed in the AISCM 
(see Figure 6-32). The selection of proprietary decking is done by using data provided by 
the specific manufacturer. The most common floor plate has a raised pattern and is often 
called a diamond plate because of the shape of the raised patterns. 

A floor plate should conform to ASTM A786, which has a minimum yield stress of 
F, = 27 ksi. Higher grades could be specified, such as A36, but availability should be con- 
sidered. For deflection, a relatively low limit of L/100 is recommended by AISC. 

AISCM, Tables 3-18a and 3-18b are selection tables for floor plates of various thick- 
nesses and superimposed surface load capacities for spans from 18 in. to 7 ft. These tables 
are based conservatively on a simple-span condition for the floor plate. The plate is selected 
in 1/8-in. increments for thicknesses less than | in. and is selected in % in. increments for 
thicknesses greater than | in. 


ross bars (for stability) 


a bearing bars 


ee 
plan view 2 a a ae el 


a. flat plate (diamond plate) b. bar grating 


Figure 6-32 Various floor deck types for industrial applications. 


Noncomposite Beams 261 


Steel Floor Plate 


Determine the required thickness of a steel plate floor deck to support a live load of 125 
psf. The plate conforms to ASTM A786 and the span between the supports is 3’-6”. 

The dead load of the floor plate will have to be assumed. Assuming a g-in.-thick 
plate, the dead load is 


DI 
(+) (490 lb/ft.) = 16 psf. 


The factored load is 
(1.2)(16) + (1.6)(125) = 220 psf = 0.220 ksf 
Check the strength using equations (6-44) and (6-45): 
bM, = OFZ, 
Solving for Z,, 


(12)(0.220)(3.5)? 


8 
Z, = = 0.167 in2/ft. 
: (0.9)(27) a 

bP (12)P 
2. arias 


tmin = 0.236in. = %-in.-thick plate 


Using AISCM, Table 3-18b, we find that a /-in.-thick plate has a factored load capac- 
ity of 245 psf, which also has less weight than the assumed value for a %-in.-thick 
plate. 


Check Deflection: 


SwL* 
= —,, where A = L/100. 
agagp “tere /100 


Solving for J (use service load for deflection), 


= (100)(5)(0.150/12)[(3.5)(12) }° = ee 
if (384) (29,000) 0.0346 in.*/ft 


bt (12) 
I = — = 0.0346 = 
sy ONES a 


tmin = 0.326 in. —> Select 3-in. plate. 


(continued) 
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Using AISCM, Table 3-18a, we find that a 3/8-in.-thick plate has a service load 
capacity of 190 psf. Note that a /-in.-thick plate is adequate for bending, but has a serv- 
ice load capacity of only 56.4 psf for deflection considerations. 
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6-1. Draw a design moment, M,,, versus unbraced length, L,, curve for a W21 X 50 beam for 
ASTM A992 steel. Include the following points and calculations: 


a. Web and flange slenderness ratios 


b. L, and L, 


c. Design moments for L, 


“i, 


L,<L,<L,, and L, = 15 ft. 
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6-2. Determine the design moment for a W14 X 22 beam with (a) L, = 0 and (b) L, = 14 ft. The 
yield strength is F, = 36 ksi and C, = 1.0. 

6-3. For the floor framing shown below in Figure 6-33, select the most economical W-shape for mem- 
bers B1 and G1. The floor dead load is 75 psf (including the weight of the framing) and the live 
load is 80 psf. Use ASTM A992, grade 50 steel. Check bending, shear, and deflection. Assume 
that B1 has full lateral stability and G1 is braced at the beam connections. 


38'-O" 38'-0" 


Figure 6-33 Details for Problem 6-3. 


6-4. Determine the most economical size for the WF beam supporting the floor loads shown below 
in Figure 6-34 based on bending and deflection. The loads shown are service loads and the 
steel is ASTM A992, grade 50. Assume C, = 1.0 and L, = 0. 


Wp = 400 Ib./ft. 
w, = 900 Ib./ft. 


L = 34-6" 


Figure 6-34 Details for Problem 6-4. 


6-5. Determine whether the beam shown below in Figure 6-35 is adequate for the given loads con- 
sidering bending and shear only. The steel is ASTM A36. 


P., = 20 kips 


W14 X 26 


lateral brace 


point 


10'-0" 


L= 30-0" 


Figure 6-35 Details for Problem 6-5. 
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6-6. Determine the maximum factored loads that can be applied to the beam shown below in 
Figure 6-36 based on web crippling and web yielding. The steel is ASTM A992, grade 50. 


W30 X 99 


Figure 6-36 Details for Problem 6-6. 


6-7. Determine whether the following is adequate for the connection shown below in Figure 6-37. 
The beam is ASTM A992, grade 50 and the bearing plate is ASTM A36. The concrete strength 
is f". = 3500 ksi. 


Yn" X 5" X 8¥2" plate 


Figure 6-37 Details for Problem 6-7. 


6-8. Design a bearing plate using ASTM A572, grade 50 steel for a factored reaction of R, = 65k. 
Check web crippling and web yielding in the beam. Use f’, = 3 ksi. 


Noncomposite Beams 265 


5" (min.) 


, 


W12 X 35 


0" 


Figure 6-38 Details for Problem 6-8. 


6-9. Select the most economical open-web steel joist J1 for the floor framing plan shown below in 
Figure 6-39 and select the most economical W-shape for member G1. The dead load is 65 psf 
and the floor live load is 80 psf. Consider bending, deflection, and shear. The steel is ASTM 
A992, grade 50. Assume that the unbraced length, L,, is 3 ft. for member G1. 


8 @ 3'-0" = 24'-0" 


32'-O" 


32'-0" 


Figure 6-39 Details for Problem 6-9. 


6-10. Select the most economical open-web steel joist J1 for the roof framing plan shown below in 
Figure 6-40 and specify a joist girder for member JG1. The dead load is 25 psf and the flat-roof 
snow load is 60 psf. 

6-11. Determine the maximum span allowed for a /-in.-thick floor plate with a superimposed live load 
of 100 psf for strength and deflection. Compare the results with AJSCM, Tables 3-18a and 3-18b. 
The plate conforms to ASTM A786. 
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Ss 


Jl 
;—_+—— 
: 


6 @ 5'-0" = 30'-0" 


35'-0" 35'-0" 


Figure 6-40 Details for Problem 6-10. 


Student Design Project Problems: 


6-12. For the floor framing in the student design project (see Figure 1-22), design the typical inte- 
rior floor beams and girders as noncomposite. 


6-13. Repeat Problem 6-12 for the typical perimeter beams. 


Student Project Problems: 


6-14. For the roof framing in the student design project, design the typical interior roof beams and 
girders as open-web steel joists and joist girders. 


6-15. For the roof framing in the student design project, design the typical exterior roof beams and 
girders as W-shapes. 


CHAPTER 


Composite Beams 


7.1 


INTRODUCTION 


In steel-framed building construction, the floor deck system can be made of wood, steel, or 
concrete. With wood-framed floor decks, the steel beams are usually spaced farther apart, 
with the wood beams or trusses spanning between the steel beams. Steel floor decks can be 
either bar grating or a flat steel plate (see Chapter 6), with the supporting steel beams spaced 
at closer intervals. The most common floor system used with steel beams is a concrete slab 
with a metal deck. 

The concrete floor deck can occur in various forms, the most common of which is 
shown in Figure 7-1. A corrugated metal deck (Figure 7-1a) is commonly used in steel build- 
ing construction. The metal deck acts as a form for the wet concrete and also can provide 
strength to the floor deck system. A reinforced concrete slab without the corrugated metal 
deck (see Figure 7-1b) can also be used as the floor deck; this system is more commonly 
used in bridge construction. Another type of concrete floor deck system that is commonly 
used consists of steel beams with precast slab panels (see Figures 12-14 and 12-15). This 
type of system is not considered a composite beam system. In the past, steel floor beams and 
columns were commonly encased in concrete (Figure 7-1c). The steel framing was encased 
in concrete, with the concrete providing adequate fireproofing to the steel beams. Currently, 
it is generally more economical to spray the steel beams, and sometimes the corrugated 
metal deck, with a lightweight fireproofing product. Steel framing encased in concrete is not 
commonly used today in construction; therefore, our focus will be on steel framing with con- 
crete on a composite metal floor. 

The corrugated metal deck used in composite construction can serve several purposes. 
A form deck acts as a form for the wet concrete, but must have reinforcing in the concrete 
in order to provide adequate strength to span between supporting beams, since a form deck 
usually does not have enough strength to support more than the weight of the concrete (see 
Figure 7-1d). The reinforcement in the slab is usually a welded wire fabric (WWF). A 
composite deck is usually strong enough to support more than just the weight of the 
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a. metal deck 


b. formed concrete c. encased 


floor system is considered 
noncomposite for strength and 
composite for floor vibrations deck ribs are reinforced for 


additional bending strength 


-——$<—-————| 


d. form deck e. composite deck 


Figure 7-1 Types of composite beams. 


concrete and is often used in composite construction. The concrete slab supported by a com- 
posite deck often has a layer of WWF to control shrinkage cracking in the slab. 

A slab system with a form deck does not usually have headed studs to engage the con- 
crete with the steel beam (see Section 7.2 for a further discussion on headed studs); there- 
fore, the beams are designed as noncomposite. By contrast, a composite slab system usually 
has headed studs and is designed as a composite system. For floor vibrations, a floor sys- 
tem with a metal deck and concrete is analyzed as if composite action occurs even if headed 
studs or other shear connectors are not used (see Chapter 12). 

In a concrete and composite metal floor deck system supported by steel framing, greater 
economy can be achieved if the floor deck and steel framing can be made to act in concert 
to resist gravity loads. The combination of dissimilar materials to form an equivalent sin- 
gular structural element is called composite construction and can occur in various forms. Our 
focus in this chapter will be on the combination of steel beams and a concrete in composite 
metal floor deck. 

In order for steel beams and the floor deck to work together in resisting gravity loads, 
there needs to be an adequate horizontal force transfer mechanism at the interface where the 
two materials meet to prevent slippage between the surfaces (see Figure 7-2). This force 
transfer is accomplished by using shear connectors, which are commonly headed studs, but 
can also be channels or some other type of deformed connector. Headed shear studs are 
almost exclusively used in bridge and building construction due to their ease of installation, 
and so we will focus on these types of shear connectors in this chapter. 
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Figure 7-2 Slippage between a steel 
beam and a concrete deck. 


7.2 SHEAR STUDS 


Headed shear studs should conform to ASTM A108. These studs are welded to the top 
flange of a steel beam and spaced at regular intervals to adequately transfer the horizontal 
shear (see Figure 7-3). When used with a corrugated metal deck, the spacing of the studs co- 
incides with the spacing of the ribs of the decking. More than one row of shear connectors 
can be provided, but there are some dimensional limitations that often limit the use of mul- 
tiple rows. (We will discuss these limitations later.) 

The number of shear connectors provided will determine how much of the concrete 
slab is engaged or acting in combination with the steel beam. Floor systems where a smaller 
number of shear connectors are provided are called partially composite because only a por- 
tion of the concrete slab is engaged. A fully composite system is one in which enough shear 
connectors are provided to completely engage the concrete slab. In this case, there is an 
upper limit to the number of studs that can be provided because adding more studs beyond 
this limit will not contribute to the strength of the floor system. 

In a floor system with a corrugated metal deck, there are steel beams where the deck 
ribs will run perpendicular to the axis of the beam and steel beams where the deck ribs are 
parallel with the beams. In building construction, the members that are oriented perpendi- 
cular to the span of the slab system are usually refered to as beams, and the members that 
support the beams and are oriented parallel to the span of the slab system are usually called 
girders (see Figure 7-4). 


studs placed in deck ribs 


one row two rows 


Figure 7-3 Headed studs. 
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= girders 


hoe 


a. floor framing 


b. deck ribs parallel (beam) c. deck ribs perpendicular (girder) 


Figure 7-4 Floor beams and floor girders. 


There are several requirements for headed stud placement in the AISC specification; 


these are summarized below and are illustrated in Figure 7-5. 


onnn 


. Except for corrugated metal deck, the minimum lateral cover around headed studs is 1 in. 
. The maximum stud diameter, D,, is 2.5t, (tis the beam flange thickness); if the studs 


are located directly over the beam web, then this provision does not apply. For studs 
placed in formed steel deck, the maximum stud diameter is limited to % in. 


. The minimum stud spacing along the longitudinal axis of the beam is 6D, (D, is the 


stud diameter). 


. The maximum stud spacing along the longitudinal axis of the beam must be less than 


8Y¥ on OF 36 in. (Y-on iS the total slab thickness). 


. The minimum stud spacing across the flange width is 4D,. 

. The minimum stud length is 4D, 

. For formed steel deck, the rib height, /,, must be less than or equal to 3 in. 

. For formed steel deck, the minimum rib width, w,, must be greater than 2 in., but 


shall not be taken as less than the clear width across the top of the deck. 


. For formed steel deck, the studs should extend at least 1% in. above the top of the 


deck, with at least % in. of concrete cover over the top of the stud. 


. For formed steel deck, the deck must be anchored to the supporting steel beams at in- 


tervals not exceeding 18 in. The anchorage can be provided by some combination of 
spot welds (also called puddle welds), mechanical connectors, or welding the headed 
stud through the deck. 
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Yeon 


a. formed concrete 


b. metal deck 


Figure 7-5 Dimensional requirements for headed studs. 


The number of shear studs that are provided is a function of the required strength of 
the composite section, which will be discussed later. When studs are placed in corrugated 
metal deck, it is ideal to place the stud in the middle of the deck rib. However, the deck 
ribs are usually reinforced in the center, thus forcing the stud to be offset within the deck 
rib (see Figure 7-6). Studs should be placed on the side of the deck rib closest to the 
end of the beam because more load can be transmitted to the stud through the concrete 
due to the additional concrete cover (see [5]). This is called the strong position. When 
studs are located in the deck rib in the weak position, the shear strength is decreased 
by about 25%. 

When shear studs are required by design, the number of studs required between the 
point of maximum moment and the point of zero moment is denoted as N,. For the case of 
a uniformly loaded beam (see Figure 7-7a), the maximum moment occurs at midspan and 
therefore a total of NV, studs are provided on each side of the beam centerline. 


272 


CHAPTER 7 


studs placed closer to studs placed closer to 
nearest end of beam nearest end of beam 


Strong position 


Strong position 


beam centerline 


Weak position 
(not preferred) 


Weak position 
(not preferred) 


Figure 7-6 Weak and strong stud positions. 


For a beam with two symmetrically placed concentrated loads (Figure 7-7b), a total of 
N, studs are provided at each end of the beam up to the concentrated load. The middle third 
of the beam has a constant moment (i.e., zero shear) and therefore does not require shear 
studs; however, a nominal number of shear studs are commonly provided in practice at the 
discretion of the designer, to account for slight variations in loading that may create a small 
moment gradient in this region. A common layout for this condition would be to add 
studs at 24 in. on center. When three or more symmetrically placed concentrated loads are 
present, the moment diagram approaches the uniformly loaded case; thus, the number of 
shear studs provided is similar to what is shown in Figure 7-7a, where the stud spacing is 
uniform along the beam length. 


a. uniformly loaded beam 


——ESESEEEEEEE———— a 
A 
L id 

M=0 


M 


max 


N, 


required 


= 0* 
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M=0 


* A nominal number of studs 
are provided to account for 
any induced shear due to 
unbalanced loads 


b. beam with symmetrically placed concentrated loads 


2 
N, M, Monax 
N, N, 
a 


c. beam with nonsymmetrical loads 


Figure 7-7 Stud placement. 
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For beams with nonsymmetrical loads, a total of N, studs are still provided between 
the point of maximum moment and the nearest point of zero moment (see Figure 7-7c). 
This creates a situation in which the required stud layout is not symmetrical about the beam 
centerline; thus, in some cases the designer will add more studs so that the spacing is uni- 
form to avoid errors in the field placement of the studs. There is an additional provision for 
concentrated loads which requires that the number of studs placed between a concentrated 
load and the nearest point of zero moment shall be sufficient to develop the moment at the 
concentrated load. This is illustrated in Figure 7-7c, where a total of N, studs are provided 
between the point of maximum moment, M,, and the nearest point of zero moment. A total 
of N, studs are required between the location of the concentrated load, where the moment 
is M5, and the nearest point of zero moment. In this case, M, is the maximum moment in the 
beam and M, is the moment at the concentrated load. 


7.3 COMPOSITE BEAM STRENGTH 


In order to analyze a composite beam section made of different materials (i.e., steel and 
concrete), we need to develop an equivalent model to determine the behavior of the com- 
posite section under loads. Figure 7-8a shows the typical composite beam section, with a steel 
beam and a concrete deck. In order to analyze this composite section, we need to transform 
the concrete section into an equivalent steel section because the modulus of elasticity, and 
therefore the behavior of the two materials, is different under loading. 

Once the concrete section is transformed into an equivalent steel section, then the section 
properties of the composite beam can be determined. The area of concrete is transformed by di- 
viding the area of the concrete by the modular ratio, n. The modular ratio is defined as follows: 


a (7-1) 
n E’ - 
where 


n = Modular ratio, 
E, = Modulus of elasticity for steel (29 X 10° psi), 
E.. = Modulus of elasticity for concrete. 
= wleVfin (7-2) 


A 


a. composite beam section b. equivalent composite beam section 


Figure 7-8 Transformed composite beam section. 
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Note: ACI 318 defines the modulus of elasticity for concrete as wi533-Vf", with f’, in 
pounds per square inch; however, AISC has adopted an approximate value that uses kips per 
square inch for f’.. The AISC value will be used here for consistency. 


w, = Unit weight of the concrete, Ib./ft.°, and 


f’. = 28-day compressive strength of the concrete, ksi. 


The area of the concrete section (Figure 7-8a) is then transformed into an equivalent steel 
section (Figure 7-8b) by dividing the area of the concrete by the modular ratio: 


Ay = —; (7-3) 


where 


A.; = Transformed concrete area, and 
A, = Concrete area 
= Dt. 


Once the concrete slab is transformed into an equivalent steel section, the section proper- 
ties of the composite section can then be determined. There are three possible cases that 
must be considered, each corresponding to the location of the plastic neutral axis (PNA) of 
the composite section. The PNA is the axis of equal area; that is, the area above the PNA 
equals the area below the PNA. For positive bending, the composite section area below the 
PNA is in tension and the area above the PNA is in compression. We will first look at the 
horizontal strength of the shear connectors. The horizontal shear due to the compression 
force above the PNA is assumed to be resisted by the shear connectors. This horizontal 
shear is taken as the lowest of the following three failure modes: 


Crushing of the concrete: 

V' = 0.85.4. (7-4) 
Tensile yielding of the steel beam: 

Yo =A, (7-5) 
Strength of the shear connectors: 

Vv’ = 2@,, (7-6) 

where 


V'= Horizontal force in the shear connectors, 
f= 28-day compressive strength of the concrete, 
A,.= Concrete area 

= t., 
A,= Area of the steel beam, 
F, = Minimum yield stress in the steel beam, and 


Q,, = Nominal strength of the shear connectors between the points of maximum 
positive and zero bending moment. 
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The nominal strength of a single shear stud is 


Q, = 0.5A,. V Feb. = RR Age Fur (7-7) 
where 
A,. = Cross-sectional area of the shear stud, 


R, = Reduction coefficient for corrugated deck (see Table 7-1) 
= 1.0 for formed concrete slabs (no deck), 


R,, = Reduction coefficient for corrugated deck (see Table 7-1) 


1.0 for formed concrete slabs (no deck), and 
F, = minimum tensile strength of the shear connector 
= 65 ksi for ASTM A108 (see AISCM, Table 2-5). 


The shear stud strength, Q,, can also be determined from AJSCM, Table 3-21. 
The number of shear connectors provided is a function of how much of the concrete slab 
needs to be engaged to provide the required design strength. In many cases, it is economical 


Table 7-1 Reduction coefficients R, and R, 


Framing Condition 


No deck interference (or no deck for formed : : Shear connectors 
concrete slabs) are welded directly 
to the beam flange; 
miscellaneous deck 
fillers can only be 
placed over less 
than 50% of the 
beam flange 


Deck ribs oriented 
parallel to beam 
(i.e., girders) 


Value for Rg = 
0.85 only applies 
for a single stud 


Deck ribs oriented 1 stud per rib : : Values for R,, may 
perpendicular to be increased to 
beam 0.75 when €mig-nt = 


2 studs per rib 2 in. (i.e., when 


studs are placed in 
3 or more shear é : the (‘“strong” position, 
studs per rib see Figure 7-6) 


Adapted from Ref [1] 


Notes: 
w, = Average width of the deck rib 
h, = Deck rib height 
€mia-nt = Horizontal distance from the face of the shear stud to the mid-height of the adjacent deck rib in the 
direction of the load 


Composite Beams 277 


to provide only enough shear studs for strength such that the concrete slab is partially 
engaged, which is called partially composite action. For any composite condition, the 
section properties can be determined from the parallel axis theorem. Recall from statics that 
the location of the neutral axis of a composite shape is 


_ Ay (7-8) 
aes 

The composite moment of inertia, which is called the transformed moment of inertia here 
since the concrete slab will be transformed into an equivalent steel section, is defined 
as 


I, = X(1 + Ad?) (7-9) 


The transformed section properties calculated using the full slab depth assumes that there 
is full-composite action and that enough shear connectors are provided to achieve this con- 
dition. For this to be the case, the strength of the shear connectors, {Q,, must be equal to 
or greater than the compression force in the slab. When the strength of the shear connectors 
is less than the maximum compression force in the slab, a partially composite section results 
and the section properties are reduced. The commentary in the AISCM gives the reduced sec- 
tion properties for the partially composite condition as 


— I), (7-10) 


where 


I, = Moment of inertia of the steel section, 
I,, = Moment of inertia of the fully composite section, 
C; = Smaller of 0.85f,A, and FA, (V’ from eqs. (7-4) and (7-5)), and 
x 
72, = 0.25. 
C; 


n 


The reduction term in equation (7-10) represents the degree of compositeness of a 


section. This term pie be greater than 0.25 (i.e., composite sections are required to have 
at least 25% composite action, per the AISC specification). 

The width of the concrete slab that is effective in the composite section is a function of 
the beam spacing and the length of the beam. The effective slab width on each side of the 
beam centerline (see Figure 7-9) is the smallest of 


e | of the beam span, 
e |» of the distance to the adjacent beam, or 
e The edge of the slab distance (for edge beams). 
For formed-steel deck, the effective thickness of the concrete slab is reduced to account for 


the deck ribs. When the deck ribs are oriented perpendicular to the beam, the concrete below 
the top of the deck is neglected. When the deck ribs are oriented parallel to the beam, 
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a. interior beam b. edge beam 
Figure 7-9 Effective slab width. 


(i.e., girder) the concrete below the deck ribs may be included. The effective concrete slab 
thickness is usually taken as the average thickness for this case (see Figure 7-10). 

We will now consider the bending strength of a composite section. There are three possi- 
ble locations of the plastic neutral axis (PNA): within the concrete slab, within the beam flange, 
and within the beam web. With partial-composite action, the PNA is usually located within the 
steel section (in the flange or in the web). This is because a partially composite section engages 
a smaller amount of the concrete slab in compression; therefore, any additional cross-sectional 
area needed for compression is taken in the upper portion of the steel beam. 


a. deck ribs perpendicular (beam) 


b. deck ribs parallel (girder) 
Figure 7-10 Effective slab depth. 
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Figure 7-11 The PNA is within the concrete slab. 


When the PNA is within the concrete slab (Figure 7-11), the available moment can be 
determined by taking a summation of moments as follows: 


bM,, = Ty (or bCy), (7-11) 
where 


T = Tension force in the steel, 
C = Compression force in the concrete, and 
y = Distance between T and C (see Figure 7-11). 
This is because a partially composite section engages a smaller amount of the concrete slab 


in compression; Therefore, any additional cross-sectional area needed for compression is 
taken in the upper portion of the steel beam. 


The depth of the compression stress block is 


A,F, 
ae _, (7-1 1a) 
0.85f7.b. 
where 
A, = Area of the steel section, 
F, = Yield stress, 
f'. = 28-day compressive strength of the concrete, and 
b. = Effective slab width. 
The equation for the design moment is given as 
d a 
b,M, = oA, Fy 2 as h, +t. — 2 ’ (7-11b) 


where 


h, = Deck thickness (height of the deck ribs), 
t. = Concrete thickness above the deck, and 
d = Beam depth. 


Note that the total slab thickness, Y, 


con? 


equals h, + t.. 
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Figure 7-12 The PNA is within the beam flange. 


Recall from Chapter 6 that for bending, = 0.9. 
When the PNA is within the top flange (Figure 7-12), the compression force in the 
concrete slab is at its maximum value. Therefore, 


C. = 0.85f'.4,, (7-12) 


where C. is the compression force in the concrete slab and A, is the area of concrete. The 
compression force in the top flange of the steel beam is 


Cy = bY\F,, (7-13) 
where 


by = Beam flange width, and 
Y, = Distance from the PNA to the top flange. 


To determine the tension in the bottom portion of the beam, 7;, we assume that the entire 
beam has yielded in tension and we subtract the portion that is in compression: 


T, = AsFy — b)¥\F). (7-14) 
The summation of horizontal forces yields 


T= Ct Cy (7-15) 
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Combining equations (7-12) through (7-15) yields an expression for Y;: 


AF, — bY\F, = O.85f1A. + bYF, 
A,F, — 0.85f1A, 


Y, = . 7-16 
1 OF; (7-16) 


where Y, is the distance from the top flange to the PNA. 
The available moment can be determined by summing moments about the PNA, which 
yields 


oM,, = 6] (osspay + Y,) + arb ( 2) + ars = v1) | (7-17) 
where Y, is the distance from the top of the beam flange to the centroid of the concrete com- 
pressive force (C,) and , = 0.9. 

When the PNA is located within the web of the steel beam, a similar analysis can be 
made to determine Y, (see Figure 7-13). The compression force in the slab, C., is found 
from equation (7-12). The compression force in the beam flange is 


Cu = bit (7-18) 


where tf, is the beam flange thickness. 
The compression force in the upper part of the beam web is 


Cy = 4F(Y%, — t), (7-19) 


wi “why 


where ¢,, is the beam web thickness. 


Figure 7-13 The PNA is within the beam web. 
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The tension force in the bottom portion of the beam is 


T, = AF, — byt/F, — tyP,(Y, — t). (7-20) 


wey 
The summation of horizontal forces yields 
Dy = Ce oe Cag is (7-21) 
Combining equations and solving for Y,, 


A,Fy ~ byt Fy ~ nn Oe ~ ty) = 0.85f,A¢ - byt, ae ee Wg ~ ty) 


A,F, = 0.85/74. — 2brt, Fy 
y= — ae (7-22) 
21,,F, 


The available moment can be determined by summing moments about the PNA, which 
yields 


te 
oM,, = | 0857. + Y,) + ayF(¥ = *) 


Yi t& d 
+ 247% — )(—=—) + ABS - 11) | (7-23) 


Several examples will follow to illustrate how to calculate the section properties and de- 
sign bending strength for each possible PNA location. 


Transformed Section Properties: Full-Composite Action 


For the composite section shown in Figure 7-14, determine the transformed moment 
of inertia. Assume that the section is fully composite and that the concrete has a density 
of 145 pef and a 28-day strength of 3.5 ksi. 


b= ae 


SS x 22 


Figure 7-14 Details for Example 7-1. 


Composite Beams 


SOLUTION 
From AIJSCM, Table 1-1, 


W114 x 22 

A = 6.49 in? 
d = 13.7 in. 
r= 199'in 


Transforming the concrete section into an equivalent steel section, 


BS Ne, 
= (145)'5\/3.5 = 3266 ksi 
le, 
aoe 
E, 
_ 2,000 _ a 
a earaiGe 
A, 
AN aries 
n 
(80) (2) 
= SE rigooane 
8.87 op 


Using the top of the concrete slab as the datum, we develop Table 7-2. 


Table 7-2 Transformed section properties 
Element 


Slab 18.02 6.01 


W14 x 22 11.85 76.9 199 


bt; 
Ih 
12n 
(80)(2)° 


= (12) (8.87) = 6.01 thn? 


_ Ay 
OT 
94.92 
y = —— = 3.87 in. 
24.51 
i = SF Ad") 


766.6 in.* (see Table 7-2) 


Ihe = 
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Design Bending Strength of a Composite Section 


Determine the design bending strength of the composite section given in Example 7-1, 
assuming full-composite action and ASTM A992 steel. 


SOLUTION 


Since there is full-composite action, the compressive force in the concrete is the 
smaller of 0.85f'.A. (crushing of the concrete) and FA, (tensile yielding of the 
steel beam). 


C= MRSA, 
= (0.85)(3.5)(2)(80) = 476 kips 
Gaara 


= (50)(6.49) = 324.5 kips 


Tensile yielding in the steel controls, which means that only a portion of the concrete 
slab is required to develop the compressive force. Figure 7-15 shows the stress distri- 
bution in the slab. 

From equation (7-4), the effective slab depth can be determined as follows: 


C = 0.85f..A, 
C = 0.85f).ab 

324.5 = (0.85)(3.5)(a)(80) 
a = 1.36 in. 


a ze 
ae 2\ 7 
W14 x 22 


Figure 7-15 Stress distribution for Example 7-2. 
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The moment arm between the tensile and compressive forces is 


ee See 
2 5 


“ 
lI 


137 1.36 
y= +34+2-— = 1116in. 
D) p 


The design bending strength is found from equation (7-11): 


oM,, = Ty (or bCy) = (0.9)(324.5)(11.16) = 3260 in.-kips = 271 ft.-kips. 


285 


Transformed Section Properties: Partial-Composite Action 


Determine the section properties and design moment capacity of the composite section 
given in Example 7-1 assuming that (8)-%“”ASTM A108 headed studs are provided 
between points of maximum and zero moments in the deck profile shown in Figure 7-16. 
Assume that studs are placed in the “strong” position. 


12" Wa" 


W14 X 22 
Figure 7-16 Metal deck profile for Example 7-3. 


SOLUTION 
From AISCM, Table 1-1, 
W114 X 22 
A = 6.49 in? 
d = 13.7 in. 
I = 199 in.* 
by = 5.00 in. 


(continued) 
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= 0285 ity 
iy = OSB in, 


The horizontal force in the shear connectors (V’) is the smaller of the following: 


V' = 0.85f14, 
= (0.85)(3.5)(2)(80) = 476 kips, or 
= Ae, 


= (50)(6.49) = 324.5 kips. 


From Table 7-1, for one row of shear studs, deck ribs perpendicular, to the beam, 


= 
R, = 0.75(“strong” position of the stud in the deck rib) 
2 (0.75)? 
Ase a Cee 0.441 in. 
4 4 
OF = 0.5A,, y Hee = IR le dP, 


= (0.5)(0.441) V(3.5)(3266) < (1.0)(0.75)(0.441)(65) 
= 23.5 kips > 21.5 kips 
Q, = 21.5 kips (this value agrees with AISCM, Table 3-21) 
VSG, 
= (8)(21.5) = 172 kips 


The degree of compositeness is found from the reduction term in equation (7-10), 
with C; being 324.5 kips (the smaller of eqs. (7-4) and (7-5)): 


Oe 
Co BOS 


= 0.53, or about 53% composite action. 


This section is at least 25% composite, so we can proceed to calculate the reduced 
section properties: 


Or 
DG FN | err V Fay 
eff 5 c, ve 9) 


172 
324.5 


99) sp (766.6 — 199) = 612 in.* 


Since >Q, < A,F,, there must be an additional compressive force within the beam 
section and therefore the PNA lies somewhere within the beam section. From equa- 
tion (7-4), the effective slab depth can be determined as follows: 


C = 0.85f’.A, 
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C = 0.85f!.ab 
172 = (0.85)(3.5)(a)(80) 
a = 0.722 in. 


Assuming that the PNA is within the beam flange, Y, is determined from equation 
(7-16): 


AF, — 0.85f.A, 

2F by 
_ (6.49)(50) — (0.85)(3.5)(0.722)(80) _ 
4 eyeay(Gon) 0.305 in. 


Y, = 0.305 < t = 0.335; therefore, the PNA is within the beam 
flange as assumed. 


Yy, = 


The design strength is then determined from equation (7-17): 


: ; 0.722 in. ’ 
% = Zi, sr Zit, = ae 4.64 in. 


Note that Y, is the distance from the top of the beam flange to the centroid of the con- 
crete compressive force. 


= 
S 
] 


Y d 
#[ossr.acy + Y>) + 2F, by (3 a Asn (§ = v1) | 


S 
S 
] 


0.9] ((085)(3.5)(0.722)(80)(0.308 + 4.64)] 


+ | (2)(50)(5.00)(0.305)( °°) c (6.4950) (22 = 0.305 | 


obM, = 2697 in.-kips = 225 ft.-kips 


EXAMPLE 7-4 


PNA in the Slab 


Determine the design moment strength for the beam shown in Figure 7-17. The 
concrete has a design strength of 4 ksi; use F, = 50 ksi for the steel beam. Assume 
full-composite action. 


(continued) 
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W24 X 55 
Figure 7-17 Details for Example 7-4. 


SOLUTION 
From AIJSCM, Table 1-1, 


W24 Xx 55 

Ae 162 in, 
25 Gan, 
P= 1350403 


Determine the location of the PNA (start with eq. (7-1 1a)): 


0) - iy In.; erefore, the th | i 
85f).b, (0.85) (4) (72) 1S 1n the Sila 


The design bending strength is found from equation (7-11b): 


dif = oar (4 +h,+t,- <) = (0.9)(16.2)(50)( 5 + 0 + 6 in. ~231) 


= 11,769 in.-kips = 980 ft.-kips. 


PNA in the Beam Web 


Determine the design moment strength for the beam shown in Figure 7-18. The concrete has a 28-day strength 
of 4 ksi; use F’, = 50 ksi for the steel beam. Assume 25% composite action. 
From AISCM, Table 1-1, 


W18 x 35 
Ae 10s ine = OARS in 
gh = iar ia, by = 6.00 in. 


i = SiO tia* t, = 0.300 in. 
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by 50 


W18 X 35 
Figure 7-18 Details for Example 7-5. 


C, = Smaller of 0.85f'.A, or F,A, (V’ from eqs. (7-4) and (7-5) 
0.8574, = (0.85)(4)(50)(4) = 680 kips 
FA, = (50)(10.3) = 515 kips <— Controls 


Assuming 25% composite action, C, = (0.25)(515) = 129 kips. 


C. = 0.85fab + 129kips = (0.85)(4)(a)(50 in.) > a = 0.757 in. 


0.757 
Oe ee 


Use equations (7-22) and (7-23), to determine Y;, as follows, (if Y, is greater than t, then PNA is, in fact, in the 
beam web): 


AF, — 0.85f,A, — 2byt/F, 


oe 21,F. ee 
2 Een Se OOO Qie yy Se DOr seu) 0.425 = 4.80 in. 
(2)(0.300)(50) 


Since Y, is greater than the beam flange thickness (Y,; = 4.80 in. > t, = 0.425 in.) the PNA must be in the beam 
web. The design bending strength is then found from equation (7-23) as follows: 


= 
Ss 
] 


vi fae d 
OSs) A to) 204 y= > ce sda Gy ae.) 5 Te valle 5 Y 


ave = 0.9] (0.85)(4)(50)(0.757)(4.80 2 By (2)(6.0)(0.425)(50)( 4.80 ” 8. 


4.80 — 0.425 


Ee + (2)(0.300)(50) (4.80 — 0.45)( 7 


ar (10.3)(50)( 22 = 480) | = 4396 in.-kips 


oM,, = 367 ft.-kips 
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7.4 SHORING 


Before discussing the deflection of a composite section, we need to first look at the concept 
of shored versus unshored construction. Shoring can be provided under the beams and gird- 
ers in order to allow the concrete floor to cure and reach its design strength prior to impos- 
ing any load on the steel beams. Once the shores are removed, the beam will have an 
instantaneous deflection due to the weight of the concrete floor slab. With unshored construc- 
tion, the weight of the wet concrete is superimposed on the steel floor beams prior to the con- 
crete curing, thus causing the beams to deflect under the weight of the concrete. The 
instantaneous deflection of the beams in the shored scheme will not be as much as it is in 
the unshored scheme since the beam in the former case will be in a composite state and 
thus have greater stiffness. 

From a design standpoint, there is no conclusive data that favors either scheme. 
From a construction standpoint, the unshored scheme is usually preferred because it 
avoids labor required to install and remove the shores. However, the disadvantage of un- 
shored construction is that because the beams deflect under the wet weight of the con- 
crete additional concrete will be required to achieve a flat floor surface, resulting in 
concrete ponding. Ponding occurs when the deflected shape of a beam loaded with wet 
concrete allows additional concrete to accumulate, (see Figure 7-19b). This creates a situa- 
tion where the builder must account for additional concrete that must be placed and the 
designer must account for the added dead load. For common floor framing systems, the 
additional concrete required due to ponding can range from 10% to 15%. One way to mit- 
igate concrete ponding is to camber the beams. It would be ideal to camber the beams 
an amount equal to the deflection of the wet concrete, but this is not recommended be- 
cause if the beam is cambered too much, then the slab might end up being too thin at mid 
span of the beam and there would not be enough concrete coverage for the headed studs 
(Figure 7-19c). For this reason, most designers provide camber that is equivalent to 75% 
to 85% of the deflection due to the dead load of the concrete. This reduction accounts 
for the possibility of overestimating the dead load, as well as the fact that the calculated 
deflection usually does not account for the actual support conditions of the beams (i.e., 
the typical deflection equations assume pinned ends, whereas the end conditions have 
some degree of fixity). Beams less than 25 ft. long should not be cambered and the min- 
imum camber should be at least % in. These limits ensure economy in the fabrication and 
cambering processes. 

With unshored construction, the beams must be designed to support the concrete slab, 
as well as the temporary construction loads present while the slab is being placed. In floor 
systems with a formed-steel deck, the floor deck is usually adequate to brace the top flange 
of the beams against lateral—torsional buckling because the deck is oriented in the strong or- 
thogonal direction, with the ribs perpendicular to the beam. However, the floor deck is usu- 
ally not adequate to provide lateral stability for the girders because the deck is oriented in 
the weak orthogonal direction, with the deck ribs parallel to the girder. The design must 
therefore consider the unbraced length of the beams and girders during slab construction 
phase loading. Most designers use a construction live load of 20 psf for the construction phase 
design check [6]. (Recall that construction live loads were discussed in Chapter 2.) 

For shored construction, the advantages are that all of the strength and deflection checks 
are based on the composite condition and the strength of the steel beam alone is not a fac- 
tor when the concrete is still wet. Aside from the fact that added labor and materials will be 
required for shored construction, one key disadvantage is that cracks are likely to occur 
over the supporting girders and sometimes over the beams as well. One way to mitigate this 
occurrence is to add reinforcement over the beams and girders to control the cracking 
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shoring post 
shoring post 


a. shored 


design must account 
for additional concrete 


b. unshored (no camber) 


beam is cambered only for overcambering reduces 


a portion of the concrete weight, the clear cover to the 
shear studs 


some ponding will still occur 


c. unshored (cambered) d. overcambered 
Figure 7-19 Shored and unshored beams. 


(see Figure 7-20). Even with unshored construction, cracking is somewhat common over the 
supporting girders, so rebar is often added over the girders in either scheme. 

Another way to mitigate cracking over the beams and girders in a shored scheme is to 
place the shoring such that some amount of deflection in the beams will occur, while min- 
imizing the amount of ponding. Figure 7-21 shows one recommended shoring placement 
scheme that allows some deflection and minimizes ponding. In this scheme, shores are 
placed under the girders where a beam intersects and shores are placed at a distance of L/5 
from the ends of the beams. 
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girder 
(rebar is usually placed over girders 
in shored and unshored schemes) 


aE aig 
beam 
(rebar is sometimes placed over 
beams in shored schemes) 
tH ?~-> 


a. floor framing 


rebar 
(spacing and length per 
design, see example 7-11) 


b. section 


Figure 7-20 Crack control over beams and girders. 


a beam = 


bf indicates shoring post 


Figure 7-21 Shoring to allow some deflection and 
minimize ponding. 
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Construction Phase Loading 


For the floor framing shown in Figure 7-22, determine the following, assuming ASTM 
A992 steel and a slab weight of 75 psf (neglect the self-weight of the framing). 

1. Required camber in the W18 X 35 beam for an unshored scheme, 

2. Required camber in the W18 X 71 girder for an unshored scheme, 

3. Adequacy of the W18 X 35 beam for construction loading, and 
4. Adequacy of the W18 X 71 girder for construction loading. 
4 


a 


Ll = 

x S 

. 2 

= W18 X 35 oy 
Jj 


, 33'-0" : 33'-0" : 


Figure 7-22 Floor framing for Example 7-6. 


SOLUTION 
The following load combinations are applicable (recall that the recommended construc- 


tion live load is 20 psf from Chapter 2): 


1.4D 

2D) se Iv 

(1.4)(75 psf) = 105 psf 

(1.2)(75 psf) + (1.6)(20 psf) = 122 psf = W, <— Controls 


Uniform load on beam: 
Tributary width of the beam = 9 ft. 

Wp = (75 psf)(9 ft.) = 675 Ib./ft. (56.25 Ib./in.) Unfactored dead load 

w, = (122 psf)(9 ft.) = 1098 Ib./ft. (1.098 kips/ft.) Factored construction load 
Concentrated loads on the girder: 


Span of the beam = 33 ft. 


Py = (75 psf) (33 ft.)(9 ft.) = 22,275 lb. or 22.3 kips 
P, = (20 psf) (33 ft.)(9 ft.) = 5940 Ib. or 5.94 kips 


P, = (1.2)(22.3) + (1.6)(5.94) = 36.3 kips 
(continued) 
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Camber 


For the required camber, 75% of the slab weight will be assumed. 
The camber for the beam is 


4 
Ag = (7S)— 


___(5)(56.25)[(33)(12)} ae 
= (0-75) 384)(29 x 105(510) 0.913 in. Use a %-in. camber. 


The camber for the girder is 


Avg = (0.75) 


(ODE NCHE SS ie 
= (05) - = 0.60 in. No camber. 
(28)(29 X 10°)(1170) 


Recall that the minimum recommended camber is % in. and the minimum recom- 
mended beam span is 25 ft. for cambered beams. 


Construction Phase Strength 
The factored bending moment due to construction loading for the beam is 


w,L2 (1.098) (33)? 
Coma 8 ie 8 


= 150 ft.-kips 


The factored bending moment due to construction loading for the girder is 


Poly (86:3) (27) ; 
M.g = = = 327 ft.-kips 
3 


From AISCM, Table 3-10, the design bending strength in the beam and girder are 


oM,, = 250 ft.-kips > 150 ft.-kips (at L, = 0 ft. for W18 x 35, OK), and 
500 ft.-kips > 327 ft.-kips (at L, = 9 ft. for W18 X 71, OK). 


oM,, 


7.5 DEFLECTION 


Composite beams have a larger moment of inertia than noncomposite beams of the same 
size once the concrete slab cures and reaches its required strength. The designer must first con- 
sider whether or not the slab is shored (see Section 7.4). For shored construction, all of the 
deflection will occur “post-composite” and will be a function of the transformed moment of 
inertia. For unshored construction, the weight of the concrete will cause an initial deflection 
based on the moment of inertia of the steel beam alone; then any live load and superimposed 
and sustained dead load deflections will be based on the transformed moment of inertia. 
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When a composite beam is subjected to sustained loads, the concrete slab will be in a 
constant state of compression and subject to creep. Creep is deformation that occurs slowly 
over a period of time due to the constant presence of compression loads or stresses. It is 
difficult to quantify the amount of creep in a composite section, but designers will estimate 
this deflection by using a modular ratio of 27 to 3n instead of the n calculated in equation 
(7-1). AISC recommends a modular ratio of 2n for calculating long-term deflections [3]. The 
creep deflection due to sustained dead loads is not significant in typical steel buildings. 
Creep should be accounted for when there is a large amount of sustained live load. A more 
detailed coverage of this topic is found in [9]. 

In Section 7.3, we discussed the calculation of the transformed moment of inertia, /,., for 
a composite section, as well as the effective moment of inertia, [,,, for a partially composite sec- 
tion. In many cases, the terms /,, and J,7 are used interchangeably to describe the stiffness of a 
composite section. In this text, we will use the term /,, to describe either a fully composite or 
partially composite section (in equation (7-10), note that J,7 = /,, for a fully composite section). 

AISC specification C-I3.1 states that deflections calculated using J, are overestimated 
by 15% to 30%, based on testing. It is therefore recommended that the actual moment of in- 
ertia used for calculating deflections be taken as 0.75 Leg: Therefore, 


Loctual = 0.75 Le, (7-24) 


where J)¢iuqi 18 the moment of inertia used for calculating deflections. 

Alternatively, we can use the lower-bound moment of inertia tabulated in the lower- 
bound elastic moment of inertia table (Table 3-20 in the AISCM). The lower-bound moment 
of inertia (Z,g) is the moment of inertia at the ultimate limit state, which is less than the mo- 
ment of inertia at the serviceability limit state, where deflections are calculated. For com- 
parison purposes, J;, is equivalent to Jjcnai. given in equation (7-24). To obtain J;,, enter 
the table with a Y, value from the ultimate design stage and a Y, value corresponding to 2Q,,, 
obtained in the ultimate design stage. The J; obtained is then used to calculate deflection. 

The deflection limits for beams are found in the International Building Code (IBC), 
Section 1604.3. Composite beams are normally floor members and so, from the IBC, Table 
1604.3, live load deflection is limited to L/360 and total load deflection is limited to L/240. 
For shored construction, the deflection limits are as follows: 


LE 
An = 360° and (7-25) 
L 
Ay, ==> 7-2 
T= FA0" (7-26) 
where 


Ar, = Live load deflection, 
Ay, = Total load deflection (dead plus live load), and 
L = Beam span. 
For unshored construction, the live load deflection is as indicated in equation (7-25), but the 
total load deflection must also account for the construction phase deflection. Therefore, for 


the unshored condition, 


Ar = Asp, + An + Aco (7-27) 
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where 


Asp, = Superimposed dead load deflection (post-composite dead load), 
Ai, = Live load deflection, and 


Acpr = Construction phase dead load deflection less any camber (pre-composite 
dead load). 


Note that Asp, and A,, will be a function of the composite moment of inertia (from equa- 
tion (7-24)) and Ac¢p, will be a function of the moment of inertia of the steel beam only 
(i.e., noncomposite moment of inertia). Note also that the construction dead load, Acp;, can 
be minimized by specifying a camber. 

Floor vibrations are an additional serviceability consideration for composite as well as 
noncomposite members and are covered in Chapter 12. 


7.6 COMPOSITE BEAM ANALYSIS AND DESIGN USING 


THE AISC TABLES 


The analysis process presented in the previous sections can be tedious when performing 
hand calculations, which is why most composite beam designs are carried out with the aid 
of a computer program. As an alternative, there are several design aids in the AJSCM that 
can be used. AISCM, Table 3-19 is used to determine the design bending strength of a com- 
posite section and AJSCM, Table 3-20 is used to determine the moment of inertia, J. Both 
tables are a function of Y, (location of the PNA), Y, (location of the compression force in 
the slab), and {Q,, (magnitude of the compression force). 

Referring to Figure 7-23, there are seven possible locations of the PNA, starting from 
the top flange of the steel beam to some point within the web of the beam. If it is found that 


Ye 


Y, is the distance from 
the top of the beam flange 

to one of the seven possible 
locations of the PNA 


1 (TFL) 100% composite 
a 2": (20, =AF) 
———— 3 
a 

5 (BFL) 

6 
7 25% composite 
= 0.25A,F,) 


varies 


J (20, 
Plastic neutral axis (PNA) 

can be at any of these 

seven locations 


Figure 7-23 PNA location used in the AISC tables. 
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the PNA is above the top of the beam flange, then the values obtained from PNA location 
1 are conservatively used. Full-composite action occurs at PNA location 1 (i.e., 2Q, = 
A,F,), whereas PNA location 7 represents 25% composite action, which is the lowest allowed 
by the AISC specification. 

The examples that follow illustrate the use of composite design tables in the AJSCM. 


Composite Beam Deflections 


Determine whether the composite beam in Example 7-3 is adequate for immediate and 
long-term deflections, assuming the following conditions: 


Slab dead load = 50 psf (ignore self-weight of the beam) 
Superimposed dead load = 25 psf (partitions, mechanical and electrical) 
Live load = 50 psf (assume that 20% of this is sustained) 

Beam span = 28’ — 6” 

Beam spacing = 8 ft. 


SOLUTION 


Loads to Beam: 


Wep, = (50 psf)(8 ft.) = 400 plf (33.3 Ib./in.) 
Wsp, = (25 psf)(8 ft.) = 200 plf (16.7 Ib./in.) 
wy, = (50 psf)(8 ft.) = 400 pif (33.3 Ib./in.) 


From Example 7-3, 


I = 199 in.* (noncomposite moment of inertia) 


I, = 612 in.‘ (the calculated effective moment of inertia) 
From equation (7-24), the moment of inertia used for long-term deflections is 


if 


actual 


= 0751, — (075)(612) = 59m 


As an alternate check, recall from Example 7-3 that Y; = 0.305 in., Y, = 4.64 in., and 
YO, = 172 kips. From AISCM, Table 3-20, we find that I,, = 496 in.’ (by interpola- 
tion). Recall that research indicates that the actual moment of inertia is between 15% 
and 30% less than the calculated value of Jy. This explains the variation between 
i = 459 in and pp = 496 in. 

Since there is no specific guidance in the AISC specification as to which value to 
use, we will proceed with the more conservative value Of Igcigi = 459 in.*. 


Construction Phase Deflection: 
IK a Bene 
ene 384EI 
(G34 2s5)12)\) 


= = 1,03 in. 
(384)(29 x 10°)(199) 


(continued) 


298 CHAPTER 7 


If this beam were to be cambered, we would take 75% of the construction phase dead 
load deflection as the camber, as follows: 


A. = (0.75)(1.03 in.) = 0.771 in. Use %-in. camber. 
The construction phase deflection would then be reduced by % in.: 
Aco, = 1.03 in. — 0.75 in. = 0.28 in. 


A construction phase deflection of 1.03 in. would likely add more concrete in the 
floor slab due to ponding than would be desired, so a camber of % in. will be speci- 
fied. The post-composite deflection is 


Diy spn 
384EI 
_ (5)(16.7)[(28.5)(12) } 
(384)(29 x 10°)(459) 
Sw L* 
384EI 
(5)(33.3)[(28.5)(12) 
~ (384)(29 x 10°)(459) 
An, = Asp, + Az + Acpr 
= 0.223 in. + 0.446 in. + 0.28 in. = 0.949 in. 


Aspr i 


= 0.223 in. 


Di 


= 0.446 in. 


The deflection limits are found from equations (7-25) and (7-26): 


ke 
A, =— 
~~ 360 
(28.5)(12) 
0.446 < ariel = 0.95 in., OK for live load deflection 
Ik, 
A pie 
fot 
(28.5)(12) 
0.949 < — = 1.43 in., OK for total load deflection 


It can be seen by inspection that the /-in. camber is needed to meet the total load 
deflection limit. 


We must also consider the long-term deflection to account for creep effects. To do 
this, the effective moment of inertia must be recalculated using a modular ratio of 2n. 
From Example 7-1, 1 = 8.87; therefore, 


2n = 17.74 
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bts 80)(2)3 
L,=— = Cae 3.0 in.4 
12n  (12)(17.74) 


Using the top of the concrete slab as the datum, we develop Table 7-3. 


Table 7-3 Composite beam section properties 


Element 


1 | 9.01 | 3.0 | 


6.49 | 11.85 | 76.9 ] 199 


> (eed) 
I,, = 646.1 in.* (see Table 7-3) 


Accounting for the partial-composite behavior (see Example 7-3), 


TOE 172 
i= i) = 8S 
C; ( tr B) 324.5 


i= OSE — (0,75) 524 5)5 = ao3an 


Meg = lly or (646.1 — 199) = 524.5 in.4, and 


The ratio of the actual moment of inertia used for total loads versus that used for sus- 
tained loads is 


459 in.* 
393 in? 


= 1.168. 


This ratio can be used to calculate the actual sustained load deflection. The amount 
of sustained live load specified for this example is 20% of the total live load, and 
the remaining 80% is assumed to be transient. The total sustained load deflection 
is then 


A rr(sust) = 1.168( Asp, ar 0.2A,,) aE New =F 0.8A,7, 
1.168[0.223 + (0.2)(0.446)] + 0.28 + (0.8)(0.446) = 1.02 in. 


This is less than the L/240 = 1.43 in. calculated previously, so the section is adequate 
for sustained loads. 
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EXAMPLE 7-8 


Composite Design Strength Using the A/SCM Tables 
Determine the design strength of the beam in Example 7-2 using AJSCM, Table 3-19. 


SOLUTION 


From example 7-2, 
C, = 324.5 k, and 
a = 1.36 in; 


therefore, 


1.36 
y= kh + “5 3in, + Qin, — —S> = 432 in. 


From A/SCM, Table 3-19, bM,, = 272 ft.-kips (by interpolation). 


EXAMPLE 7-9 


Composite Design Strength Using the A/SCM Tables 
Determine the design strength of the beam in Example 7-3 using AJSCM, Table 3-19. 


SOLUTION 
From Example 7-3, 


C = 172 kips 
@ = 07/22 iia. 
Y, = 0.305 in. 
Y, = 4.64 in. 


From A/SCM, Table 3-19, bM,, = 227 ft.-kips (by linear interpolation). 


EXAMPLE 7-10 


Composite Design Strength Using the A/SCM Tables 
Determine the design strength of the beam in Example 7-5 using AJSCM, Table 3-19. 


SOLUTION 
From Example 7-5, 
= 129 kips 
= 48 in. 
= 5.62 in. 
From AJSCM, Table 3-19, dM, = 368 ft.-kips (by linear interpolation). 


Composite Beams 301 


7.7 COMPOSITE BEAM DESIGN 


There are several factors that must be considered in the design of composite floors. One key con- 
straint is that the required floor structure depth is usually specified early in the design stage. In 
some cases, the depth of the steel beams will be limited if the floor-to-floor height of a build- 
ing is limited. The beam spacing, another factor that should be considered early in the design 
stage, is generally a function of the slab strength, but tighter beam spacing could be required 
to minimize the steel beam depth. The slab design is mainly a function of the beam spacing (i.e., 
thinner slabs can be used with smaller beam spacing and thicker slabs are required for larger 
beam spacing). One must also consider the fire rating of the floor structure. Many occupancy 
categories will require that a floor structure have a certain fire rating, usually measured in hours. 
The Underwriters Laboratory (UL) has tested several floor assembly types and assigned ratings 
for each assembly type. (Fireproofing is covered in Chapter 14.) It is generally more econom- 
ical and desirable to obtain the required fire rating by selecting a concrete slab with enough thick- 
ness so that the steel beams and steel deck do not have to be fireproofed. 

In order to determine the most economical floor framing system for any building, the 
designer may have to perform several iterations of framing schemes, considering all of 
the variables noted above, to determine the best system. We will assume at this point that 
the slab spacing and the beam spacing have already been determined, so that we can pro- 
ceed with the composite beam or girder design. 

The following steps are given as a guide for the design of composite beams: 


1. Tabulate the design loads (dead load, superimposed dead load, live load, and 
sustained live load). Tabulate service loads to be used for deflection and tabulate 
factored loads for strength checks. 


2. Compute the maximum factored shear, V,,, and moment, M,, for design, and the maxi- 
mum factored moment during the construction phase, M,,, for unshored construction. 

3. Estimate the beam weight. Assuming that the PNA is in the concrete slab, we can use 
equation (7-11) to determine the moment capacity, bM,, = bTy. Using M, = M,, 


d 
T=A,F,, andy = (¢ Vn = “) , we can solve for the required area of steel: 


M 


u 


d a\’ 
ie a 
onl con 4 


A (7-28) 


i 


An assumed value of a = 0.4t. is recommended here (see Figure 7-10 for t.). 
In equation (7-28), Y.., is the distance from the top of the steel beam to the top of the 
slab. Knowing that the density of steel is 490 Ib./ft.°, we can solve for the beam weight: 


A, M, 
a a) 7 or( ele “) 
a re: 
3.4M, 
w= 5 \ (7-29) 
on(s eae <) 


where w is in pounds per linear foot. For various assumed values of the nominal 
beam depth, d, in inches, the required minimum beam weight, in pounds per linear 
foot, is calculated, and the lightest weight beam is selected. 
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10. 


. Conduct the construction phase strength and deflection check (unshored beams only): 


a. Check the selected steel beam as a noncomposite section to support the following loads: 


¢ Weight of wet concrete, 
e Weight of metal deck, 
e Steel beam self-weight, and 
¢ Construction live load = 20 psf (weight of workers and equipment). 
b. Calculate the deflection of the noncomposite beam under construction phase 
dead load (CDL). A percentage of this deflection can be the specified camber. Do 


not camber the beam if the span is less than 25 ft. or if the construction phase 
dead load deflection is less than % in. 


. Calculate A,F, for the selected steel section, then calculate the degree of composite- 


ness. For 100% composite action (fully composite), £Q,, = A,F,. The minimum de- 
gree of compositeness is 25% (i.e., OQ, = 0.25A,F,). 


. Calculate the effective flange width, b, of the concrete slab. The effective width on 


each side of the beam centerline is the smallest of 


e % of the beam span, 
e 4% of the distance to the adjacent beam, or 
e The edge of the slab distance (for edge beams). 


. Calculate the actual depth of the effective concrete flange, a (this might be different 


from the value assumed in step 3): 


=O, 
= . fe 
“  0.85f'b mn 


. Compute the distance from the beam top flange to the centroid of the effective con- 


crete flange: 


(7-31) 


. Use the value of Y, from step 8 and the assumed value of }Q,, from step 5. Go to the 


composite beam selection table (Table 3-19 in the AISCM) corresponding to the 
beam chosen in step 3. Determine M,,, the design bending strength of the composite 
section, linearly interpolating if necessary: 


a. If bM,>M,, the beam section is adequate. 
If bM,, < M,, the beam is inadequate, and the following options should be 
considered: 
¢ Increase the degree of compositeness (i.e., increase XQ, up to = A,F,). 
e Use larger a beam size. 


Check the shear strength of the steel beam, V,, > V,, where ,V,, = ,0.6F,A,,C,,. 


h | E 
Recall that for webs of I-shaped members with ro = 2.24 F’ ob, = C, = 1.0 


(see Chapter 6 for other values of C,). Alternatively, bV,, can be obtained for W-shapes 
from the maximum total uniform load table (Table 3-6 in the AJSCM). 


11 


12. 


13. 
14. 


. Select shear stud spacing (see Section 7.2 and Figure 7-7). Recall that N, = 
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20, 

n 
and N, is the number of studs between the point of maximum moment and the point 
of zero moment. 

Check deflections. There are two methods for computing the actual moment of iner- 
tia of the composite section, which is required in the deflection calculations: 


a. Use the lower-bound moment of inertia tabulated in the lower-bound elastic 
moment of inertia table (Table 3-20 in the AJSCM), or 

b. Determine the transformed moment of inertia and calculate /,7 from equation 
(7-10). Then determine the actual moment of inertia Uacmar = 0.75/.g) from 
equation (7-24), which is then used to calculate deflections. 

Recall that the modular ratio used for short-term deflections is n and for long-term 

(sustained load) deflection, the modular ratio is 2n. Deflections are generally limited 

to L/360 for live loads and L/240 for total loads. 


Check floor vibrations (see Chapter 12). 


Compute the reinforcement required in the concrete slab and over the girders (see 
Section 7-8, Practical Considerations). 


EXAMPLE 7-11 


Composite Beam and Girder Design 


Given the floor plan shown in Figure 7-24, design a typical filler beam B1 and girder G1. 
The floor consists of a 3.5-in. normal weight concrete slab on 1.5-in. X 20-ga. galvanized 
composite metal deck with 6 X 6-—W2.9 X 2.9 welded wire fabric (WWF) to reinforce 
the slab. Assume ASTM A572, grade 50 steel and a concrete strength, f’, = 3.5 ksi. Use 
a floor live load of 150 psf. 


Floor Loads: 


Weight of the concrete slab = 51 psf 

Weight of the steel deck = 2 psf 

Beam self-weight (35 lb./ft./6.67 ft.) = 5 psf (assumed) 

Girder self-weight (50 Ib./ft./30 ft.) | = 2 psf (assumed) 

Partitions = 20 psf 

Ceiling + Mechanical/Electrical = 5 psf 

Construction phase dead load (CDL) = 51 + 2+ 5 + 2 = 60 psf 
Superimposed dead load (SDL) = 20 + 5 = 25 psf 

Total floor dead load (FDL) = 85 psf 

Floor live load (FLL) = 150 psf 


For 1.5-in. metal deck, deck rib width, w, = 3.5 in. > 2 in. OK, and 
Deck rib depth, h, = 1.5 in. 


Note: These values must be obtained from a deck manufacturer’s catalog. 
3.5-in. concrete slab on top of deck (i.e., t, = 3.5 in. > 2-in. minimum) OK 
(continued) 
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Bl om 

a, _———_—_————— —_——“ 
i 30'-0" I 30'-O" i 


a. framing plan 


b. floor deck details 
Figure 7-24 Details for Example 7-11. 
Stud diameter = % in. S 2.5 t,... Minimum flange thickness = 0.75/2.5 = 0.3 in. 
Total slab depth, Y,,, = t, + h., = 3.5in. + 1.5 in. = 5 in. 
Assuming a |-in. clear concrete cover over the head of the stud, we have 


Stud length, H, = Y,,, — lin. = 4 in. 


Maximum longitudinal stud spacing = Smaller of 8Y.,,, = 40 in. or 36 in. 
Minimum longitudinal stud spacing = 6D, = 4.5 in. 
Minimum transverse spacing of stud = 4D, = 3 in. 


Design of composite beam B1: 
1. Composite design (loads and moments): 


Floor dead load = 85 psf 
150 psf 


Floor live load 


N 
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Tributary width, TW = 6.67 ft. 


Service live load, w,, = (150 psf) (6.67 ft.) = 1.0 kips/ft. 
Superimposed dead load, wsn, = (25 psf) (6.67 ft.) = 0.17 kips/ft. (0.014 kips/in. ) 
Ultimate factored total load, w, = [(1.2)(85 psf) + (1.6)(150 psf) ](6.67 ft.) 


= 2.28 kips/ft. 
. Factored moment, M, = (2.28 kips/ft.) (30 ft.)°/8 = 257 kips/ft 
2.28 kips/ft) (30 ft 
Factored shear, V,, = ( Per i ) = 34.2 kips 


(1 kip/ft) (30 ft) 
2 


Service live load reaction, R;, = = 15 kips 


(0.17 kips/ft) (30 ft) 


Superimposed dead load reaction, Rgp, = 5 = 2.5 kips 
. Assume a = 0.4¢, = (0.4)(3.5 in.) = 1.4 in. 

Yoon = 2 in. 

Fy, = 50 ksi 

ob = 0.90 
For d = 10 in., 

3.4M, 3.4)(257 X 12 
w= : 7 BAN = 26 lb./ft. 
oF (¢ + Yon — “) (0.9(50)( +5- i) 
"2 7 2 2 2 


Ford = 12in., beam weight = 23 lb./ft. 
Ford = 14 in., beam weight = 21 Ib./ft. 


Try aW14 X 22 beam; A, = 6.49 in.” and moment of inertia, J = 199 in.*. 


. Construction phase strength and deflection check: 


Construction phase dead load (CDL) = 60 psf 
Construction phase live load = 20 psf 
Tributary width (TW) of beam = 6.67 ft. 


The construction phase factored total load is 


w, = L4DL X TW = (1.4)(60 psf)(6.67 ft.) = 0.56 kips/ft. OR 
(1.2DL + 1.6LL) x TW = [(1.2)(60 psf) + (1.6)(20 psf)](6.67 ft) 
0.694 kip/ft. <_ Governs. 


Wu 


The construction phase dead load is 


Wen, = (60 psf) (6.67 ft.) = 0.4 kip/ft. (0.033 kip/in.). 
(0.4 kips/ft.)(30 ft.) 


Construction phase dead load reaction, Rep, = 5 = 6 kips. 


(0.7 kips/ft.) (30 ft.) 
2 


The construction phase factored shear, V,, = = 10.4 kips. 
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The construction phase factored moment is 


(0.694)(30)? 
a 8 


= 78 ft.-kips (top flange of beam is assumed to be fully 
braced by the deck; therefore, L, = 0). 


From the beam design selection table (AJSCM, Table 3-6 or 3-10), we obtain the de- 
sign moment capacity of the noncomposite beam: 


obM,, for W14 X 22 = 125 ft.-kips > M, = 78 ft.-kips. OK 
The construction phase dead load deflection is 


SwL* _ (5)(0.033)[(30)(12)}* 
 384ET ~~ (384) (29,000) (199) 
A. = (0.75)(1.25 in.) = 0.94 in. Use 1-in. camber. 
= 1.25 in. — 1 in. (Camber) = 0.25 in. 


= 1.26 in. > % in. ... Camber required 


A CDL 


_ AF, for W14 X 22 = (6.49 in.2)(50 ksi) = 325 kips 


>=Q,, must be = A,F,, (Choose a value between 25% A,F, and 100% A,F,,.) 
Assume >Q,, = 325 kips = 100% composite action 


. Effective concrete flange width, b, is the smaller of 


(4)(30 ft.) + (4)(30 ft.) = 7.5 ft., or 
(‘4)(6.67 ft.) + (4)(6.67 ft.) = 6.67 ft. (80 in.), governs. 


. Depth of the effective concrete flange is 


ZO, 325 
“ 0.85f".b  (0.85)(3.5)(80) 


= 1.37 in. 


. Distance from the top of the steel beam top flange to the centroid of the effective 


concrete flange is 


¥, = ¥ 


con 


0.5a = 5 in. 0.5 X 1.37 in. = 4.32 in. 


. Using the composite beam selection table (AISCM, Table 3-19) with Y, = 4.32 in. 


and the {Q, = 325 kips assumed in step 5, we obtain, by linear interpolation, 


= 
ES 
| 


= 273 ft.-kips > M, = 257 ft.-kips OK, and 
Y, = 0.0 in. = Distance from top of steel beam to the PNA. 


If bM,, had been much less than M,, we would have had to increase the beam size to 
W14 X 26 or W16 X 26, since we are already at 100% composite action. 


Factored shear, V, = 35 kips. 
The design shear strength is from Chapter 6 or AISCM, Table 3-6: 


,V, = ,0.6F,A,C, = (1.0)(0.6)(50)(0.23)(13.7)(1.0) 
= 945k > V, = 34.2 kips. OK 


11. 


12. 
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N, = = Number of studs between the point of maximum moment and the 
n 


point of zero moment. 
¢ Deck rib depth, h, = 1.5 in. 
e Stud length, H, = 4in. << h, + 3 in. = 4.5 in. 
e N, = | (assuming a single row of studs) 


¢ Deck rib width, w, = 3.5 in. 


For metal deck ribs perpendicular to the beam and placed in the strong position, the 
shear stud capacity reduction factors are from Table 7-1: 


= 1.0 
0.75 
QO, = 0.5A,.Vf'.E, = RRA, 
= wlsv/fr, = (145)!9V/3.5 = 3266 ksi 


2 2 
a V (3.5)(3266) = c1.0y0.15 >” Jos 


0, 4 4 
23.6 kips > 21.5 kips 


by 
ll 


Or, from AISCM, Table 3-21, Q, = 21.5 kip 

The number of studs between the point of maximum moment and the point of 
zero moment is 

N za 15.1 16 stud 

1... use studs, 
: O,, 21.5 

where JN, is the number of studs between the point of maximum moment and the 
point of zero moment. Since the loading on the beam is symmetrical, the total num- 
ber of studs on the beam is 


N = 2N, = (2)(16) = 32 studs 


(30 ft.)(12) 
Stud spacing, s = 32 = 11.25 in. < 36 in. OK 


> 45 in. OK 


Note: For composite beams the actual stud spacing will depend on the spacing of the 
deck flutes. This implies that the final spacing of the studs will need to be less than 
or equal to the value above, depending on the spacing of the deck flutes (i.e., the final 
stud spacing in a composite beam must be a multiple of the deck flute spacing). For 
example, if the deck flute spacing on this beam were 12 in., it would not be physically 
possible to place 32 studs in one row on the beam that is 30 feet long (i.e., the beam 
would have no more than 30 deck flutes available). We would then have to consider 
two rows of studs or an increase in the beam size, since we are already at 100% com- 
posite action. For 14-in. composite metal deck, the usual rib spacing is about 6 in., so 
32 studs could be placed in one row on this beam. 

We will now check deflections. We need to calculate the lower-bound moment of 
inertia, /;,, of the composite beam using the values of Y, = 0.0 in. and Y, = 4.32 in. 
obtained from step 9. Using the lower-bound moment of inertia table fora W14 x 22 
(AISCM, Table 3-20), we obtain J,, = 606 in.* by linear interpolation. 
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The live load deflection is 


A = SWE (5)(0.084)[(30)(12)]}* _ ack 
384EI —- (384) (29,000) (606) 


ere ca 1 in. (close to 1.04 in. therefore, OK) 
360 360 in. (close to lL. in. ererore, 


Since the beam is cambered, the total deflection, A;;, which is the sum of the deflections 
due to superimposed dead load (Wsp, = 0.014 kip/in.), live load (w,, = 0.084 kip/in.) 
and the dead load not accounted for in the camber, is 
An = Asp, + Au + Acor 
SwL' (5)(0.084 + 0.014)[ (30)(12) }* 


An = = + 0.25 in. = 1.46 in. 
7 ~ 384E1 (384) (29,000) (606) os o 
Bh OO os in OK 
= = . 1n. Zi in, 
240 240 


Use a W14 X 22 beam (N = 32 and Camber = | in.) 


Design of Composite Girder G1: 


1. Loads (see Figure 7-25): 


Girder tributary width = 30 ft. 

Factored load, P, = 2 beams X 34.2 kips = 68.4 kips 

Service live load, P;, = 2 beams X 15 kips = 30 kips 

Service superimposed dead load Psp, = 2 beams X 2.5 kips = 5.0 kips 


2. Factored moment, M,, = (68.4 kips) (6.67 ft.) = 456 ft.-kips 
Factored shear, V,, = 70 kips 
3. Assume a = 0.4 ft, 


h, 
t. = Yeon — = (see Figure 7-10) 


1.5 
=5- 2 = 4.25 in. 


a = (0.4)(4.25) = 1.7 in. 
con 5 in., FS = 50 ksi, b = 0.90 


i, P 


a lateral brace point 


ZIN ZIN 
L = 20'-0" 


Figure 7-25 Loading for G1. 
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For d = 16 in., 


3.4M, 
a = 35 lb./ft. 


= vr! a “) (09(s0)( 4 Sa 2) 


WwW 


For d = 18 in., beam weight = 32 Ib./ft. 
For d = 21 in., beam weight = 29 Ib./ft. 


Try aW18 X 35 beam; A, = 10.3 in.” and moment of inertia, J = 510 in.*. 
4. Construction phase strength and deflection check: 


Construction phase factored load, P, = 2 beams X 10.4 kips = 20.8 kips 
Construction phase dead load, Pep, = 2 beams X 6 kips = 12 kips 
Construction phase factored moment, M, = (20.8 kips)(6.67 ft.) 

= 139 ft.-kips (L, = 6.67 ft.) 


From the beam design selection table (AISCM, Table 3-10), we obtain the design 
moment capacity of the noncomposite section: 


M, for W18 X 35 = 220 ft.-kips > M, = 139 ft.-kips OK 


The construction phase dead load deflection of the noncomposite section is 


, ae (12)[(20)(12) }§ 
CDL ~~ 5g (28) (29,000) (510) 


.. No camber is required. 


= 0.40 in. < % in. 


Since no camber is required, the calculated construction phase dead load deflection 
will be added in step 12 to the superimposed dead load and live load deflections, to 
obtain the total load deflection, A,,. 


_ AF, for W18 X 35 = (10.3 in.) (50 ksi) = 515 kips 


Nn 


=Q,, must be = A,F, (Choose a value between 25% A,F, and 100% A,F,.) 
Assume 2Q,, = 515 kips (i.e., 100% composite action). 


fon 


. Effective concrete flange width, b, is the smaller of 


(4)(20 ft.) + (%)(20 ft.) = 5 ft. (60 in.), or <— Controls 
(4)(30 ft.) + (4)(30 ft.) = 30 ft. (360 in.). 


~ 


. Depth of the effective concrete flange is 


0, 515 
“ 0.85f'.b  (0.85)(3.5)(60) 


= 2.89 in. 


[oe] 


. Distance from the top of the steel beam to the centroid of the effective concrete 
flange is 


Yo = Yoo — 05a = 5 — (0.5)(2.89) = 3.55 in. 
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9. Using the composite beam selection table for W18 X 35 (AISCM, Table 3-19) with 
Y, = 3.55 in. and }Q,, = 515 kips, and we obtain 
oM, = 478 ft.-kips > M, = 456 ft.-kips OK, and 
Y, = 0.0 in. = Distance from top of steel beam to PNA. 


10. V, = 68.4 kips. The design shear strength is from Chapter 6 or AJSCM, Table 3-6: 


,V, = ,0.6F,A,C, = (1.0)(0.6)(50)(0.30)(17.7) (1.0) 
= 159 kips > V, = 68.4 kips. OK 


>> 
11. N, = Qn = Number of studs between the points of maximum and zero moments 


QO, 
w,/h, = 3.5/1.5 = 2.33 


From Table 7-1, 


R, = 1.0 
oe OS 


Q, 0.5A. FE. = vg a Fa 
wifi, = (145)!5V/3.5 = 3266 ksi 


2 2 
Q,, = 0.5, ——— } V(3.5)(3266) = (1.0)(0.75)) ——— ]65 
(7079 ) Gaara (7078 ) 


4 
23.6 kips > 21.5 kips 


Or, from AISC, Table 3-21, Q, = 18.3 kips. 
The number of studs between the point of maximum moment and the nearest 
point of zero moment is 
XQ,, 515 


N, O, 715 23.9 .. use 24 studs. 


N, is the number of studs between the point of maximum moment and the nearest 
point of zero moment (within 6’-8” from each end of the girder). 


(6.67 ft.) (12) 
Stud spacing, s = A = 3.33 in. < 36 in. OK 


< 4.5 in. Not good 


The required spacing is too close, so either the beam size needs to be increased, since 
we are at 100% composite action, or two rows of studs could be used, since that 
would effectively double the stud spacing from 3.33 in. to 6.67 in., which is greater 
than the minimum calculated value of 4.5 in. This particular design has a relatively 
high number of studs, so a larger beam size will be selected. Note that a rule of 
thumb is that one shear stud equates to 10 pounds of steel [10]. We will examine this 
relationship later in the design. 


UseaW18 X 46. 
A,F, for W18 x 46 = 13.5 X 50 ksi = 675 kips 


12. 
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From Table 3-19, it can be seen that the design moment for a W18 X 46 is about 
obM,, = 480 ft.-kips (> M, = 456 ft.-kips) at about 25% composite action. We will 
assume 40% composite action. 
xO, (0.4)(675) 
~ 0.85f’.b — (0.85)(3.5)(60) 
Yo = Yoon 0.5a = Sin. 0.5 X 1.52 in. = 4.24 in. 
Y, = 1.61 in. (by linear interpolation) 
20, (0.4) (675) 


= 1.52 in. 


N, = O, = 15 = 12.6... use 13 studs 
(6.67 ft.) (12) 
Stud spacing, s = B = 6.15 in. < 36 in. OK 
> 4.5 in. OK 


Since we have concentrated loads acting on the girder and the maximum moments 
occur at these concentrated loads, N, is the number of studs on the beam from the 
concentrated load location to the point of zero moment (1.e., the ends of the girder). 
Only a nominal number of studs (e.g., 4 studs or studs at 24 in. on center) are typi- 
cally provided between the concentrated loads on the girder, since the moment gradi- 
ent or horizontal shear between these points is negligible. Therefore, the total number 
of studs provided on the girder is specified as N = 13, 4, 13. 


We will now check the deflections. Using values of Y, = 4.24 in. and Y, = 1.61 in., 
in the lower-bound moment of inertia table for W18 X 46 (AJSCM, Table 3-20) we 
obtain the lower-bound moment of inertia for the composite section, I, = 1389 in.*. 
Recall that the service loads on the girder are as follows: 


Pir _ 30 kips Pspr = 5.0 kips Pept = 12 kips 
Construction phase dead load deflection for the W18 X 46 is 
PL (12)[(20)(12)}° 


hen = = = 6.289 in, 
cot = age; ~ (28)(29,000)(712) — 28°" 
Live load deflection: 
PL3 30){(20)(12) 3 
An = = B0)L20)02)] = 0.365 in. 
28EI  (28)(29,000)(1389) 
L  (20)(12) 
= = 97a OK 
360 360 Der 


Total load deflection: 


Ar, = Asp, + Aix + Acor 
PL? (30 + 5.0)(20 x 12) 


Ay = = 
oS ary (28)(29,000) (1389) 


+ 0.285 = 0.71 in. 


The total initial dead load deflection, Acp;, is included here, since no camber was 
specified in step 3. 
L _ (20)(12) 
240 240 


= 15in. > Ay, OK 
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Figure 7-26 Rebar over G1. 


Use aW18 X 46 girder (N = 13, 4, 13). 

See Chapter 12 for floor vibrations. 

AS a comparison, we increased the beam size in lieu of using extra shear studs 
on a smaller beam size. The total increase in beam weight was (46 plf — 35 plf) 
(20 ft.) = 220 lb. The change in the number of required shear studs was 48 — 26 = 
22 studs. Given that one shear stud is equivalent to 10 pounds of steel (see rule of 
thumb on page 315) we have realized some economy in increasing the beam size. 


Determine additional rebar over girders. 


Concrete strength, f’, = 3.5 ksi 
Yield strength of rebar, f, = 60 ksi 


Effective concrete flange width of composite girder, b = 60 in. (see step 6 of the 
girder design) 
Factored load on slab, w, = (1.2)(85 psf) + (1.6)(150 psf) = 0.342 kip/ft.? 
(0.342 kips/ft.) (2.5 ft.)? 
2 
= 1.07 ft.-kips/ft. 
The approximate required area of rebar (in square inches per foot width of slab) can 
be derived from reinforced concrete design principles as 


Maximum negative moment, M,, (neg.) = 


Area of reinforcing steel required, A, ~ M,/4d > A, min., 


where 


d = Effective depth of concrete slab in inches, 

M, is the factored moment in ft-kips/ft width of slab, 

Note: The inconsistency of the units in the equation for A, has already been accounted 
for by the constant, 4, in the denominator. 

d=Y,,.,— 1in. = 5in.— 1 in. = 4in., 

A, min = (0.0018)(12 in.)(Y,,,,) = (0.0018)(12 in.)(5 in.) = 0.11 in.?/ft. width of slab, 
and 
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# 30'-0" + 30'-0" + 
a  —_eaD  ——_T_— 


69k 
[13] 


W14 x 22 C= 1" [32] R = 35kips W14 x 22 C= 1" [32] R = 35kips 


W18 x 461 R 
4] 
20'-0O" 


W14X 22 C=1" 32] R=35kips =] W14 X22 C=1" [32] R= 35kips 


#3@12" O.C. x 7'-0" 
long over girders (typ.) Noles: 


1. Slab is 14" composite metal deck with 3h" 
normal weight concrete (5" total thickness). 


2. Legend: 
C = camber in inches 
[x] number of Vs'x4" headed studs 
R = factored reaction in kips 


Figure 7-27 Shows how the preceding design would be indicated on a framing plan. Note 
that a typical framing plan should show the beam sizes, camber, number of studs, and 
end reaction. 


1.07 ft.-kips 
A, required ~~ : 
(4)(4 in.) 
Therefore, use A, = A, 


s min 


= 0.07 in.”/ft. width of slab <A, min: 


= 0.11 in.7/ft. width of slab. 


Use no. 3 top bars @ 12 in. on centers (0.c.) X 7 ft. long over G1. 

The length of the rebar is a function of the required development length of the rein- 
forcement (see [2], Chapter 12). The required development length of a #3 bar is less than 
24 in. past the point of maximum moment, but is also 12 in. past any point of stress, so 
the total length of the #3 bar is the effective slab width, 60 in. plus 12 in. for each side, 
or 7 ft. long. Figure 7-27 summarizes the floor design for this example. 


7.8 PRACTICAL CONSIDERATIONS 


1. In the United States, composite beams and girders are usually unshored, with the 
deck and the bare steel beam supporting the dead and live loads during the construc- 
tion phase. It is more expensive to shore the beams and girders, but shored construc- 
tion results in smaller size beams and girders. 
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2. 


10. 


11. 


Camber implies the upward bowing of the beam or girder. Steel beams can be cam- 
bered in one of two ways: 


¢ Cold cambering: The unheated beam is forced into the cambered shape by pass- 
ing the beam through guides that have been set at the predetermined radius to 
achieve the specified camber. 


¢ Heat Cambering: Similar to cold cambering except that the beam is heated be- 
fore cambering; heat cambering is the more expensive of the two cambering 
processes. 


For uncambered beams and girders, limit the construction phase dead load deflec- 
tion, Acp;, to L/360 to minimize the effect of concrete ponding. 

Because of concrete ponding, additional concrete is needed to achieve a level 
floor due to the deflection of the floor beams and girders. As concrete is first poured, 
the beams and girders deflect, resulting in more concrete being required to achieve a 
level floor, which in turn results in increased loading, which in turn leads to more de- 
flections, and thus leads to more concrete being required to achieve a level floor. This 
process continues until the beam and girders reaches equilibrium and the floor be- 
comes level. The more flexible the beams and girders are, the greater the effect of 
concrete ponding on the floor system. 


For uncambered beams and girders, add 10% to 20% more concrete dead weight to 
allow for the additional weight that will result from concrete ponding due to the de- 
flection of the steel beam or girder during the construction phase. 


Calculation of the construction phase deflection or the required camber usually as- 
sumes pinned supports for the beams and girders, but some restraint against deflection 
will be provided by the simple shear connections at the ends of the beams and girders, 
and thus, the actual construction phase deflection may be less than calculated. This 
could lead to an overestimation of the required camber, which is not desirable. 


Overestimating the required camber could lead to problems, resulting in a floor slab 
with less than adequate depth at the critical sections. This could lead to inadequate 
cover for the shear studs at these sections. In order to avoid this situation, and to ac- 
count for the restraint provided by the beam or girder connections, it is advisable to 
specify 75% to 85% of the construction phase dead load Acp;, as the required camber. 


Metal decks usually come in widths of 2 to 3 ft. and lengths of up to 42 ft. Specify 
3-span decks whenever possible (i.e., decks that are long enough to span over four or 
more beams in order to achieve the maximum strength of the deck. Avoid single-span 
decks whenever possible; it is more susceptible to ponding and it is not as strong as 
the 2-span or 3-span decks. 


Stud diameters could be % in., % in., or “4 in., but %-in.-diameter studs are the most 
commonly used. 


Where studs cannot be placed at the center of the deck flute, offset the stud toward 
the nearest end support of the beam or girder. 


If the number of studs required in the beam or girder exceeds the number that can be 
placed in each flute in a single row, lay out the balance of studs in double rows start- 
ing from both ends of the beam or girder. 


If the number of studs required exceeds the number that can be placed in every sec- 
ond flute, place the studs in every second flute and add the remaining studs to the 
deck flutes in between, starting from both ends of the beam or girder. This is an alter- 
native to uniformly spacing the studs in every flute throughout the beam or girder. 


Composite Beams 315 


12. A rule of thumb to maintain economy in the balance between adding shear studs and 
increasing the beam size is that one shear stud is equivalent to 10 pounds of steel. 


13. The reactions of composite beams or girders are usually higher than those of compa- 
rable noncomposite beams or girders. Steel fabricators usually design the end con- 
nections for one-half of the maximum total factored uniform load (see AISCM, 
Table 3-6), but this is often not adequate for composite beams or girders. To account 
for the higher end reactions in composite beams or girders, either specify on the plan 
the actual reactions at the ends of the composite beams or girders, or specify that the 
composite beam or girder connections be designed for three-quarters of the maximum 
total factored uniform load. 


14. The effect of floor openings on the composite action of beams and girders is a function 
of the size and location of the openings. Reference[11] provides an analytical approach 
for calculating the effective width of composite beams with floor openings. A conser- 
vative but quick approach for considering the effect of floor openings on composite 
beams is as follows: If the floor opening is located only on one side of the beam, the 
beam is considered as an L-shaped beam for calculating the effective width at the loca- 
tion of the opening, but the beam is still assumed to support the full tributary width of 
the floor on both sides of the beam (less the reduction in load due to the floor opening). 
In the case where there are floor openings at the same location on both sides of the 
beam, the beam is considered to be non-composite at that location, and the load on the 
beam will include the load from the tributary width on both sides of the beam (less the 
reduction in load due to the floor openings). It is recommended that additional rein- 
forcement be added at the edges of the floor openings to control cracking. 
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7.10 PROBLEMS 


ings’, Modern Steel Construction, March 1996, pp. 26-30. 


7-1. Determine the transformed moment of inertia for the sections shown in Figure 7-28. The con- 
crete has a density of 115 pcef and a 28-day strength of 3 ksi. Assume full-composite action. 
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by Hs" bg= 65" 


oe xX 26 


7 


W18 x 50 


a. b. 
Figure 7-28 Details for Problem 7-1. 


7-2. Determine the design strength of the composite section given in Problem 1, assuming full- 
composite action and ASTM A992 steel. Confirm the results with AJSCM, Table 3-19. 


7-3. Determine the following for the section shown in Figure 7-29. The concrete has a density of 145 
pef and a 28-day strength of 3.5 ksi. The steel is ASTM A992. Assume Q,, = 21.5 kips for one 
stud. 


a. Transformed moment of inertia 

b. Design moment strength, 6,M,, assuming full-composite action 
c. Design moment strength, b,M,,, assuming 40% action 
d. 


The number of %-in. ASTM A108 studs required between the points of maximum 
moment required for 100% and 40% composite action 


Confirm the results from b, c and d using the AJSCM tables. 


\ wo xX 62 


Figure 7-29 Details for Problem 7-3. 


7-4. For the beam shown in Figure 7-30, determine the effective moment of inertia and the design 
moment capacity for 40% composite action and compare the results with AISCM, Tables 3-19 
and 3-20. Use f’., = 3.5 ksi and a concrete density of 145 pef. 
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Sp xX 26 


Figure 7-30 Details for Problem 7-4. 


7-5. For the floor framing shown in Figure 7-31, design the composite members B1 and G1. The floor 
construction is 3-in. composite deck plus 3/4-in. normal weight concrete (6% in. total thick- 
ness). The steel is ASTM A992, grade 50 and the concrete has a 28-day strength of 3.5 ksi. De- 
sign for flexure, shear, and deflection, considering dead and live loads. 


HARA Kr Kco 
= &| Service Loads: 
co) S| D = 110 psf 
Bl “| L = 125 psf 

Hq  AKgr ym Kr 


30'-0" 36'-0" 


Figure 7-31 Details for Problem 7-5. 


Student Design Project Problems 


7-6. For the floor framing in the student design project (Figure 1-22), design the typical interior 
floor beams and girders as composite members. 


7-7. Repeat Problem 7-6 for the typical perimeter beams. 


CHAPTER 


Compression Members Under 
Combined Axial and Bending Loads 


8.1 INTRODUCTION TO BEAM-—COLUMNS 
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Structural members that are subjected to combined axial and bending loads are called 
beam-—columns. Beam-—columns could be part of braced frames or unbraced frames (i.e., mo- 
ment frames); the design of these columns will differ depending on whether the building frame 
is braced or unbraced. In this chapter, we will discuss beam—columns in a typical steel-framed 
building. In Chapter 5, we covered the design of columns in pure compression, which rarely 
exists in buildings. Generally speaking, most building columns are actually beam—columns be- 
cause of how they are loaded, so the majority of this chapter will focus on building columns. 


Braced Frames 


In buildings with braced frames, the lateral loads are resisted by diagonal bracing or shear 
walls. Braced frames are also referred to as nonsway frames or sidesway-inhibited frames. 
In braced frames, the beams and girders are connected to the columns with simple shear con- 
nections that have practically little or no moment restraint. The moments in the columns, M,, 
(i.e., no translation moments), are nonsway moments that result from the eccentricity of 
the beam and girder reactions. For these frames, the sway moment, M,, (i.e., lateral translation 
moment), is zero. 


Unbraced Frames 


Unbraced, or moment, frames (also referred to as sway frames or sidesway-uninhibited 
frames) resist lateral loads through bending in the columns and girders, and the rigidity of 
the girder-to-column moment connections. The moments in these frames are a combina- 
tion of no translation moments, M,,, and lateral translation moments, M,. 
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Types of Beam—Columns 


The different situations where beam—columns might occur in building structures are dis- 
cussed in this section. 


Type 1: Columns in buildings with braced frames 
In this case, the moments result from the eccentricity of the girder and beam reactions. 
Therefore, the moment due to the reaction eccentricity is 


M = Pe, 
where e is the eccentricity of the girder or beam reactions as shown in Figure 8-1. 


Type 2: Exterior columns and girts 

For buildings with large story heights (e.g., > 12 ft.), there might not be a cladding system 
that can economically span from floor to floor to resist the wind load perpendicular to the 
face of the cladding; therefore, it may be necessary to use beams in the plane of the cladding 
to reduce the span of the metal cladding. These beams, known as girts, are subjected to 
bending in the horizontal plane due to wind loads perpendicular to the face of the cladding. 
They usually consist of channels, with their webs parallel to the horizontal plane and the toes 
pointing downward. They are often oriented this way so that debris or moisture does not ac- 
cumulate on the member. The channel girts, because of their orientation, are also subjected 
to weak axis bending due to the self-weight of the girt. To minimize the vertical deflection 
due to self-weight, sag rods are used as shown in Figure 8-2. It should also be noted that the 
exterior columns in the plane of the cladding will also be subjected to bending loads from 
the wind pressure perpendicular to the face of the cladding, in addition to the axial loads on 
the column. 


Type 3: Truss chords 


Top and bottom chords of trusses (see Figure 8-3) where the members are subjected to com- 
bined axial loads and bending that could be caused by floor or roof loads applied to the top 
or bottom chord between the panel points of the truss, or moments induced due to the con- 
tinuity of the top and bottom chords, are another type of beam—column. 


Figure 8-1 Type 1 columns in braced frames. 
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Figure 8-2 Wall elevation showing exterior columns, girts, and sag rods. 


Type 4: Hangers with eccentric axial loads 
Hangers with eccentric axial loads where the structural member is subjected to combined 
axial tension and bending are a type of beam—column that occurs in lighter structures, such 
as a catwalk or a mezzanine (see Figure 8-4). 


Type 5: Moment, or unbraced, frames 

Moment frames consist of columns and beams or girders that are subjected to bending 
moments due to lateral wind or seismic loads in addition to the axial loads on the beams 
and columns (see Figure 8-5). 


top chord members in 
combined bending and 
compression 


bottom chord members 
in combined bending 
and tension 


Figure 8-3 Top and bottom chords of trusses. 
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Figure 8-4 Hanger with eccentric axial load. 


moment 
connections 
Fr 
oe 
F, 
ae 


Figure 8-5 Moment, or unbraced, frames. 


8.2 EXAMPLES OF TYPE 1 BEAM—COLUMNS 


In this section, we present several examples of type 1 beam—columns in building structures. 
The connection eccentricities result in unbalanced moments in the columns due to unequal 
reactions from the girders or the beams on adjacent sides of a column. 

Unbalanced moments occur primarily in columns in a building with braced frames (1.e., 
buildings that are braced with masonry shear walls, concrete shear walls, or steel-plate shear 
walls or diagonal bracing such as X-bracing, chevron bracing, or single diagonal bracing). 
The moments in the beam—columns occur due to the eccentricity of the reaction that is trans- 
ferred to the column at the girder-to-column and beam-to-column connections. Thus, mo- 
ments about two orthogonal axes will exist in a typical building column and this will be 
more critical for corner columns and slender columns. The different types of beam or girder- 
to-column connections and the resulting moments due to reaction eccentricities are shown 
in Figures 8-6 through 8-9. 
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W-shape or W-shape 


HSS column 


dorb 


a. connection to column flange b. connection to column web 


Q +2.5" for beams framing 


— 

into column flange 

= , for beams framing 
e= 5 + 2.5" into column web 

_b , for beams framing 
e=9 + 2.5" into face of HSS 


Figure 8-6 Simple shear connection eccentricity. 


1. Simple shear connection eccentricity (see Figure 8-6) 
The majority of the connections in steel buildings are standard simple shear con- 
nections. The eccentricity, e, is the distance between the centerline of the column and 
the location of the bolt line on the beam or girder. 


2. Seated connection eccentricity (see Figure 8-7) 


Figure 8-7 Seated connection eccentricity. 
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Figure 8-8 Top-connected connection eccentricity. 


3. Top-connected connection eccentricity (see Figure 8-8) 
4. End-plate connection eccentricity (see Figure 8-9) 
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For end-plate connections, the connection eccentricity for strong axis bending is 
taken as one-half the distance from the face of the column flange to the centerline of 
the column (see Figure 8-9). The eccentricity for weak axis bending will be one-half 


the web thickness for wide flange columns; this is practically negligible for wide 


flange columns and therefore can be ignored in design. 


a. connection to the column flange b. connection to the column web 


Figure 8-9 End-plate connection eccentricity. 
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8.3 COLUMN SCHEDULE 


Before discussing the design of beam—columns, we introduce a tabular format for pre- 
senting column design information on structural drawings known as a column schedule. 
The column schedule (see Table 8-1) is an organized and efficient tabular format for 
presenting the design information for all columns in a building structure. The informa- 
tion presented typically includes column sizes, factored axial loads at each level, and 
the location of column splices, as well as anchor rod and base plate sizes. Different 
columns in the building with identical loadings are usually grouped together as shown 
in Table 8-1. The lower section of the column schedule show the distance from the 
floor datum to the underside of the column base plate, and the base plate and anchor 
bolt sizes. 

In typical low- to mid-rise buildings, the steel columns are usually spliced every two 
or three floors since the maximum column length that can be transported safely is ap- 
proximately 60 ft. and the practical column height that can be erected safely on the site 
with guy-wire bracing before the beams and girders are erected is also limited. For 
high-rise buildings, it is not uncommon to splice columns every four floors to achieve 
greater economy (see Figure 8-10). See Chapter 11 for further discussion of column 


splices. 


splice every 
other floor 


splice every 
third floor splice every 
fourth floor 


2'-6" for interior columns 
4'-0" for exterior columns 


a. elevation b. details 


Figure 8-10 Column splice locations. 


Table 8-1 Column schedule 


Level (elevations 
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Grid Line 


are top of steel 
or deck bearing) 


Roof +52'-0" 


4th Flr. 


splice location — 
3rd Flr. +26'-0" 


+39'-0" --L-- 


W8 X 24 


W8 X 24 


W8 X 24 


W10 X 39 


W10 x 39 


W8 X 40 


W8 Xx 40 


W10 X 49 


W10 X 49 


2nd Flr. +13'-0" 


Gnd. Flr. +0'-0" 


W8 X 40 
160 kips 


W8 X 40 
160 kips 


W10 X 49 
260 kips 


W10 X 49 
260 kips 


underside of base — 
plate elevation 


8" 


8" 


1'-0O" 


1'=0" 


Base Plate 
BY 


14" 14" x %" 


14" x 14" x %" 


16" 18"x HA" 


16" x 18" x %" 


Anchor rods 


(4)-%4" diam. x 12" 
embedment with 4" 
hook 


(4)-%4" diam. x 12" 
embedment with 4" 
hook 


(4)-1" diam. x 24" 
embedment with 
heavy hex nut 


(4)-1" diam. x 24" 
embedment with 
heavy hex nut 
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8.4 BEAM—COLUMN DESIGN 


The beam-—column design interaction equations from Chapter H of the AISC specification 
for doubly and singly symmetric members subject to biaxial bending and axial load are 
given as follows [1]: 

AISC equation H1-1a is 


fe =020, ~% + S( Mu it )s 1.0: (8-1) 
oP, * oP, 9 b,M,,, 6,M,, > 

AISC equation H1-1b is 

f 200 824 ( Meg oe )s 1.0 (8-2) 
oP, , , 2oP,, b,Mix ,M,,y oe 

where 


P., = Factored axial compression or tension load or the required axial strength, 
oP,, = Compression design strength or tension design strength, 


For compression members in braced frames, bP, is calculated using an 
effective length factor, K, that is typically less than or equal to 1.0; K = 
1.0 is commonly used in practice. 


For compression members in moment frames, dP, is calculated using an 
effective length factor, K, that is typically greater than 1.0; K = 2.1 is an 
approximate value that is commonly used for preliminary design. More 
accurate K-values can be determined using the nomograghs or alignment 
charts (see Chapter 5). 


For tension members, ¢P,, is the smaller of 0.9A,F, 0.75A.F,, or the block 
shear capacity. 
M,,, = Factored bending moment about the x-axis (i.e., the strong axis) of the member, 
M, 


uy — Factored bending moment about the y-axis (i.e., the weak axis) of the member, 
,M,, = Design moment capacity for bending about the strong axis of the member 


(see beam design in Chapter 6), and 


,M,,, = Design moment capacity for bending about the weak axis of the member 
(b,Z,F, =15 ,S,F), where by = 0.9). 


Note that for the case of beam—columns with axial compression loads and bending mo- 
ments, the factored moments about the x—x and y-y axes (i.e., M,,, and M,,,, respectively) must 


include the effect of the slenderness of the compression member (i.e., the so-called P-delta 
effects). This will be discussed in the following sections. 


8.5 MOMENT MAGNIFICATION, OR P-DELTA, EFFECTS 


When an axial compression load is applied to a beam—column that has some initial crooked- 
ness or deflection and is supported at both ends (i.e., nonsway), additional moments are 
produced. This is the first type of P-delta (P-5) effect (see Figure 8-1 1a). 
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Figure 8-11a Moment amplification from P-6 effects. 


Nz 


Summing the moments of the free-body diagram in Figure 8-1 1a about point A yields 


=M, = 0=>M — Ps — (W/2)(L/2) = 0, and it follows that 


WL 
M= “47 + PS. (8-3) 


The WL/4 term in equation (8-3) is the first-order moment, while the second term is known 
as the P-6 moment. The total second-order moment, M, in equation (8-3) can be rewritten as 


M = By[Mini|; (8-4) 
where 


B, = Moment amplification factor due to the column deflection between laterally 
supported ends of the column. This applies to individual beam—columns in 
nonsway frames or braced frames, and 


M 


unt 


= First-order nonsway moments. 
The first-order moment, M.,,,,, may be caused by lateral loads applied between the supported 
ends of the column or due to the eccentricity of beam and girder reactions. 

When an axial compression load is applied to a beam—column that is subjected to rel- 
ative lateral sway at the ends of the member, additional moments are produced due to the 
destabilizing effect of the axial load as it undergoes the relative translation, A. This is the 
second type of P-delta (or P-A) effect and is applicable to beam—columns in moment 
frames. 

Summing the moments of the free-body diagram in Figure 8-11b about point A yields 


=M, = 0 => -M + PA + WL = 0, and 
M = WL + PA. (8-5) 
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Figure 8-11b Moment amplification from P-A effects. 


The WL term in equation (8-5) is the first-order moment, while the second term is the sec- 
ond-order, or P-A, moment. 


Thus, M = B, [Mutr(ist éndeis ls (8-6) 
where 


B, = Moment amplification factor due to lateral deflection of the top end 
of the column relative to the bottom end. This magnification factor is 
applicable to all columns in moment frames for the story under con- 
sideration; and 


Mun (ist order) = First-order lateral sway moments. These moments are caused by wind 
or seismic loads or by unbalanced gravity loads. 


8.6 STABILITY ANALYSIS AND CALCULATION OF THE REQUIRED 
STRENGTHS OF BEAM-COLUMNS 


The AISC specification presents three methods for the stability analysis of building frames 
and the calculation of the required strengths or factored loads and moments in beam—columns. 
These methods are discussed below [1, 2]. 


Leaning Columns 


Leaning columns are beam—columns that are laterally braced by moment frames or other lat- 
eral force-resisting systems in the plane of bending and do not participate in any way in re- 
sisting lateral loads. They possess no lateral stiffness, but depend on the moment frames 


Compression Members Under Combined Axial and Bending Loads 329 


for their lateral support. In designing leaning columns, an effective length factor, K, of 1.0 
is usually assumed; therefore, the axial loads on the leaning columns must be considered in 
analyzing the moment frames that provide lateral bracing to these columns. Yura proposed 
a method for including the effect of leaning columns on moment frames that involves de- 
signing the moment frame columns for additional axial loads in the plane of bending for 
which the moment frame provides lateral support to the leaning columns [3]. The additional 
load on the restraining columns is the total axial load on all leaning columns distributed to 
the moment frame columns. In this text, the distribution of the leaning column axial load to 
the moment frame columns is assumed to be proportional to the plan tributary area of the 
moment frame columns. 


First-Order Analysis (AISC Specification, Section C2.2b) 

A first-order analysis is a structural analysis of a building frame where the effects of geomet- 
ric nonlinearities (or P-delta effects) are not included. The method uses unreduced stiffnesses 
and cross-sectional areas for the columns and girders. The AISC specification allows the first- 
order analysis loads and moments to be used in the design of beam—columns only when the 
factored axial compression loads (or required compression strength) is not greater than 50% 
of the yield strength (i.e., P,, = 0.5 P,) for all members whose flexural stiffnesses are con- 
sidered to contribute to the lateral stiffness of the frame. If this condition is satisfied, an 
effective length factor, K = 1.0 is used for the design of the beam—columns, but the total 
moments must still be amplified by the nonsway moment magnification factor, B,. For all load 
combinations, an additional notional lateral load must also be applied in both orthogonal di- 
rections; this is in addition to any applied lateral loads. This notional load is given as 


N, = 2.1 (A/L)P; = 0.0042 P., 
where 


P, = Cumulative factored gravity load applied at level 7, 

A/L = Maximum ratio of A to L for all stories in the building, 
A = First-order interstory drift due to factored (LRFD) load combinations, and 
L = Story height. 


This method will not be discussed further in this text. 


Amplified First-Order Analysis or the Effective Length Method (AISC Specification, 
Section C2.2a) 
This is an indirect second-order analysis where the first-order moments are amplified by the 
B, and B, moment magnification factors as demonstrated in the previous section. The method 
uses unreduced stiffnesses and cross-sectional areas for the columns and girders, and the 
analysis is carried out at the factored load level. This method is limited to building frames 
where the sway moment magnification factor, B,, does not exceed 1.50. Where B, exceeds 1.50, 
the AISC specification requires that the direct analysis method be used. For braced frames, the 
effective length factor, K, is taken as 1.0, and for sway or moment frames, the effective length 
factor is determined from Figure 5-3 or the alignment charts presented in Chapter 5. Also, 
when B, = 1.1, the columns can be designed with an effective length factor, K = 1.0. 

In addition, this method requires that all gravity-only load combinations include a 
minimum notional lateral load of 0.002 P; applied at each level in both orthogonal direc- 
tions, where P; is the cumulative factored gravity load on the column at the story under 


330 


CHAPTER 8 


consideration. In many practical situations, for the gravity-only load combinations, the 
lateral translation will be small, even with the notional lateral load, except for highly 
asymmetrical frames, so it is practical to assume the nonsway case for the gravity-only 
load combination. Thus, B, can be assumed to be 1.0 and the sway, or translation, 
moment, M/,,, is assumed be negligible for the gravity-only load combinations. 


Direct Second-Order Analysis Method (AISC Specification, Appendix 7) 
In this method, the second-order moments and the axial loads in a moment frame are ob- 
tained directly and explicitly by performing a second-order, or P-delta (P-A), computer- 
aided analysis of the moment frame, taking into account geometric nonlinearities, 
imperfections, and inelasticity [1,2]. Since the design moments obtained from this method 
are actually the second-order moments, M_,, the design of the columns is carried out with 
the moment magnification factors, B,; and B,, taken as 1.0. This second-order analysis must 
include all of the gravity loads tributary to the moment frame being analyzed, including 
the axial loads on any leaning columns. In the direct analysis method, geometric imper- 
fections are accounted for by the application of a notional lateral load, which is usually 
a certain percentage of the gravity loads on the frame, and inelasticity can be taken into 
account by using reduced flexural and axial stiffness for the columns and girders. There 
are no limitations to the use of the direct analysis method. 

Table 8-2 summarizes the requirements discussed above for the three methods of stability 
analysis in the AISC specification. 


Table 8-2. Summary of AISC specification requirements for the stability analysis and 
design of moment frames* 


Amplified 
First-Order Analysis Direct Analysis First-Order 
Method Method Analysis Method 


Limits of Yes No Yes 
Applicability 


Type of structural Approximate second- Second-order analysis First-order analysis 
analysis order analysis 


Member stiffness Gross El and EA Reduced E/ and EA to Gross El and EA 
used in the struc- account for inelastic 
tural analysis behavior 


Is a notional load Yes (for the gravity- Yes (as an 
required? only load combina- additional 
tions) lateral load) 


Effective length Sway buckling effec- 

factor, K, used in tive length factor 

the analysis (K = 1.0). Use 
alignment charts or 
Figure 5-3. 


*Adapted from ref. 2, Courtesy of Dr. Shankar Nair. 


Note: 
E = Modulus of elasticity EA = Axial stiffness 
A = Cross-sectional area El = Bending stiffness 


| = Moment of inertia 
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8.7 MOMENT MAGNIFICATION FACTORS FOR AMPLIFIED 
FIRST-ORDER ANALYSIS 


In this text, the amplified first-order analysis will be used for the stability analysis of beam— 
columns in moment frames. The equations for calculating the moment magnification factors, 
B, and B,, according to the AISC specification will now be presented. 


Nonsway Moment Magnification Factor, B, 


The nonsway moment magnification factor, B,, is calculated as follows from the AISC 
specification: 


Bs 2 ig, (8-7) 


where the elastic buckling load of the column, P..,, is calculated as 


- wEA 
Py = (x) (8-8) 


r 


where KL/r is the slenderness ratio about the axis of bending. 


Alternatively, P,;, and P,,, can also be obtained for W-shapes from the bottom rows of the 
column load tables in Section 4 of the AISCM (AISCM, Table 4-1) as follows: 


10* 
P.,,1n kips = x Corresponding value from the column load tables, (8-9) 


(KL)? 


where 


KL is in inches in equation (8-9), 
K = 1.0 (a practical value of K for columns in braced frames = 1.0), and 


A = Gross cross-sectional area of the beam—column. 


The moment reduction coefficient, C,,, used in equation (8-7) accounts for the effect of 
moment gradient in the column, and is obtained as follows: 


1. For beam—columns with no transverse loads between the supports, 


M, 

C,, = 06 - 04—, (8-10) 
M, 

where 

M, _ Absolute ratio of bending moment at the ends of the member (M, is the 


M, — smaller end moment, M,j is the larger end moment) 


= —ve for single-curvature bending (see Figure 8-12a), and 


= +ve for double-curvature bending (see Figure 8-12a). 
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/ 
C,, = 1.0 


7H 


py" , 
P 


Figure 8-12b Beam-columns 


Figure 8-12a Single- and double-curvature 
with transverse loads. 


bending. 


Examples of columns that are subjected to double-curvature bending include exterior 
columns and columns in moment frames; for these columns, the maximum possible 
C,, value from equation (8-10) is 0.6. In addition, the exterior and interior columns at 
the lowest level of a building will also have a maximum possible C,, value of 0.6 if 
the bases of the columns are pinned. On the other hand, interior columns above the 
ground-floor level may be subjected to single-curvature or double-curvature bending, 
depending on the live load pattern on the beams and girders at the floor levels coin- 
ciding with the top and bottom of the column. The maximum possible C,, value for 
these interior columns is 1.0. For beam—columns with transverse loads between the 
supports, C,, = 1.0, as shown in Figure 8-12b. Single and double curvature bending 
is illustrated in Figure 8-12a. 
Since several combinations of column end moments, M, and M3, are possible, 

C,, can take on many different values for the same column, depending on the load 
combinations considered at floor levels at the top and bottom of the column. To 
simplify the determination of the C,, factor, and because B, is almost always 1.0 for 
many practical cases, the suggested approximate values for C,,,, as depicted in 


Figure 8-13, can be used [4, 5]. 


Sway Moment Magnification factor, B,, 
for Unbraced or Moment Frames 


The sway moment magnifier, B,, is calculated for all columns in each story of a moment 
frame using the approximate AISC specification equation in equations (8-1 1a) and (8-11b). 
Thus, all columns in a given story will have the same sway magnification factor. 


1 
A= —_ 15, (8-1 1a) 
P 
l—-a > “ 
SPs 
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moment 
connections 


C,, = 0.85 


a. moment frame 


b. braced frame 


bd mh RE 


C,=10 C,=085 C,=085 C,=1.0 


Actual value varies between 
0.2 and 1.0 


Figure 8-13 Approximate values of C,,. 


or 
B } = 1.0 (8-11b) 
Aon =P,, > : 
L SH 
where 


>P,, = Sum of the factored loads for all columns in the story under consideration, 
=P.» = Sum of the buckling capacity for all columns in the story under consideration 
TEA : 
= > ——~ for all columns in the story, (8-12) 
(KL/r)° 
a = 1.0 (LRFD) 
YH = Factored horizontal or lateral shear in the story under consideration, 
L = Story or floor-to-floor height of the moment frame, 
A,n = Interstory drift caused by the factored lateral shear, 2H, and 


A 
a = Drift limit for factored loads (typical values range from 1/500 to 1/400). 


334 


CHAPTER 8 


For practical situations, the drift index, or limit, can be assumed to be 1/500 for lateral wind 
loads—which is an interstory drift limit commonly used in design practice to satisfy servicea- 
bility requirements under wind loads. Since factored gravity and lateral loads are used in equa- 
tion (8-11b), the drift limit should be modified to the factored load level. Therefore, a drift limit 
of 1/(500/1.6), or 1/312, may be used at the factored load level for moment frames subjected to 
wind loads. For seismic loads, the drift limits given in Table 12.12-1 of the ASCE 7 load speci- 
fication should be used [6]. Note that equation (8-11b) is more convenient to use than equation 
(8-1 1a) because the column and girder sizes do not have to be known to use this equation. 

The effective length factor, K, for moment frames is typically greater than 1.0. A prac- 
tical value of the effective length factor, K, for moment frames is 2.1 from Figure 5-3, but more 
accurate values of K can be obtained using the alignment charts presented in Chapter 5. 


Total Factored Moment, M,,, in a Beam—Column 


The total factored second-order moment or required moment strength is 
M, = B, Mian + By Mur (8-13) 
where 


M 


unt 


= Factored moments in the beam—column when no appreciable sidesway 
occurs (nt = No translation), and 


The M,,, moments are caused by gravity loads acting at the simple-shear 


beam-to-column connection eccentricities. 
M,,, = Factored moments in the beam—column caused by 

e Wind or earthquake loads on the frame, 

e The restraining force necessary to prevent sidesway in a symmetrical 
frame loaded with asymmetrically placed gravity loads, and 

e The restraining force necessary to prevent sidesway in an asymmetrical 
frame loaded with symmetrically placed gravity loads. 

(Jt = Lateral translation) 


For most reasonably symmetric moment frames, the M,,, moments are caused 
only by lateral wind or seismic loads. 


We can rewrite the previous M,, equation for the x- and y-axes of bending as follows: 


Mx and (8-14a) 


My = By Many + Boy Miny, respectively. (8-14b) 


uy 


> Bi, Munex + By, Muir 


Note that for braced frames, there are no lateral translation moments; therefore, 


Matix _ 0 and Muy = 0. 


8.8 UNBALANCED MOMENTS, My7, FOR COLUMNS IN BRACED 


FRAMES DUE TO THE ECCENTRICITY OF THE GIRDER 
AND BEAM REACTIONS 


Unbalanced moments occur in columns due to differences in the reactions of adjacent 
beams and girder spans that frame into a column (see Figure 8-14). Differences in the 
girder and beam reactions may occur due to differences in the span and loading, or it may 


L, 
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beam or 
girder 


Left 


(1) Prost 


Left 


(2) Pro 


Left 


(1) Px (D+L) 


Left 


(2) Px) 


beam or 
girder 


Left 


(1) Pxp4+1) 


Left 


(2) Px) 
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Roof 
Right : _ plet Right 
(1) Prp+t) Case 1: Pr = Pro+b + Prost 
= Right pit 
My = CS Peale 
(2) P Right 
BOTH) Cc 2: P Right At pi 
ase R — F RD+L) R(D) 
= Right Left 
Mz = Poa Paes 
3rd Floor 
Right . = Left Right Left Right 
(1) P3042) Case 1: P3 = Prt) + Prorn + Pasir + Pain 
_ Right pit 
M, = (Psp — Pl 
2 pkisit 
( ) Dah) Left Right Right Left 
Case 2: P3 = Prosi) + PRo+1) + Pxps1) + Px) 
_ Right Left 
M; = ee ~ Pxp)es 
beam or 
girder 
—————— 1 
Righ 
(1) Pxpsz 2nd Floor 
2D+L) Left Right Left Right Left Right 
Case 1: P, = Pros + Pr (+L) + Pxp+1) + Pxp4+1) + Prp+1) a2 Pxp41) 
Right a Right pie 
(2) Pxp4+1) M, = = Pe 
7 = Left Right Left Right Right Left 
Case 2: P, = Prosi + Pros + Paps + Pao+1) + Prao+n + Pay 
Righ Left 
M, = (Pass a Pope 


Load Case 1 maximizes axial load on column 


Load Case 2 maximizes unbalanced moment on column 


Figure 8-14 Axial loads and unbalanced moments in columns. 


occur due to the skipping of live loads. Ordinarily, live load skipping should be considered 
simultaneously at the top and bottom of each column; however, this results in many pos- 
sible load cases. 

To minimize the number of load cases, the authors have chosen in this text to consider 
two load cases that will give conservative results. Load case 1 maximizes the factored axial 
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load on the column and load case 2 maximizes the unbalanced moments about both orthog- 
onal axes of the column. This is accomplished by placing or removing the entire live load 
from the beams and girders framing into the column in order to achieve the maximum ef- 
fect. It should be remembered that the dead load always remains on the beams and girders 
at all times, and only the live load may be skipped. It is also assumed that the unbalanced 
moment at one end of a column is not affected by the unbalanced moment at the other end. 

In calculating the axial loads and unbalanced moments for columns in braced frames 
as shown in Figure 8-14, the following should be noted: 


e All loads are factored and the factored load combinations from Chapter 2 should be 
used. 


e The loading conditions shown are for a three-story building, but could be applied to a 
building of any height. 

e In summing the column loads, the maximum factored dead plus live loads from the 
floors/roof above must be included using the appropriate load combinations as indi- 
cated in Table 8-3. 


e The moments in Figure 8-14 are the M,,,, moments at each level; it should be noted 
that the moments are not cumulative as are the axial loads. The M,,,, moments at any 
level are caused by the unbalanced reactions from the beams and girders framing into 
the column at that level. 


e The factored axial loads at each floor level are defined as follows (note that these are 
not the cumulative axial loads): 


Proogp+t = 1.2Proo¢ pt + 1.6(Pr, or Ps or Pr) 


Proof D -_ 1.2P roof Di 


Pansy = 1.2P 3p, + 1.6P3, 
P3p = 1.2P 3p, 


Pops = 1.2P op, + 1.6P 3, 
Pop = 1.2P op, 


where 


DL = Service or unfactored dead load, 
L = Service or unfactored live load, 


L, = Unfactored roof live load, 


Table 8-3 Applicable load combinations for cumulative axial load in columns 


Cumulative Axial Applicable Load Combination 
Level load in Column for Cumulative Axial Load 


Roof level 1.2D + 1.6 (L, or S or R) 


nth floor 1.2D + 1.6L + 0.5 (L, or S or R) 


Third floor 1.2D + 1.6L + 0.5 (L, or S or R) 


Second floor 1.2D + 1.6L + 0.5 (L, or S or R) 
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S = Unfactored snow load, 

R = Unfactored rain load, 

D = Factored dead load, 

D+L = Factored dead plus live load, 
P 


P, = Factored axial load at the third-floor level, and 


= Factored axial load at the roof level, 


roof 


P, = Factored axial load at the second-floor level. 


Moment Distribution Between Columns 


The distribution of no-translation moments (i.e., moment split) between the columns 
above and below a given floor level (see Figure 8-15) is a function of the following fac- 
tors: the continuity of the column and the type of column splice (if any), the floor-to-floor 
heights, and the moments of inertia of the columns above and below the floor level. The 
column just below the roof level has to resist 100% of the unbalanced moment at the roof 
level because there is no column above the roof level with which to split the unbalanced 
moment. 


Roof 
eS | | 
M Roof 
L; 
El, 
M 3(Top) 


3rd 


| 
| 


M3 B01) 


M 2(Top) 
2nd 


| 
| 


Mo Bor 


Figure 8-15 Distribution of M,; moments in 
columns. 
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Roof: 
M = Myoot 


Third Floor: The total column moment is split between the columns above and below the 
third floor, based on the ratio of the column stiffnesses as follows: 


To simplify the analysis, it can be assumed that [,,,, (or 45) = [,,, (or J;). For practical situations, 
there is not much loss in accuracy with this assumption. In fact, this assumption is widely 
used in practice in the design of steel buildings. Therefore, the moment split between the upper 
and lower columns at a floor level is inversely proportional to the length of the columns. 


= Mop 1/L; 
Moor 1/L, 
M; ~ M3z0p + M3por 


( 1/L, 
1/L, + 1/L,) ° 
Morop = M3; — Mygpy, 


Second Floor: 


( 1/L, 
M, 

1/L, + 1/L, 

Mo rop = My — Mypo,, 


M. 2bot ~ 


where 
M3,., = Column moment just below the third-floor level, 
M3,» = Column moment just above the third-floor level, 


Moy, = Column moment just below the second-floor level, and 


M>,., = Column moment just above the second-floor level. 


EXAMPLE 8-1 


Design of Beam—Columns in a Braced Frame 


The typical floor and roof plans for a three-story braced-frame building are shown in Figures 8-16 and 8-17, 
respectively. The beams and girders are connected to the columns with simple shear connections (e.g., double angles 
or shear plates). Design columns C1 and C2 for the gravity loads shown assuming a floor-to-floor height of 10 ft. 
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ee 


30'-0" 30'-0O" 


Floor Loads 


Dead load = 85 psf 
Live load = 150 psf 


Factored roof load: 
w, = (1.2)(85) + (1.6)(150) = 0.342 ksf 


Service roof load: 
Wypiz) = 85 + 150 = 0.235 ksf (Dead + Live) 
W,y) = 150 = 0.150 ksf (Live) 


Factored roof dead load: 
Ww) = (1.2)(85) = 0.10 ksf 


Figure 8-16 Typical floor plan. 


SOLUTION 


The first step in the solution process is to determine the governing moments and the factored cumulative axial 
loads at each level of the column for the two load cases considered (i.e., load cases 1 and 2) in Figure 8-14. 


Load Calculations for Column C1 


All Loads are Factored 
(continued) 
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2OzZ0u 


20201 


30'-0O" 


Roof Loads 


Dead load = 30 psf 
Live load = 35 psf (Snow) 


Factored roof load: 


RG1 


Cl 
ye 


(C2 
ane 


30'-0" 


w, = (1.2)(30) + (1.6)(35) = 0.092 ksf 


Service roof load: 


Wypsz) = 30 + 35 = 0.065 ksf (Dead + Snow) 


W,a) = 35 = 0.035 ksf (Snow) 


Factored roof dead load: 
Wp) = (1.2)(30) = 0.036 ksf 


Figure 8-17 Roof plan. 


Loads to Column C1 at the roof level (See Figures 8-18 and 8-19) 


Girder and Beam Eccentricities: 


e, girders 


e, beams 


= 2% in.+ 4 Column depth 


= 24 in. + 4 (8 in.) Assuming a minimum W8 column 


= 64 in. = 0.54 ft. 


= 24 in. + 4 Column web thickness 


= 2% in. + % (0.5 in.) assumed 
= 2.75 in. ~ 0.25 ft. 


Geen 


typ. 


(om 


typ. 
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Wp) = 0.24 kips/ft. 


Wyp+1) = 9.613 kips/tt. Wp) = (0.036 ksf)(6.67') = 0.24 kips/ft. 


Wyp+L = (0.092 ksf)(6.67') = 0.613 kips/ft. 
RB1 _ Wap (0.24)(30) _ 
ts =3.6kips ’o= 9 5 3.6 kips 
L=30' Ro+1 = 9.2 kips ' Wuorwk _ (0.613)30) _ 
ar i ee = = = 9. 
Tributary width = 6'-8" = 6.67' a 2 2 ae 
og es Pup) = (3.6 kips)(2) = 7.2 kips 
Pyp+1 = 18.4 kips Pups = 9.2 kips)(2) = 18.4 kips 
RG1 
Rp = 7.2 kips 
L= 20" lspci = 18.4 kips 
Figure 8-18 Calculation of roof beam and girder reactions to C1. 
Pp) = 7.2 kips roof level 
Pq) = 11.2 kips 
Panay Ue Kips \, 
ae Pvp) = 3.6 kips 
Pay = 5.6 kips 
J Paw = 9.2 kips 


a 74 


P. 
Py) = 5.6 kips 
P 


: = 9.2 kips Ne 
ie P yp) = 7.2 kips 


Pq) = 11.2 kips 
Pup+t = 18.4 kips 


Figure 8-19 Reactions of roof beams and girders framing into 
column C1. 


(continued) 
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W8 is the minimum wide-flange column size typically used in design practice. Smaller column sizes are not fre- 
quently used because the flange width of these columns do not provide enough room to accommodate the double- 
angle connections used to connect the girders to the columns. Where the girders are connected to the columns 
using shear tabs or plates, a column size smaller than W8 X 31 may be used provided that it is adequate for re- 
sisting the applied loads and moments. 


Factored Loads: 


w, = 0.092 ksf(6.67 ft.) = 0.613 kips/ft. 
Wyp) = 0.036 ksf(6.67 ft.) = 0.24 kips/ ft. 
Pp = 3.6kips (2 beams) = 7.2 kips 
Ppiy = 9.2 kips (2 beams) = 18.4 kips 


Load Case 1: The axial load is maximized. 


la oy A QV) oF 18.4 + 18.4 = 55 kips 
(P®or +1 beams) (P“ py 1, beams) (P® py . 1, girders) (P"pz, 1, girders) 
My» = (18.4 — 18.4)(0.54 ft.) = 0 ft.-kips 
t (e, girder) 
Moon = (9.2 — 9.2)(0.25 ft.) = 0 ft.-kips 


t (e, beams) 


le = 55 kips 
M,,.. = 0 ft.-kips 
MM, — Ott kips 


For this case, the column is designed for axial load only, since the moments are zero. 


Load Case 2: The moments at this floor level are maximized. 


LP afi = 92 =k 3.6 =F 18.4 a 7.2 = 38 kips 
(P®o. + beams) (Pp, beams) (P*p, +11 girders) (Pp, girders) 

Mix = (18.4 = 7.2)(0.54 ft.) = 6 ft.-kips 

View = (9.2 = 3.6)(0.25 ft.) = 1.4 ft.-kips 

P = 38 kips 

Mx. = 6 ft.-kips 

Whos, = MAN iii Syeis 


For this load case, the column is designed or checked for combined axial load plus bending. 

The reader can observe that the column moments at the roof level are resisted solely by the column below the 
roof level since there is no column above this level. For the roof loads that will be cumulatively added to the floor 
loads below, the appropriate load factor must be applied to the live loads. Recall that the load combination 
1.2D + 1.6 (ZL, or S or R) applies only to the column load at the roof level only. For cumulative loads at the lower 
levels, the applicable load combination is 1.2D + 1.6L + 0.5 (L, or S or R). Therefore, the contribution from the 
roof level to the cumulative loads at the lower levels (i.e., third- and second-floor levels) is 


Proop = 1.2D + 0.5 (L, or S or R) = 7.2 + 7.2 + 3.6 + 3.6 + 0.5 (11.2 + 11.2 + 5.6 + 5.6) = 38.4 kips. 
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Loads to Column C1 at the Third Floor: (See Figures 8-20 and 8-21) 


Girder and Beam Eccentricities: 


e,girders = 2/in. + 4 Column depth 
= 24 in. + 4 (8 in.) assuming minimum W8 column 
= 64 in. = 0.54 ft. 


e; beams = 24% in. + %-in. Column web thickness 
= 2% in. + % (0.5 in.) assumed 
= 2.75 in. ~ 0.25 ft. 


Factored Loads: 
w, = 0.342 ksf (6.67 ft.) = 2.3 kips/ft. 
Wp) = 0.10 ksf (6.67 ft.) = 0.67 kips/ ft. 
Pp = 10kips(2beams) = 20 kips 
Pps, = 35 kips(2beams) = 70kips 


Moment Split in the Column: 


( 1 “— ie, 


M3po1 a M3; L, = 10 ft. and L, = 110 mi, 


( 1/10 
1/10 ft. + 1/10 ft. 
= 05 i, 


Load Case 1: The axial load is maximized. 


P; 


384 + (35 + 35) = (70 + 70) = 248 kips 
(max Pyoop) (Pox+1 beam) (Por +1 beam) (Pir+u girder) (Ppr+u girder) 


M3... = (70 — 70) X e; girder = 0 kips (0.54 ft.) = 0 ft.-kips 
M;,,, = (35 — 35) X e; beam = 0 kips (0.25 ft.) = 0 ft-—kips 
P, = 248 kips 

Moporn-~ = 0.5(0 ft.-kips) = 0 ft.-kips 

Meron) = 0-5(OTL-kips) — Oit-kips 


For this load case, design the column for axial load only since we have zero moments. 


Load Case 2: The moments at this floor level are maximized. 


P, = 384+ (35 ar I) (70 + 20) = 173 kips 
(max Pyooe) (P*pn +12 beam) (Pp, beam) (P®p, +11 girder) (P"p, girder) 

M,,., = (70 — 20) X e; girder = 50 kips (0.54 ft.) = 27 ft.-kips 

Wore, = (35 — 10) X e3 beam = 25 kips (0.25 ft.) = 6.3 ft.-kips 
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Wp) — 0.67 kips/ft. 


Wp) = (0.10 ksf)(6.67') = 0.67 kips/ft. 
= 2.3 kips/ft ms 
WADED area a Wyp+1) = (0.342 ksf)(6.67') = 2.3 kips/ft. 
Wank _ (0.67)(30) _ Z 
Bl » D D) 
Rp = 10 kips a Wup+ pe = (2.3)(30) = P 

| L=30! Roz = 35 kips Rov. 2 2 So taps 
ro ——— ea oo 


Tributary width = 6'-8" = 6.67' 


Pyp) = 20 kips Pp = (10 kips)(2) = 20 kips 
| | Pypo+y = 70 kips Pups = (35 kips)(2) = 70 kips 


S) Rp = 20 kips 
Rp. = 70 kips 
L=20' D+L p 
OX SSS Se 


Figure 8-20 Calculation of floor beam and girder reactions to C1 at the third floor. 


Pp) = 20 kips 3rd floor 
Pua) = 50 kips 


IP = 70 ki 
u(D+L) BS | Pa —a10) kips 


Py = 25 kips 
Y Prost = 35 kips 
i 
Pp) = 10 kips 


Pq) = 25 kips 


wo+n) = 35 Kips Pp) = 20 kips 


Py) = 50 kips 
Pyp+p = 70 kips 


Figure 8-21 Reactions of floor beams and girders framing 
into the column C1 at the third floor. 
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The moment at the third-floor level will be distributed between the columns above and below that level in a ratio 
that is inversely proportional to the length of the columns. Therefore, the load and moments on the column just 
below the third-floor for load case 2 are calculated as 


Ps = 173 kips 
Mo3potx-x = 0.5(27 ft.-kips) 14 ft.-kips 
Mypory-y = 0.5(6.3 ft.-kips) = 3.2 ft.-kips 


Design or check the column for combined axial load plus bending. 
The 0.5 term in the above equations for moment is the moment distribution factor. 


Loads to Column C1 at the Second Floor: (See Figures 8-22 and 8-23) 


Girder and Beam Eccentricities: 


e, girders = 2% in. + 4 (Column depth) 
= 24 in. + 4 (10 in.) assuming W10 column 
= 7.5 in. = 0.63 ft. 


e, beams = 24% in. + 4 (Column web) 
= 2% in. + % (0.5 in.) assumed 
= 2.75 in. ~ 0.25 ft. 


hoa USI Sas Wyp) = (0.10 ksf)(6.67') = 0.67 kips/ft. 
Wuo+1 = 2.3 kips/ft. Wyp+1) = (0.342 ksf)(6.67') = 2.3 kips/ft 


_ tank _ (0.6730) _ 


0 kips 


BI 2 2, 2 
Ry = 10 kips W,, 2.3)(30 
D Pp = w+DL = (2.3)(30) <a 


Lh = 20 Rp+, = 35 kips Row Dy) 2 
Tributary width = 6'-8" = 6.67' 


Py) = 20 kips Pi) = C0 kips)(2) — 20 kips 
Pyo+1 = 10 kips Ppp = (35 kips)(2) = 70 kips 
Gl Ry = 20 kips 
Rp, = 70 kips 


L = 20! 
Figure 8-22 Calculation of floor beam and girder reactions to C1 at the second floor. 
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Pp) = 20 kips 2nd floor 
Pu = 50 kips 
Pyp+p = 70 kips oY Ee a es 
Pq) = 25 kips 
Paw = 35 kips 
Bu 


Pp, = 10 kips A 


Pq) = 25 kips he 
Pps) = 35 kips 
eae P Pp) = 20 kips 


Pq) = 50 kips 
Pxw+p = 70 kips 


Figure 8-23 Reactions of floor beams and girders framing 
into column C1 at the second floor. 


Factored Loads: 


w, = 0.342 ksf(6.67 ft.) = 2.3 kips/ft. 
Wyp) = 0.10 ksf(6.67 ft.) = 0.67 kips/ft. 


Pp, = 10kips(2beams) = 20 kips 
Ppr+i, = 35 kips (2 beams) = 70 kips 


Moment Split in Columns: 


( iby 
fly ae Wilby 


( 1/10 ft. 
1/10 ft. + 1/10 ft. 


= 0.5M, 


Moor = J, where L, = 10 ft. and L, = 10 ft. 


Load Case 1: The axial load is maximized. 


P, =248+ (35 + 35) + (70 + 70) = 458kips 
(max P3) (P®py +11 beam) (Pp, +11 beam) (P*py +11 girder) (P*p, +11 girder) 

M,,.. = (70 — 70) X e, girder = (0 kips)(0.63 ft.) = 0 ft.-kips 

M,., = (35 — 35) X e, beam = (Okips)(0.25 ft.) = 0 ft.-kips 
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P, 458 kips 
Moon = 0.5(0 ft.-kips) = 0 ft.-kips 
Mypon-y = 0.5(0 ft.-kips) = 0 ft.-kips 


For this load case, design the column for axial load only. 
Load Case 2: The moments at this floor level are maximized. 


P, = 248 + (35 + @) a (ie + 20) = 383 kips 
(max P;) (P®p, 4. beam) (P'p, beam) (P®p, «1, girder) (Pp, girder) 

= (70 — 20) X e, girder = (50 kips)(0.63 ft.) = 32 ft.-kips 

= (35 — 10) X e; beam = (25 kips)(0.25 ft.) = 6.3 ft.-kips 


| 


The moment at the second-floor level will be distributed between the columns above and below that level in a 
ratio that is inversely proportional to the length of the columns. Therefore, the load and moments on the column 
just below the second-floor for load case 2 are calculated as 


ip) 383 kips 
Mo) — 05(32 tt -kips))— 916 ft,-kips 
Moyo» = 0.5(6.3 ft.-kips) = 3.2 ft.-kips 
Design or check column for combined axial load plus bending. 


The 0.5 term in the above equations for moment is the moment distribution factor. The summary of the fac- 
tored loads and moments for column C1 is shown in Table 8-4. 


Table 8-4 Summary of factored loads and moments for column C1 


| Load Case 1 Load Case 2 


P = 55 kips P = 38 kips 
M1 = 0 ft.-kips M44 = 6 ft.-kips 


My = O ft.-kips M,., = 1.4 ft.-kips 


ry 

Third Floor P = 248 kips P = 173 kips 
M3pot—~% = 0 ft.-kips M3por% = 14 ft.-kips 
Mopotyy = O ft.-kips Mapotyy = 3.2 ft.-kips 

Second Floor P = 458 kips = 383 kips 


Mpbotm = 0 ft.-kips Mopote = 16 ft-kips 


Mopotyy = 9 ft.-kips Mopoty = 3.2 ft.-kips 
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Load Calculations for Column C2 

All loads are factored. 
Loads to Column C2 at the Roof Level: (See Figures 8-24 and 8-25) 
Girder and Beam Eccentricities: 

e, girders = 24 in. + 4 (Column depth) 


= 24 in. + 4 (8 in.) assuming minimum W8 column 
= 64 in. = 0.54 ft. 


Wp) = 0.24 kips/ft. 
Wup+1) = 0.613 kips/ft. Wp) = (0.036 ksf)(6.67') = 0.24 kips/ft. 


rit rt 1 it 7 Wypst, = (0.092 ksf)(6.67') = 0.613 kips/ft. 


Wyo _ (0.24)(30) _ 


RBI Ry =3.6kips pp — 3.6 kips 
R, = 5.6 kips De Oe 2 2 
San R11, = 9.2 kips Wyupenl  (0.613)(30) 
30 Pe ae ae = 9.2 kips 
Tributary width = 6'-8" = 6.67' 2 2 
< uD) = ae Pp) = (3.6 kips)(2) = 7.2 kips 
OD) eee MIDS Psy = (9.2 kips)(2) = 18.4 kips 
Rp = 7.2 kips 
Bact R, = 11.2 kips 
Ry = 18:4 Kips 
L=20' D+L Pp 


Wp) = (0.036 ksf)(3.84') = 0.14 kips/ft. 


= 0.14 kips/ft. 
mks ADS Wyp+1 = (0.092 ksf)(3.84') = 0.36 kips/ft. 


Wyp+L) — 9.36 kips/ft. 


ee 2 a a a eae Wuplk  (0.14)(30) 
Rp =——— = = 2.1 kips 


D D 
RSB1 Ry = 2.1 kips Wyorpl — (0.36)(30) 
Re oO kips = pe = ares Oo LIPS 
L = 30' Rene = 58) kips 


Tributary width = 3'-10" = 3.84' 
Figure 8-24 Calculation of roof beam and girder reactions to C2. 
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Pyp) = 7.2 kips Loy 
Pry = LI kaps 
IP = 18.4ki 
Ke m \, Pp) = 2.1 kips 
Pq) = 3.2 kips 
van Pepsn = 5.3 kips 
RSB1 ma RSB1 
Pp) = 2.1 kips 
Pay = 3.2 kips 


Po+t) = 5-3 kips 


Figure 8-25 Reactions of roof beams and girders framing into 
column C2. 


e, beams = 2% in. + % (Column web thickness) 
= 24 in. + % (0.5 in.) assumed 
= 2.75 in. = 0.25 ft. 


Factored Loads: 


w, = 0.092 ksf (6.67 ft.) = 0.613 kips/ft. 
W,p) = 0.036 ksf (6.67 ft.) = 0.24 kips/ft. 
Py = 3.6kips (2 beams) = 7.2 kips 

Pps, = 9.2 kips (2 beams) = 18.4 kips 


For perimeter or spandrel beams, the tributary width, TW = (6.67 ft./2) + 0.5-ft. edge distance = 3.84 ft. 


Therefore, the factored loads on the spandrel beam are 


w, = 0.092 ksf (3.84 ft.) = 0.36 kips/ft. 
W,p) = 0.036 ksf (3.84 ft.) = 0.14 kips/ft. 


Load Case 1: The axial load is maximized. 


Lage = eRe) ar 33 Rae 184 + 0 = 29 kips 


(P¥or +1 beams) (Pp, +1, beams) (P*p, + 11 girders) (Pp, +1 girders) 
Mix = (18.4 = 0)(0.54 ft.) = 10 ft.-kips 
t(e,, girder) 


My. = (5.3 — 5.3)(0.25 ft.) = 0 ft.-kips 
t (e, beams) 

IP = 29 kips 

Mx = 10 ft.-kips 

M,,-, = O ft.-kips 
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For this case, the column is designed for axial load plus bending. (ouiaaed) 
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Load Case 2: The moments at this floor level are maximized. 
mg = 53) ae Dl + 0 = 26 kips 
(P¥or +1 beams) (P*p, beams) (P*p, +1, girders) (Pp, girders) 
My» = (18.4 — 0)(0.54 ft.) = 10 ft.-kips 


M.., = (3.3 = 2.1)(0.25 ft.) = 1.0 ft.-kips 
IP = 26 kips 

Mx = 10 ft.-kips 

M,,-y = 1.0 ft.-kips 


For this load case, the column is designed or checked for combined axial load plus bending. 

The column moments at the roof level are resisted solely by the column below the roof level because there is 
no column above that level. For the roof loads that will be cumulatively added to the floor loads below, the ap- 
propriate load factor must be applied to the live loads. Recall that the load combination 1.2D + 1.6(L, or S or R) 
applies only to the column load at the roof level only. For cumulative loads at the lower levels, the applicable load 
combination is 1.2D + 1.6L + 0.5(L, or S or R). Therefore, the contribution of the roof level to the cumulative 
loads at the lower levels (i.e., third- and second-floor levels) is 


Pog = 12D 03(L, or Sock) = 72 2.1 42.1 05112 6 3.2 4° 3:2) 
= 20.2 kips 


Loads to Column C2 at the Third Floor: (See Figures 8-26 and 8-27) 


Girder and Beam Eccentricities: 


e3 girders = 24 in. + 4 (Column depth) 
= 24 in. + 4 (8 in.) assuming minimum W8 column 
= 64 in. = 0.54 ft. 


e; beams = 24% in. + % (Column web thickness) 
= 2% in. + % (0.5 in.) assumed 
= 2.75 in. ~ 0.25 ft. 


Factored Loads: 


w, = 0.342 ksf (6.67 ft.) = 2.3 kips/ ft. 
Wp) = 0.10ksf (6.67 ft.) = 0.67 kips/ft. 


For the reactions for girder G1, refer to the load calculations for column Cl. 
For perimeter or spandrel beams, the tributary width, 


TW = (6.67 ft./2) + 0.5-ft. edge distance = 3.84 ft. 
Therefore, the loads on the spandrel beams are 


w, = 0.342 ksf (3.84 ft.) = 1.32 kips/ft. 
Wyp) = 0.10 ksf (3.84 ft.) = 0.39 kips/ft. 
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Wp) = 0.67 kips/ft. 
Wyp+L = 2.3 kips/ft. 


; 
; L = 30! ; 


Tributary width = 6'-8" = 6.67' 


Pp) = 20 kips 


1 4 


Wp) = 0.39 kips/ft. 
Wyp+L = 1.32 kips/ft. 


SBI 
L = 30! 


Tributary width = 3'-10" = 3.84' 


Rp = 10 kips 
Rp+, = 35 kips 


Pyp+p = 710 kips 


Rp = 20 kips 
Rp, = 70 kips 
Rp = 5.8 kips 
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Wp) = (0.10 ksf)(6.67') = 0.67 kips/ft. 
Wyp+t) = (0.342 ksf)(6.67') = 2.3 kips/ft. 


Wao _ 0.67)(30) 
D2 2 
Waornl _ (2.3)(30) 

Rost D = D = 


RS = 10 kips 


35 kips 


Pp) = (10 kips)(2) = 20 kips 
Pup+t = G5 kips)(2) = 70 kips 


Wap) = (0.10 ksf)(3.84') = 0.39 kips/ft. 
Wyp+1 = (0.342 ksf)(3.84’) = 1.32 kips/ft. 


Wipyle _ (0.39)(30) - 
2 2 
Wyup+pl _ (1.32)(30) _ 


Rost ® D 


Rp = 5.8 kips 


19.8 kips 


Rp+, = 19.8 kips 


Figure 8-26 Calculation of floor beam and girder reactions to C2 at the third floor. 


Moment Split in the Column: 


Wty 

Gr ie 

1/10 

7 Gan + 1/10 ft. 
0.5 M; 


Ja 


Moho = 


and L, 


10 ft. 
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Pw) = 20 kips 3rd floor 

Pug = 50 kips 

Pywo+t) = 70 kips =| Pp = 533 kips 
Pug = 14.4 kips 


Pave = 19.8 kips 
SB1 mA SB1 
Pw) = is kips 


Pq) = 14.4 kips 
Pp+p — 19.8 kips 


Figure 8-27 Reactions of floor beams and girders framing into 
column C2 at the third floor. 


Load Case 1: The axial load is maximized. 


Pe 0 (19.6 19.8) (0 nO = 180 Rips 
(max Poo) (Pers beam) (P*p, +11 beam) (P®p, +11 girder) (P*p. +11 girder) 

M;,., = (70 — 0)(0.54 ft.) = 38 ft.-kips 

My, = (19.8 — 19.8)(0.25 ft.) = 0 ft.-kips 

P; = 130 kips 


Mopon-~ = 0.5(38 ft.-kips) 19 ft.-kips 
Mopyoy-y = 0.5(0 ft.-kips) = 0 ft.-kips 


For this load case, design the column for axial load plus bending. 


Load Case 2: The moments at this floor level are maximized. 


P, = 2) ap (Si a WOR) sr (HC + 0) = 125 kips 
(max Poor) (P®on +12 beam) (Pp, beam) (P®p, +11 girder) (P"p, girder) 
M3... = (70 — 0) e3 girder = 70 kips (0.54 ft.) = 38 ft.-kips 


M,., = (19.8 — 5.8) e; beam = 14 kips (0.25 ft.) = 4 ft.-kips 


The column moments at the third-floor level is assumed to be distributed between the columns above and below 
that floor level in a ratio that is inversely proportional to the length of the columns. Therefore, the load and mo- 
ments (for load case 2) on the column just below the third-floor level are calculated as 


P3 125 kips 


Mopor_> = 0.5(38 ft.-kips) = 19 ft.-kips 
Mopon-y = 0.5(4 ft.-kips) = 2 ft.-kips 


Design or check the column for combined axial load plus bending. 
The 0.5 term in the above equations for moment is the moment distribution factor. 
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Loads to Column C2 at the Second Floor: (See Figures 8-28 and 8-29) 


Girder and Beam Eccentricities: 


e, girders = 2% in. + 4 (Column depth) 


= 24 in. + 4(10 in.) assuming W10 column 


= 7.5 in. 
= 0.63 ft. 


Wp) = 0.67 kips/ft. 
Wyp+L) = 2.3 kips/ft. 


. 
1330) ; 


Tributary width = 6'-8"=6.67' 


R, = 10 kips 


Rp, = 35 kips 


Pyo+p — 10 kips 


| | Pp) = 20 kips 


Wp) = 0.39 kips/ft. 
Wyp+L) = 1.32 kips/ft. 


SB1 


L= 30! 
Tributary width = 3'-10" = 3.84' 


Ry = 20 kips 
Rp, = 70 kips 
Rp = 5.8 kips 


Rp+, = 19.8 kips 


Wp) = (0.10 ksf)(6.67') = 0.67 kips/ft. 
Wap+1 = (0.342 ksf)(6.67') = 2.3 kips/ft. 


Woy _ (0.67)(30) 
a 2 


Wyo+pl — (2.3)30) 
ar as aes 


= 10 kips 


= 35 kips 


Pw) = (10 kips)(2) = 20 kips 
Pyp+1) = (35 kips)(2) = 70 kips 


Wap) = (0.10 ksf)(3.84') = 0.39 kips/ft. 
Wupsn = (0.342 ksf)(3.84') = 1.32 kips/ft. 


7 Wipe 7 (0.39)(30) 7 
B 2 y) 
Wyp+pL (1.32)(30) 
Rost a D a D aa 


5.8 kips 


19.8 kips 


Figure 8-28 Calculation of floor beam and girder reactions to C2 at the second floor. 
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oe a 20 kips 3rd floor 
Pq = 50 kips 
1 anesyy = 1M a 
= 5.8 kips 
ae = 14.4 kips 
P+ — 19.8 kips 
[_sBi | wake [ sB1 | 
no = 5.8 kips 


Pq) = 14.4 kips 
Pywp+p — 19.8 kips 


Figure 8-29 Reactions of floor beams and girders framing into 
column C2 at the second floor. 


e, beams = 24% in. + %4 (Column web) 
= 2% in. + 4(0.5 in.) assumed 
= 2.75 in. ~ 0.25 ft. 


Factored Loads: 


w, = 0.342 ksf (6.67 ft.) = 2.3 kips/ft. 
Wyp) = 0.10 ksf (6.67 ft.) = 0.67 kips/ft. 


For the reactions in girder G1, refer to the load calculations for column C1. 
For perimeter or spandrel beams, the tributary width, 


TW = 6.67 ft./2 + 0.5-ft. edge distance 
= 3.84 ft. 


Therefore, the loads on the spandrel beams are 


w, = 0.342 ksf (3.84 ft.) = 1.32 kips/ft. 
Wp) = 0.10 ksf (3.84 ft.) = 0.39 kips/ft. 


Moment Split in the Column: 


iV ( 1/L, a 
PEN il ae Je 


( 1/10 ft. 
= M,, 
1/10 ft. + 1/10 ft. 


10 ft. and L, = 10 ft. 
0.5M, 


where L, 
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Load Case 1: The axial load is maximized. 


P, = 130 + (19.8 + 19.8) + (70 + 0) = 240 kips 
(P3max ) 

M>,.. = (70 — 0)(0.63 ft.) = 44 ft.-kips 

Moby = (19.8 — 19.8)(0.25 ft.) = 0 ft.-kips 


P, 240 kips 
Mo porn» = 9.5(44 ft.-kips) = 22 ft.-kips 
Moyo» = 0.5(0 ft.-kips ) O ft.-kips 


For this load case, design the column for axial load plus bending. 


Load Case 2: The moments at this floor level are maximized. 


P, = 130 + (5.8 + 19.8) + (70 + 0) = 226 kips 
Mp,., = (70 — 0)(0.63 ft.) = 44 ft.-kips 
My, = (19.8 — 5.8)(0.25 ft.) = 4 ft.-kips 


The moment at the second-floor level is assumed to be distributed between the columns above and below that floor 
level in a ratio that is inversely proportional to the length of the columns. Therefore, the load and moments on 
the column just below the second-floor level for load case 2 are calculated as 


Py = 226 kips 
Mo por a 0.5(44 ft.-kips) = 22 ft.-kips 
Moony = 0.5(4 ft.-kips) = 2 ft.-kips 
Design or check column for combined axial load plus bending. 


The 0.5 term in the above equations for moment is the moment distribution factor. A summary of the factored 
loads and moments for column C2 is shown in Table 8-5. 


Table 8-5 Summary of factored loads and moments for column C2 


Load Case 1 Load Case 2 


P = 29 kips P = 26 kips 
Mroofx-x = 10 ft.-kips Mroofr-x = 1O ft.-kips 
Mrooty-y = 0 ft.-kips Meagay = 10 tielfos 


Third floor P = 130 kips P = 125 kips 
M3potx-x = 9 ft.-kips M3potx-x = 19 ft.-kips 
Mopoty-y = 0 ft-kips Mspoty-y = 2 ft.-kips 


Second floor P = 240 kips P = 226 kips 
Mobotx-x = 22 ft.-kips Mobotx-x = 2) ft.-kips 
Mspoty-y = 0 ft.-kips Moboty-y = 2 ft.-kips 
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Design of Column C1 (Roof to Third Floor) 


Load Case 1 (with M = 0) Load Case 2 or Load Case 1 with Moments 


Pi OnKIDS: Check W8 x 31 column for 
KL ~ 1 X 10 ft. = 10 ft. P, = 38 kips 
Myx = Mn = 6 ft.-kips 
From Column Load Tables Mryy = Mny = 1.4 ft.-kips 
(AISCM, Table 4-1) Column unbraced length, L, = 10 ft. r, = 3.47 in., r, = 2.02 in. 
Try W8 x 31 (A = 9.12 in.”) 
b,P, = 317 kips > P, OK 


LRFD Beam Design Tables (AISCM, Table 3-2; F, = 50 ksi) 

,M, = 114 ft.-kips; L, = 7.18 ft; BF = 2.37 kips; L, = 24.8 ft. > L, 

by = bpM, — BF(Ly — Lp) = [114 — (2.37)(10 — 7.18)] = 107 ft-kips = o,M, 
From AISCM: S, = 27.5 in.?; Z, = 14.1 in; S, = 9.27 ins 

bpMiy < 1.56,S,F,/12 = 155 ft-kips .. ,M,, = 107 ft.-kips 


bMy = b,Z,F, < 1.56,S,F, 
byMy = (0.9)(14.1)(50)/12 < 1.5(0.9)(9.27)(50)/12 
,My = 54 ft.-kips > 52 ft.-kips Governs 


,P, = 317 kips; b)M,, = 107 ft.-kips; 6,M,, = 52 ft.-kips 


My = BiyMn + BoyMin3 Mix = 0 (for braced frames) 
Muy = BiyMay + BoyMiy; Myy = O (for braced frames) 


P-6 Effect for x-x Axis 


Cm = 0.6 — 0.4(M,,/M>,); but conservatively use C,,, = 0.85 
fe ee Scat 
ony : 
Ge 
Bp. = = args = O87 = 10 2p, S10 
(1 — P,/Pex) [1 — (38/2183)] 


My, = Bylng, = 1.0(6) = 6 ft-Kips | 


P-6 Effect for y-y Axis 
Ciry = 0.6 — 0.4(M,,/Mb,); but conservatively use C,,, = 0.85 
Pay = sure 740 kips 
Po KLE 
Ciny x 0.85 
(0 = P,/P 3) © (dt = 8/740) 


2. My = BiyMny = 1.0(1.4) = 1.4 ft-kips 


= 0:00 = 10 Be = 0 


Interaction Equation 


P,/,P, = 38/317 = 0.12 < 0.2 = Equation (8-2) 


Pp, ( M.,. " M,, 0.12 . ( 6 n ) PE eer eee neta 
ra ee 3 1 uate. 
26P,, Mx 6,M,y 2 107 SV q 


Note: For building structures, the minimum size of column recommended is a W8 column in order to ensure suf- 
ficient flange width to accommodate the girder-to-column double-angle connections. 
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Design of Column C1 (Third Floor to Second Floor) 


Load Case 1 (with M = 0) Load Case 2 or Load Case 1 with Moments 


P, = 248 kips: Check W8 x 31 column for 
KL ~ 1 X 10 ft. = 10 ft. P, = 173 kips 
My = Mp = 14 ft.-kips 
From Column Load Tables M,,., = Ue = 3.2 ft-kips 
AISCM, Table 4-1 Column unbraced length, L, = 10 ft; r, = 3.47 in.,r, = 2.02 in. 
Try W8 x 31 (A = 9.12 in?) 
,P, = 317 kips > P, OK 


LRFD Beam Design Tables (AISCM, Table 3-2; F, = 50 ksi) 

bp MATE KipS a il itaBie 2 SmaKIpSila 24.0 tte eal, 

My = b)M, — BF(L, — L,) = [114 — (2.37)(10 — 7.18)] = 107 ft.-kips = ,M, 
From AISCM: S, = 27.5 in.’; Z, = 14.1 in.®; S, = 9.27 in? 

byMy < 1.56,8,F)/12 = 155 ft.-kips .”. b,M,, = 107 ft.-kips 


bpMny = bpZ,F, < 1.56,S,F, 
bpMy = (0.9)(14.1)(50)/12 < 1.5(0.9)(9.27)(50)/12 
,My = 54 ft.-kips > 52 ft.-kips Governs 


,P, = 317 kips; b)M,, = 107 ft.-kips; ,M,, = 52 ft.-kips 


Mix = BiyMny + BoyMiy; Mix = 0 (for braced frames) 
Muy = ByMay + BoyMiy; Miy = 0 (for braced frames) 
P-6 Effect for x-x Axis 
Cm = 0.6 — 0.4(M,,/M>,); but conservatively use C,,, = 0.85 
at°EA 
7 = 2183 kips 
7) 
Conn 0.85 


= = 0.92 = 1.0... By, = 1.0 
(1 = Py/flPse,) [1 = (173/2183) | za 


© Mo. = BuyMny = 1.0(14) = 14 ft-kips 


P-8 Effect for y-y Axis 

Cry = 0.6 — 0.4(Myy/Mpy); but conservatively use C,,, = 0.85 
2 

= 740 kips 


Po See 
Kin? 


Ga : 
B= ue = wa = 1.11 > 1.0.. By = 1.11 
(l= By) [1 — (173/740) | 


PM = 8M = 11082) = 400 fips 


Interaction Equation 


P,/b.P, = 173/317 = 0.55 = 0.2 => Equation (8-1) 


ley 8 Mx My 8 14 4.0 
ar ar = 0.55 + ar = 73 < OOK 
oP, g 6M ix ,M,,y 9\ 107 5) 


.. W8 X 31 is adequate. 


(continued) 
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Design of Column C1 (Second Floor to Ground Floor) 


Load Case 1 (with M = 0) Load Case 2 or Load Case 1 with Moments 


P,, = 458 kips: Check W8 x 48 column for 
KL ~ 1 X 10 ft. = 10 ft. P,, = 383 kips 
M3. = My = 16 ft.-kips 
From Column Load Tables ne = Moy = 3.2 ft-kips 
AISCM, Table 4-1 Column unbraced length, L, = 10 ft; r, = 3.61 in., r, = 2.08 in. 
Try W8 x 48 (A = 14.1 in.”) 
oP, = 497 kips > P, OK 


LRFD Beam Design Tables (AISCM, Table 3-2; F, = 50 ksi) 

O55 = 1e4itt-kips; Lo = 7.3o)tt; BE = 2.53) kips; lf = 35.2 tt = EF 

Mx = bpM, — BF(L, — L) = [184 — (2.53)(10 — 7.35)] = 177 ft-kips = ,M, 
From AISCM: S, = 43.2 in.°; Z, = 22.9 in.?; S, = 15.0 in? 

byMy < 1.56)8,F)/12 = 243 ft.-kips .”. b,M,, = 177 ft.-kips 


bpMny = bp,Z,/F, < 1.56,S,F, 
bpMny = (0.9)(22.9)(50)/12 < 1.5(0.9)(15.0)(50)/12 
bpMny = 86 ft.-kips > 84 ft.-kips Governs 


,P, = 497 kips; b)M,, = 177 ft.-kips; b,M,, = 84 ft.-kips 


Myx = ByyMay + BoyMiy; My, = 0 (for braced frames) 
Muy = BiyMay + BoyMiy; Myy = 0 (for braced frames) 


P-5 Effect for x-x Axis 
Cm = 0.6 — 0.4(M,,/M,,); but conservatively use C,,, = 0.85 


B 
EA 
T=" = 3652 kips 


0.85 
By, = = = 0.95 = 1.0. By = 1.0 
* (1 — P,/Pex) [1 — (383/3652)] u 


2 Mig = ByMpy = 1.0(16) = 6 ft.-kips 


P-6 Effect for y-y Axis 


Ciry = 0.6 — 0.4(M,,/Mb,); but conservatively use C,,, = 0.85 


at7EA 


= = 1212 kips 
» = (Kn? ° 
C, 
a A 0:85 = 124 > 1.0. By = 1.24 
(1 — P,/P.,) [1 — (383/1212)] 


SM = BM = 1 24082) = 40 te-laps 


Interaction Equation 


P,/o.P, = 383/497 = 0.77 = 0.2 = Equation (8-1) 
ie S( Mx My S( 16 40 
+ + + 
bP, 9 6M, ,M,,, 9 177 84 

=> W8 x 48 is adequate. 


= 0.77 + = 0.89 < 100K 
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8.9 STUDENT PRACTICE PROBLEM AND COLUMN DESIGN TEMPLATES 


As an exercise, the reader should now design column C2, following the same procedure 
used to design column C1. To aid the reader, column design templates for W-shaped and HSS 
columns are presented on the following pages. 


W-SHAPE COLUMN DESIGN TEMPLATE 
DESIGN OF COLUMN ( FLOOR to FLOOR) 


Load Case 1 (with M = 0) Load Case 2 or Load Case 1 with Moments 


P,=  kips: KL ~ CheckW xX __ column for 
kips 
From Column Load Tables (A/SCM, Table 4-1) =My = ft.-kips 


xx 
TyW x) (A= in.’) My, =Mny = ft-kips 
o.P,=  kips>P, OK Column unbraced length, L, 


LRFD Beam Design Tables (A/SCM, Table 3-2; F, = 50 ksi) 

o,M, = ft.-kips; L, = ;BF= kips 

byMy = dM, — BF(Ly — Lp) = [ (— = ft-kips 
From AISCM: S,= in; Z,= in; S, = in? 

byMy < 1.56,S,F,/12 = ft.-kips OK b,M,, = _ ft.-kips 


b)Mry = pZ,F,/12 < 1.5c,S,F,/12 
bM,, = (0.9 )( )/12< 1509 )( 12 
My, = ft.-kips ft.-kips 


oP, = kips; b,M,, = ft.-kips; ,M,, = _ft.-kips 


My = BiyMnx + BoyMixs Mix = 0 (for braced frames) 


My = BiyMnty + BoyMiy; Mi = 0 (for braced frames) 


P-6 Effect for x-x Axis 
Cx = 0.6 — 0.4(M;,/M>,); but conservatively use C,,, = 0.85 
Pot el kips 
Ca 
Ge, 0.85 2 
(ei Pes) ee) 


1 Mig = Bu Mary ae) ft.-kips 


BY = 


P-8 Effect for y-y Axis 
Cry = 0.6 — 0.4(M,,/Mb,); but conservatively use C,,, = 0.85 
ee eae 
SCH So 
Coy 
(1 = Pil Psy) 


BiyMnaty 


ae eB = 


uy 


Interaction Equation (check that the interaction equation = 1.0) 
P,/oP, = / = :\f = 0.2 => Use Equation (8-1), otherwise use Equation (8-2). 


ie 8 Mx Mw 8 
8-1): t t — +—)= 
a stars * bly 3| 

a Mix My = = 
Cetaig on ° oe he 
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HSS COLUMN DESIGN TEMPLATE 


DESIGN OF COLUMN ( FLOOR to FLOOR) 


Load Case 1 (with M = 0) Load Case 2 or Load Case 1 with Moments 


P= Wosbee = Check HSS = xX __ column for 


From Column Load Tables (A/SCM, Table 4-3) Kips ; 
Ay M yx = Mix = ft.-kips 
Try HSS x (A= in.*) 


ee " , Way = Mig = ft.-kips 
bP, =  kips > P, kips OK Column unbraced length, L, 


From Table 1-2, F, for HSS = 

From AISCM: S,= in; Z,= in; S, = __in 
dM = DpZyFy/12 < 1.5,8,F,/12 = __ ft.-kips 
byMy = (0.9)( )C )/12 < 1.5(0.9)( (12 
o,M,, = ft.-kips < ft.-kips 


byMny = bpZ,F)/12 < 1.56,S,F,/12 
bMry = (0.9) )( )/12 < 1.5(0.9 )( )/12 
b,Mny = _ ft.-kips < ft.-kips 


bP, =  kips;d,M,= — ft.-kips; b,M,, = _ft.-kips 


My = BiyMnx + BoyMin3 Mix = 0 (for braced frames) 


Muy = BayMay + BoyMyy: Miy = 0 (for braced frames) 
P-6 Effect for x-x Axis 
Cm = 0.6 — 0.4(M,,/Mb>,); but conservatively use C,,, = 0.85 


= kips 
a 7 0.85 eee at ee 
By Cea (eat SSM} 


Mig = Bu Mae C4 ft.-kips 


P-8 Effect for y-y Axis 
Cry = 0.6 — 0.4(M,,/Mb,); but conservatively use C,,, = 0.85 
Be ees emer 
a (URE 8 
Gray 
(1 a. Pf Psi) 


BiyMnaty 


Interaction Equation (check that the interaction equation = 1.0) 


P,/b.P, = / = 3\f 20.2 => Use Equation (8-1), otherwise use Equation (8-2). 


(8-1): Fis S( Me 4 me - _ + —)= 
oP, 9 6,M,x 6,M,y 9 


M 


uy 


: + (Mes | +(—+—)= 
26P,, bM ax 6M, 
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8.10 ANALYSIS OF UNBRACED FRAMES USING THE AMPLIFIED 
FIRST-ORDER METHOD 


In lieu of a general-purpose finite element analysis (FEA) software program that accounts 
for both P-A (frame slenderness) and P-6 (member slenderness) effects and yields directly 
the total factored second-order moments, M,,, acting on the columns of a moment frame, ap- 
proximate methods are allowed in the AISC specification. The amplified first-order analy- 
sis is one such method that can be used. The procedure used to determine the no-translation 
moments, M,,,, and the lateral translation moments, M/,, is based on the principle of super- 
position as follows [7]: 


1. Given the original frame shown in Figure 8-30a, perform a first-order analysis of the 
frame for all applicable load combinations (see Chapter 2) that includes gravity and 
lateral loads, plus horizontal restraints (vertical rollers) added at each floor level, as 
shown in Figure 8-30b, to prevent any sidesway of the frame. Therefore, the moments 
obtained are the no-translation moments, M,,; the resulting horizontal reactions, H, 
H;, ... H,, and H,,.¢ at the vertical rollers at each floor level are also determined. 

2. The horizontal restraints introduced in step | are removed, and for each load combi- 
nation from step 1, lateral loads are applied at each level to the frame that are equal 
and opposite to the horizontal reactions obtained in step 1, as shown in Figure 8-30c. 
Note that per the AISC specification, notional loads will need to be applied at each 
floor level if the horizontal reactions obtained from step 1 are smaller than the no- 
tional loads (see Section 8-6). The frame is reanalyzed for the horizontal reactions 
and the moments obtained in this step are the lateral translation moments, M,,. 


The rationale behind the procedure above will now be discussed. The amplified first-order 
analysis uses the principle of superposition to decompose the total moment that would have 
been obtained if the original frame (Figure 8-30a) with all of the gravity and lateral loads 
was analyzed. Because we have different magnifiers for the no-translation moment, M,,,, 
and the translation moment, M,, the issue is how to separate the total moment into the two 
types of moments so that M,,, can be amplified by B, and M,, can be amplified by B,. The 
analysis in step 1, with the horizontal restraints added, represents the braced-frame portion 
of the original frame, so that the moments obtained from step 1—the M,,, moments—can then 
be multiplied by B,. 

For the analysis in step 2, lateral loads that are equal and opposite to the restraint reac- 
tions obtained from step | are applied to the frame. Using the principle of superposition, it 
can be seen that we have not altered the original frame (Figure 8-30a) at all; instead, we have 
only decomposed it into two frames (Figure 8-30b and Figure 8-30c), which when added 
together is equivalent to the original frame. The moments from step 2 are the M,, moments 
that can then be multiplied by B,. Therefore, the final second-order moments, M, = B|M,, 
(from the first analysis) + B,M,, (from the second analysis). The total second-order fac- 
tored moment, M,,, from the amplified first-order analysis usually compares very favorably 
with results from a full-blown, second-order finite element analysis that directly calculates 
M,, and accounts for all types of geometric nonlinearities [7]. 


Design of Columns in Moment, or Unbraced, Frames 


The procedure for designing columns in moment frames is as follows: 


1. Determine the factored axial loads, P,,, on each column in the frame from the gravity 
loads only. 
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typical fein | 


column A A A 


A A 


a. original frame 


gol, 
a COT, 
Wp OF|W, A, 
F, | TTT rTP TTT 
A A A A A 


horizontal restraints prevent 
lateral translation 


b. No translation frame: M,, moments 
(to be amplified by B,) 


c. Lateral translation frame: M,, moments 
(to be amplified by B,) 


Figure 8-30 Determination of M,, and M, moments in moment frames. 


2. Obtain the preliminary column size based on the axial load from step | using the col- 
umn design template presented earlier. It is assumed that the preliminary sizes of the 
beams and girders have already been obtained for gravity loads only and assuming 


simple support conditions. 


3. Using the preliminary column and girder sizes, perform the amplified first-order 
analysis as described in the previous section for all applicable load combinations. 
This will yield the M,,, and M,, moments for each column, as well as the factored 
axial loads, P,,, and P,,. This analysis is carried out in both orthogonal directions of 
the building if moment frames are used in both directions. Where braced frames are 
used in one direction, then the analysis has to be carried out only in a direction paral- 


lel to the moment frames. 
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4. Compute the moment magnification factors, B, and B,, and the factored second-order 


moments: 
Mixx =B winx i Boy Mixx and 
My-y = 2 yyy + By My» 


5. Using the column design template, design the column for the factored axial loads and 
the factored moments from step 4. 

6. In designing columns in moment frames, distribute any direct axial loads on the 
leaning columns (i.e., columns that do not participate in resisting the lateral loads) 
to the moment frame columns according to the plan tributary area of the column rel- 
ative to the leaning column. Thus, the moment frame columns, in providing lateral 
bracing to the leaning columns, will be subjected to additional axial loads from the 
leaning columns. 


EXAMPLE 8-2 


Calculation of the Sway Moment Magnifier, B, 


Calculate the sway moment magnifier for the columns in the first story (i.e., the ground floor columns) of the typ- 
ical moment frame in Figure 8-31 with the service gravity and lateral wind loads shown. 


Wp = 0.6 kips/ft. 
f Ws = 0.8 kips/ft. 
F., = 3.6 kips 
ee 
Wp = 2 kips/ft. 
I w, = | kips/ft. 
F, = 7.2 kips 
2 
Wp = 2 kips/ft. 
il w, = | kips/ft. 
F, = 7.2 kips 
ee 


P, = 2 kips 
P, = 10 kips 


12' 


12; 


i 


DD) 


Figure 8-31 Moment frame for Example 8-2. 


SOLUTION 


The applicable load combinations from Chapter 2 are: 


12D + 16W + L + 0.5(L, or S or R), and 


0.9D + 1.6W. (continued) 
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It should be obvious that the 0.9D + 1.6W load combination will not be critical for calculating the sway moment 
magnifier, so only the first load combination needs to be checked. 
Calculate the cumulative maximum factored total axial load, >P,,, in the ground-floor columns: 


1.2D = 1.2[(0.6 kip/ft.)(50 ft.) + (2 kip/ft.)(50 ft.) + (2 kip/ft.)(50 ft.) + (2 kips)] = 279 kips 
1.0L = 1.0[(1 kip/ft.)(50 ft.) + (1 kip/ft.)(50 ft.) + (10 kips)] = 110 kips 
0.55 = 0.5(0.8 kip/ft.)(50 ft.) = 20 kips 


=P, = 279 + 110 + 20 = 409 kips. 
The factored lateral shear at the ground-floor columns is 


DH = 1.6(3.6 kips + 7.2 kips + 7.2 kips) = 28.8 kips. 


1 1 1 1 
A drift index for factored wind loads of sialic: 500 iz] is assumed (since a drift index of 500 to 400 1S 


commonly used in practice for building frames under service wind loads). Therefore, 


1 
B, : Aes( 2s) = 1.0 
ik, \ DSVEI 
1 
= 1.05 < 1.5. OK 


ned alee 
312 \ 28.8 
Therefore, B, = 1.05. 
It should be reemphasized that where B, is greater than 1.5, this would indicate a stability-sensitive structure 


or frame, and the more accurate direct analysis method (see AISC specification, Appendix 7) would have to be 
used to determine the magnified moments in the frame. 


EXAMPLE 8-3 


Design of Columns in Moment Frames 


The typical floor and roof plan for a two-story office building laterally braced with moment frames in both or- 
thogonal directions is shown in Figure 8-32a. The floor-to-floor height is 12 ft. and the uniform roof and floor 
loads and the lateral wind load have been determined as follows: 


Roof dead load = 30 psf Snow load = 35 psf 
Floor dead load = 100 psf Floor live load = 50 psf 
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of 2 2 2 8 


Vv 
A 
Vv 
A 


Z 


BI (typ.) 


G1 (typ.) 


> < moment frame 
Figure 8-32a Typical Floor and Roof Plan for Example 8-3. 


Assume a uniform lateral wind load of 20 psf. The building is located in a region where seismic loads 
do not control. 


1. Using a commercially available structural analysis software, perform an amplified first-order 
analysis for the East-West moment frame along line A to determine the M,, and M,, moments in 


the ground-floor columns. For this problem, consider only the load combination 1.2D + 1.6W + 
IL, => WNL, OF Ss Oe JN). 


2. Design column A-3 at the ground-floor level for the combined effects of axial load and moments. 
Consider the effect of leaning columns. To simplify the design, use K, and K, values from Figure 5-3 or 
the alignment charts. 


(continued) 
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SOLUTION 
Calculate Beam and Girder Reactions: (See Figures 8-32b and 8-32c) 


Roof Level 
Spandrel roof beam, RB2: 


Vesmits 


Tributary width, TW = ( + 0.5-ft. edge distance = 4.25 ft. 


Wa G0ipst (425 ty) =o Ib tt 
ws = (35 psf)(4.25 ft.) = 148.8 Ib./ft. 
w, = 12D + 0.58 = 1.2(127.5) + 0.5(148.8) = 228 Ib./ft. = 0.23 kips/ft. 


This uniform load acts on the East-West moment frame spandrel roof beams. 
Interior roof beam, RB1: 


Tributary width, TW = 7.5 ft. 
Wp = (30 psf)(7.5 ft.) 225 Ib./ft. 
ws = (35 psf)(7.5 ft.) 263 Ib./ft. 


w, = 12D + 0.58 = 1.2(225) + 0.5(263) = 402 Ib./ft. = 0.4 kips/ft. 
30 ft. 
Roof beam reaction, R, = (0.4 kips/ft.) (3*) = 6 kips 


Interior roof girder, RG1: 


Girder reaction, R, = 18 kips 
P, = 12 kips P, = 12 kips P, = 12 kips 


interior roof beam interior roof girder 
R, = 6 kips R, = 18 kips 
0) L358 
—<$<$<$——————S—— ei 


Figure 8-32b Beam and girder reactions. 


Second-Floor Level 
Spandrel floor beam, B2: 


WeSuite 


Tributary width, TW = ( + 0.5-ft. edge distance = 4.25 ft. 


Wp = (100 psf)(4.25 ft.) = 425 Ib./ft. 
ws = (50 psf)(4.25 ft.) = 213 Ib./ft. 
, = 12D + 1.0L = 1.2(425) + 1.0(213) = 723 Ib./ft. = 0.72 kips/ft. 


= 
| 


This uniform load acts on the East-West moment frame spandrel floor beams. 
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Interior floor beam, B1: 


Tributary width, TW = 7.5 ft. 

Wp = (100 psf)(7.5 ft.) = 750 Ib./ft. 

(50 psf)(7.5 ft.) = 375 Ib./ft. 

w, = 1.2D + 1.0L = 1.2(750) + 1.0(375) = 1275 Ib./ft. = 1.28 kips/ft. 


= 
II 


30 ft. 
Roof beam reaction, R, = (1.28 kips/ft.) (3*) = 19.2 kips 


Interior floor girder, G1: 


Girder reaction, R, = 57.6 kips 


P, = 384kips P, = 38.4 kips P, = 38.4 kips 


w, = 1.28 kips/ft. | | | 


interior floor beam interior floor girder 
R, = 19.2 kips R, = 57.6 kips 
L = 30' 


—— = i a Ls I 


1G = 210) 


Figure 8-32c Beam and girder reactions. 


Factored Lateral Wind Loads on Moment Frame along Grid Line A 


12 ft. \ / 120 ft. 
Foor = 1.6(20 pst) )( = 11.5 kips 
2; 2 
12 ft. 12 iit, ff L220) iif. ; 
F, = 1.6 (20 psf) 5 oF 5 5 = 23 kips 


The amplified first-order analysis involves using the principle of superposition and replacing the original frame 
in Figure 8-32d with two constituent frames (Figure 8-32e and Figure 8-32f) such that when the load effects of 
these constituent frames are summed up, we obtain the actual load effects on the original frame. In Figure 8-32e, 
horizontal restraints H,,,¢and H, are provided at the floor levels by adding vertical rollers at these locations. The 
first-order analysis of this frame, using structural analysis software, yields the no-translation moments, M,,_. 
(frame columns are bending about their strong axis), as shown in Figure 8-32e. Next, the horizontal reactions H,,,, 
and H, from the first analysis are applied as lateral loads to the frame in a direction opposite the direction of the 
reactions from the first analysis, and without any other gravity or lateral loads, and with no horizontal restraints. 
This second frame is then analyzed and this second analysis yields the translation moments, M/,,_,. (Note that the 
frame columns are bending about their strong axis.) Figures 8-32e and 8-32f show the results of the computer- 
aided structural analysis. 


(continued) 
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18 kips 18 kips 18 kips 
w, = 0.23 kips/ft. 


F.. = 11.5 kips 
ee 


57.6 kips 57.6 kips 
57.6 kips w, = 0.72 kips/ft. 
F, = 23 kips 
ae 


12' 


S 
/\ /\ IN 
30' 30' 
Figure 8-32d Gravity and lateral loads on East-West moment frame along 
gridline A. 
F, = 11.5 kips 17.4 16.8 17.8 16.0 io 
ee |O} 
\ H, = 12.2 kips 


16.0 
vertical 
rollers 
F, = 23 kips . : 5 5 \ 
8 2) 
OS H, = 21.7 kips 
132 18.4 
= moment (ft-kips.) 
( ) = reactions (kips) 
i (1,53) 
(89.3) 


Figure 8-32e No-Translation moments, Mpy_x- 


The cumulative maximum total factored axial load, >'P,, (for load combination 1.2D + 1.6W + L + 0.5(L, or 
S or R), in the ground-floor columns is 


1.2D = 1.2(30 psf + 100 psf)(120 ft.)(120 ft.) = 2247 kips 
1.0L = 1.0(50 psf)(120 ft.)(120 ft.) = 720 kips 
0.55 = 0.5(35 psf) (120 ft.)(120 ft.) = 252 kips 


73/2), = 2] ae TPA) ap DS) = 3y12) aos, 


u 


The factored lateral shear at the ground-floor columns is 


LH = 11.5 + 23 = 3455 kips. 
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H, = 12.2 kips 


— 


H, = 21.7 kips 
— 


= moment (ft-kips.) 


( ) = reactions (kips) 


Figure 8-32f Lateral translation moments, Mj. 


1 1 
A drift index for factored wind loads of is assumed (because a drift index of ——~ to —~ is 


1 1 
1.€., 
=al = 500 400 
commonly used in practice for frames under service wind loads). Therefore, 


1 
Be 7 AG, Soe 
ik, Sel 
1 


= = 1.43 < 1.5.OK 
eas (22) 
312\ 34.5 
Therefore, B,,. = 1.43 < 1.5 OK 


This value will be used later in the column design template for the design of Column A-3. 


Weak Axis (y-y) Bending Moment in Columns A-2, A-3, and A-4 

In the North-South direction, columns A-2, A-3, and A-4 will behave as leaning columns. They will be later- 
ally braced at the floor levels for bending in the North-South direction (i.e., about their weak axis) by the 
North-South moment frames. Since these leaning columns do not participate in resisting the lateral load in the 
North-South direction, the sway magnifier for columns A-2, A-3, and A-4 for bending about their weak axis, 
B,,_, = 1.0, and the sway moments for bending about their weak axis, Mj,_, = 0. 


(continued) 
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The only moments in columns A-2, A-3, and A-4 acting about their weak (y—y) axis will occur due to the 
eccentricity of the girder or beam reactions at the floor level under consideration. 


For column A-3, the reaction of second-floor girder G1 = 57.6 kips. 


Eccentricity of girder G1 reaction, e,., = 24 1in. + 4 (column web thickness) 
= 24% in. + % (0.5 in.) assumed 
= 2.75 in. ~ 0.25 ft. 
M,-y due to connection eccentricity, e,, at the second-floor level = 57.6(0.25 ft.) = 14.4 ft.-kips. 


Effects of Leaning Columns on the East-West Moment Frames 


In the East-West direction, the only frames providing lateral stability for the building are the frames along grid 
lines A and E. Since all other East—West girders are assumed to be connected to the columns along grid lines B, 
C, and D with simple shear connections, the columns along lines B, C, and D, as well as the corner columns at 
A-1, A-5, E-1, and E-5, will behave as leaning columns. These leaning columns are restrained or braced later- 
ally in the East-West direction by the six columns (A-2, A-3, A-4, E-2, E-3, and E-4) that make up the moment 
frames along grid lines A and E. The effect of providing this lateral restraint to the leaning columns results in ad- 
ditional axial load on the restraining moment frame columns [3]. The total axial load on each restraining column 
is the sum of the actual direct factored axial load on the restraining column, P,, giec;, plus the indirect axial load, 
P, indirecr {rom the leaning columns, where P,, jngirec: 1S the total axial load on all leaning columns equally divided 
among the six restraining columns in the East-West moment frames. Therefore, for each of the moment frame 
columns, the equivalent total factored axial load is 


LP eats columns 


P,, in each restraining column = Py, girece + Pru, indirect = Pu, direct + & 
6 columns 


The sidesway uninhibited nomographs or Figure 5-3 will be used to determine the effective length of the 
restraining columns in the moment frame, and this column will then be designed for the total factored load, 
P.,, which includes the effect of the leaning columns plus the factored second-order moments, M,,,_, and M,,.,. 
It should be noted that leaning columns have to be designed for the factored axial load that they directly 
support, plus the M,,,,_. and M,,,.,, moments resulting from the beam and girder connection eccentricities. For 
the East—West direction, the leaning columns are those columns that are not part of the East-West moment 
frames along grid lines A and E. Therefore, only columns A-2, A-3, A-4, E-2, E-3, and E-4 are not leaning 
columns. All other columns in Figure 8-32a are leaning columns and will be restrained by the East-West 
moment frame columns. The effective length factor, K, for the leaning columns is 1.0, and the sway moment 
magnifier, B,, and the lateral translation moment, M_,, for these leaning columns for bending in the East-West 
direction will be 1.0 and zero, respectively. Thus, for bending in the East-West direction, the only moments 
for which the leaning columns have to be designed are the moments due to the beam and girder eccentricities. 
In effect, the leaning columns are designed similar to columns in braced frames, as was done in Example 8-1. 
Table 8-6 summarizes the different types of columns in this example and the source of the bending moments 
in the columns, and Table 8-7 provides a summary of the factored axial loads and moments just below the 
second-floor level for the East-West moment frame columns along grid line A (A-2, A-3, and A-4). 


Total Factored Axial Load on All Leaning Columns (for East-West Lateral Load Only) 
Interior leaning columns: 


Px roop = [(1.2)(30 psf) + (0.5)(35 psf) ](30 ft.)(30 ft.)(9 columns) = 433 kips 
Pu poor = [(1.2)(100 psf) + (1.0)(50 psf) ](30 ft.)(30 ft.)(9 columns) = 1377 kips 
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Table 8-6 Types of columns (leaning or moment frame) and the source of bending moments in Figure 8-32a 
North-South Bending East-West Bending 


Source of Bending Source of Bending 
Moment Frame Column Type of Column Moments Type of Column Moments 


A-2, A-3, A-4 Leaning Interior girder eccentricity Moment frame Moment frame 
E-2, E-3, E-4 Leaning Interior girder eccentricity Moment frame Moment frame 
B-2, B-3, B-4, Leaning Interior girder eccentricity Leaning Beam eccentricity 
C-2, C-3, C-4, 

D-2, D-3, D-4 


A-1, B-1, C-1, D-1, E-1 Moment frame Moment frame Leaning Beam eccentricity 


A-5, B-5, C-5, D-5, E-5 Moment frame Moment frame Leaning Beam eccentricity 


Corner leaning columns: 


Pru roog = ((1.2)(30 psf) + (0.5)(35 psf) ](15.5 ft.)(15.5 ft.)(4 columns) = 51 kips 
P,, goor — |1(1.2)(100 pst) ++ (1!.0)(50 psf) ](15:5 ft.)(1S.5 ft.)(4 columns) = 1163 kips 


Exterior side leaning columns: 


Py roop = [(1.2)(30 psf) + (0.5)(35 psf) ](15.5 ft.)(30 ft.)(6 columns) = 149 kips 
Pu foor = [(1.2)(100 psf) + (1.0)(50 psf) ](15.5 ft.)(30 ft.)(6 columns) = 474 kips 


DPreaning columns = 433 + 1377 + 51 + 163 + 149 + 474 = 2647 kips 


Ee leaning columns 
+P —— 


u, indirect S Pe direct ar x 
6 columns 


( 2647 kips 
= Ie u, direct ar 
; 6 columns 


+ 441 kips 


P,, in each restraining column = P, 


u, direct 


=e 


u, direct 


The design of column A-3 at the ground-floor level, considering the effect of the leaning columns, is carried 
out next using a modified form of the column design template introduced earlier in this chapter. This yields a 
W12 X 96 column. To illustrate the impact of the leaning columns in unbraced frames, a design is also carried 
out, neglecting the effect of the leaning columns. This yields a W10 X 68 column. The importance of includ- 
ing the effect of the leaning column loads on the stability of unbraced frames is obvious. 


Table 8-7 Summary of factored moments and axial loads in ground-floor columns in East-West moment frame 


Moment Frame M,; Moments, M; Moments, P,, indirect (due to leaning 
Column ft.-k ft.-k P,, nty Kips P,, i kips columns), kips 


(continued) 


372 CHAPTER 8 


Design of Column A-3 (Second Floor to Ground Floor)—EFFECT OF LEANING COLUMNS INCLUDED 


Load Case 1 (with M ~ 0) Load Case 2 or Load Case 1 with Moments 


P,= 105.1 + 441 = 546 kips: Check W12 x 96 column for the following forces from Table 8-7 
KL~ 1x 12 ft. = 12 ft Pint = 105.1 kips; P,, = O Kips; Prrairect = 441 kips (leaning column) 
EromiCalumniloadikablec Myx = 2-85 ft-kips; Mixx = Tet WES U {computer results) 
(AISCM, Table 4-1) Mny-y = 14.4 ft-kips; Mj, = 0 ft.-kips (leaning column in N-S) 
Try W12 x 96 (A = 28.2 in.2) Column unbraced length, L, = 12 ft.; r, = 5.44 in., r, = 3.09 in. 
oP, = 1080 kips > P, OK LRFD Beam Design Tables (AISCM, Table 3-2; F, = 50 ksi) 
Tb, = 551 ft.-kips; L, = 10.9 ft; BF = 5.81 kips; L, = 46.6 ft. > L, 
bMx = bpM, — BFL, — L,) = [551 — (5.81)(12 — 10.9)] = 545 ft.-kips = o,M, 
Unbraced frame column From AISCM: S, = 131 in. (hy = OJ) in. S, = 44.4 in? 
K, = 2.1 (Fig. 5-3) pM, < 1.56)S,F,/12 = 737 ft-kips .. o,M,, = 545 ft.-kips 
K, = 1.0 (leaning column in N-S direction) Mn = byZ,F, < 1.5¢,5,F, 
byMyy = (0.9)(67.5)(50)/12 < 1.5(0.9)(44.4)(50)/12 
)M,, = 253 ft.-kips > 250 ft.-kips Governs 
,P, = 1080 kips; ,M,, = 545 ft.-kips; b,M,, = 250 ft.-kips 
Sway Moment Magnification Factors: 
Box = 1.43; Bo, = 1.0 (see previous calculations/ discussions) 
Ps total = Pairect + Pindirect = 105.1 + 441* = 546 kips (see Table 8-7) 
*Learning columns included 
P-5 Effect for x-x Axis 
Cry = 0.6 — 0.4(M;,/M>,); but conservatively use C,,, = 0.85 
a°EA 
(KL/1,)? 
Cr 0.85 


Pe (1 — P,/P,,) [1 — (546/2612)] tees 


ei (285) eno itcelips 


P-6 Effect for y-y Axis 

Cry = 0.6 — 0.4(M,,/M,,); but conservatively use C,,, = 0.85 

Pay = Sey = 3717 kips (K, = 1.0 for leaning column in N-S direction) 
(Kyl / ty)? ‘ 


Psy = = 2612 kips (K, = 2.1 for column in E-W moment frame) 


Cry 7 0.85 
(1 PP) i (46/8717) 


= 10 0 B= 10 


1.0(14) = 14 ft-kips 


Mu = BuMax + BoyMiy = 3.1 + (1.43)(158.1) = 230 ft.-kips 
My = BiyMny + BoyMyy = 14 + (1.0)(0) = 14 ft-kips 
See Table 8-7 for lateral translation moments, M,,. 


Interaction Equation 
P,/bP,, = 546/1080 = 0.5 = 0.2 = Equation (8-1) 
Haan S( Myx Mwy 8 ( 230 | 14 
bP, 9\ dM, >My 9\ 545 250 
.. W12 X 96 is adequate for column A-3 if the effect of leaning columns is included. 


= (W210) oP = 0.93 < 100K 
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Design of Column A-3 (Second Floor to Ground Floor)—EFFECT OF LEANING COLUMNS EXCLUDED 


Load Case 1 (with M x 0) Load Case 2 or Load Case 1 with Moments 


, = 105.1 kips: Check W10 x 68 column for the following forces from Table 8-7. 
KL= 1x 12f = 12 ft Pun = 105.1 kips; Pyp = 0 Kips; Pinairece = 0 kips* 


EremiConmnniload tables *Effect of leaning columns neglected 


(AISCM, Table 4-1) Mnpx = 2.85 ft.-kips; Mj), = 158.1 ft.-kips (computer results) 

Try W10 x 68 (A = 20 in.2) Mnyy = 14.4 ft.-kips; Miy., = 0 ft.-kips (leaning column in N-S) 

$,P, = 717 kips > P, kins OK Column unbraced length, L, = 12 ft.; r, = 4.44 in., r, = 2.59 in. 
cn uU 


LRFD Beam Design Tables (AISCM, Table 3-2; F, = 50 ksi) 
,M, = 320 ft.-kips; L, = 9.15 ft.; BF = 3.86 kips; L, = 40.6 ft. > L, 

OM. = bpM, — BF(L, — L,) = [320 — (3.86)(12 — 9.15)] = 309 ft.-kips = o,M, 
Gabrieedifrane colin From AISCM: S, = 75.7 in.?; Z, = 40.1 in.?; S, = 26.4 in 

K, =2.1 (Fig. 5-3) pM, < 1.56,S,F,/12 = 426 ft.-kips .. )M,, = 309 ft.-kips 
K, =1.0 (leaning column in N-S direction) byMy = byZ,F, < 1.5b,S,F, 

bpMyy = (0.9)(40.1)(50)/12 < 1.5(0.9)(26.4)(50)/12 

,M,y = 150 ft.-kips > 149 ft.-kips Governs 

oP, = 117 kips; b)M,, = 309 ft.-kips; b,M,, = 149 ft-kips 


Sway Moment Magnification Factors: 

Boy, = 1.43; Boy, = 1.0 (see previous calculations/ discussions) 

Ps total = Pairect + Pindirect = 105.1 + O* = 105.1 kips (see Table 8-7) 

*Leaning columns neglected 

P-8 Effect for x-x Axis 

Ci, = 0.6 — 0.4(M,,/M,,); but conservatively use C,,, = 0.85 

Bp ee 
(KL/t)? 

Co = 0.85 
(1 — P,/Pejx) [1 — (105.1/1234)] 


= 1234 kips (K, = 2.1 for column in E-W moment frame) 


B, = 003 10 — 8, =10 


°. ByMay = 1.0(2.85) = 2.9 ft.-kips 


P-6 Effect for y-y Axis 


Cry = 0.6 — 0.4(M,,/M2y); but conservatively use C,,, = 0.85 
at°EA 
Pay, = = 1852 kips (K, = 1.0 for leaning column in N-S direction 
ly (K,L/r,)? p ( y g ) 


Cry 0.85 
By = = =09 <10 > B,=10 
Se Parra v 


~ BiyMny = 1.0(14) = 14 ft-kips 


Muy = ByMay + BoMiy = 2.9 + (1.43)(158.1) = 230 ft.-kips 
Muy = BiyMny + BoyMyy = 14 + (1.0)(0) = 14 ft.-kips 
See Table 8-7 for the lateral translation moments, M;. 


Interaction Equation 
P,/b-P, = 105.1/717 = 0.15 < 0.2 = Equation (8-2) 


ae al ( WH aL Mwy 0.15 (= a =) 0.92 z 100K 
26P,, dM. b,My Dy) 309 149 y ‘ 


.. W10 X 68 is adequate for column A-3 if the effect of leaning columns is neglected. 
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8.11 ANALYSIS AND DESIGN OF BEAM—COLUMNS 
FOR AXIAL TENSION AND BENDING 


The interaction equations used for combined axial compression plus bending are also used 
for the analysis and design of beam—columns under combined axial tension plus bending. 


EXAMPLE 8-4 


Analysis of Beam—Columns for Axial Tension and Bending 


A W10 X 33 welded tension member, 15 ft. long, is subjected to a factored axial ten- 
sion load of 105 kips and factored moments about the strong and weak axes of 30 ft.-k 
and 18 ft.-k, respectively. Assuming ASTM A572, grade 50 steel and the member 
braced only at the supports, check if the beam—column is adequate. 


SOLUTION 
Factored axial tension load, P, = 105 kips 


Factored moments, M,, = 30 ft.-k and M,, 


= 18 ft.-kips 


Calculate the Axial Tension Capacity of the Member: 


Since there are no bolt holes, only the yielding limit state is possible for the tension 
member: 


Axial tension design strength, bP, = F,A, 


(0.9)(50 ksi)(9.71 in.2) = 437 kips 
P,/bP,, = 105/437 = 0.24 > 0.2 .. Use equation (8-1) 
Calculate the Bending Moment Capacity for Both x-x and y-y Axes: 


For a W10 X 33, from the LRFD beam design tables (Table 3—2 of the AJSCM), we 
obtain 


bi , — 146 Tt -kips, Br — 359 kips; > — 6 85 tt = 2, 
ji, = PMilgsiit, = Ib, & “Oe 2 
6M, — 6M, — BF(L, — L,) = 146 — 3.59(15 ft. — 6.85 ft.) 
116 ft.-kips 


From AISCM, Z, = 14 in.; S, = V2 in? 
bpMyy = $Z,F,/12 = 1.5S,F,/12 


,M, = (0.9)(14)(50)/12 = 1.5(0.9) (9.2)(50)/12 
,M,, = 52.5 ft-k = 51.8 ft.-kips 


Using equation (8-1) 


s( M., Me 105 +( 30 18 


oF ap ar + = 0.78 < 1.0 
oP, g 6M. 5M, 437 9\ 116 a) 


-. W10 X 33 is adequate. 
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8.12 DESIGN OF BEAM COLUMNS FOR AXIAL TENSION 
AND BENDING 


The procedure for designing steel members for combined tension plus bending is a trial-and- 
error process that involves an initial guess of the size of the member, after which the mem- 
ber is analyzed. The design procedure is outlined as follows: 


1. Determine the factored axial tension load, P,,, and the factored moments about both 
axes, M,, and M,,.. 
If the connection eccentricities, e, and e,, about the x- and y-axes are known, the ap- 
plied factored moments can be calculated as M,,, = P,, e, and M,, = P,,e 


2. Make an initial guess of the member size and calculate the design tension strength, 
,P,. 

3. Calculate the design bending strength about both axes, 6M, and bM,,. 

4. If P,/bP,, = 0.2 = Use the interaction equation (8-1); otherwise use equation 
(8-2). bP, 

5. If the interaction equation yields a value = 1.0, the member is adequate. 


If the interaction equation yields a value > 1.0, the member is not adequate. Increase 
the member size. 


8.13 COLUMN BASE PLATES 


Column base plates are shop welded to the bottom of a column to provide bearing for the 
column usually and to help in transferring the column axial loads to the concrete pier or 
footing. They help prevent crushing of the concrete underneath the column and also help to 
provide temporary support to the column during steel erection by allowing the column (in 
combination with anchor bolts) to act temporarily as a vertical cantilever. The base plate is 
usually connected to the column with fillet welds (up to % in. in size) on both sides of the 
web and flanges and is usually shop welded. The welds are usually sized to develop the full 
tension capacity of the anchor bolts or rods. Fillet welds that wrap around the tips of the 
flanges and the curved fillet at the intersection of the web and the flanges are not recom- 
mended because they add very little strength to the capacity of the column-to-base-plate 
connection and the high residual stresses in the welds may cause cracking [8]. Full-pene- 
tration groove welds are also not typically used for column base plates because of the high 
cost, except for column-to-base-plate connections subject to very large moments. The thick- 
ness of base plates varies from / in. to 6 in. and they are more commonly available in ASTM 
A36 steel. Steel plate availability is shown in Table 8-8 [9]. The base plate is usually larger 
than the column size (depending on the shape of the column) by as much as 3 to 4 in. all 
around to provide room for the placement of the anchor bolt holes outside of the column foot- 
print. For W-shape columns where the anchor bolts can be located within the column foot- 
print on either side of the web, the plan size of the base plate may only need to be just a little 
larger than the column size to allow for the fillet welding of the column to the base plate, 
but the actual plate size is still dependent on the applied load and the concrete bearing stress 
(see Figure 8-33). 

The column base plate often bears on a layer of %-in. to 14-in. nonshrink grout that pro- 
vides a uniform bearing surface and, in turn, is supported by a concrete pier or directly on 
a concrete footing. The compressive strength of the grout should be at least equal to the com- 
pressive strength of the concrete used in the pier or footing; however, a grout compressive 
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Figure 8-33 Column base plate, bearing stresses, and critical areas. 


strength of twice the concrete pier or footing compressive strength is recommended [10]. 
During steel erection, “-in.-thick leveling plates, which are slightly larger than the base 
plates or leveling nuts, are used at the underside of the column base plates to align or plumb 
the column (see Figure 8-34). For base plates larger than 24 in. in width or breadth, or for 
base plates supporting heavy loads, leveling nuts (see Figure 8-34b) should be used instead 
of leveling plates [10]. The authors recommend that high stacks of steel shims or wood 
shims not be used to plumb building columns during erection. The concrete piers should be 
larger than the base plate by at least twice the grout thickness to prevent interference between 
the anchor rods and the pier reinforcing, and the exterior column piers should be constructed 
integrally with the perimeter foundation walls. In the design of the base plate, the bearing 
stresses below the plate are assumed to be uniform and the base plate is assumed to bend in 
two directions into a bowl-shaped surface (i.e., the plate is assumed to cantilever and bend 
about the two orthogonal axes). 
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Table 8-8 Availability of base plate materials 


Base Plate Thickness, in. Plate Availability 


tp = 4 in. ASTM A36* 
ASTM A572, grade 42 or 50 
ASTM A588, grade 42 or 50 


4in.<t, = 6in. ASTM A36* 
ASTM A572, grade 42 or 50 
ASTM A588 


*ASTM A36 is the preferred material specification for steel plates. 


The design strength of concrete in bearing from ACI 318 [11] is given as 
/ A, 
bP, = b,(0.85f )A; we. (8-15) 
eA, 


where 


A, = Base plate area = B X N, 
B = Width of base plate, 
N = Length of base plate, 


A, = Area of concrete pier concentric with the base plate area, A,, projected at the 
top of the concrete pier (or at the top of the concrete footing when the column 
base plate is supported directly by the footing) without extending beyond the 
edges of the pier or footing, 

J! = Compressive strength of the concrete pier or footing, ksi, and 


&, = Strength reduction factor for concrete in bearing = 0.65 (ACI 318). 


It should be noted that the strength reduction factor for concrete in bearing, ¢,, is 0.65, and 
not 0.60 as indicated in the AISC specification. As a matter of fact, reference [10], which is 


base plate 


a. leveling plate b. leveling nuts 


Figure 8-34 Leveling plate and leveling nut. 
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an AISC publication, acknowledges that the discrepancy was caused by an “oversight in 
the AISC specification development process,” and that , should actually be 0.65 as spec- 
ified in the ACI Code [11]. 


Aj 
(2) 25 (8-16) 
A, 


[A 
The = term accounts for the beneficial effect of confinement when the concrete pier area 
1 


(or footing area when the footing directly supports the column) is greater than the base 
plate area. 

In determining the base plate thickness, the base plate is assumed to be rigid enough 
to ensure a uniform bearing pressure distribution at the bottom of the base plate. The 
uniform bearing stress at the bottom of the base plate due to the factored column load, 
P18 


Sou = P,/A, (8-17) 


Where the base plate cantilevers beyond the critical column area by the critical distance, ¢, 
the applied moment in the base plate at the edge of the critical column area due to this uni- 
form stress is 


_Iné® Pe (8-18) 
a ae ° 
The bending strength of the plate about its weak axis is 
2 
PP 
b,M,, = , ZF, = 6,( 4 )r (8-19) 


where the unit width of the plate, b, = lin. 
Equating the bending strength to the applied moment (i.e., b,M,, = M,,) yields the required 
plate thickness as 


— } 2P,07 ; 2P,, (8-20) 
. b,A\F, , BNF, 


The practical minimum base plate thickness used for columns in steel buildings is % in., 
with thickness increments of % in. up to 1/ in., and “%-in. increments beyond that. The 
thickness of a base plate should not be less than the column flange thickness to ensure 
adequate rigidity of the base plate. However, for lightly loaded columns such as posts 
and wind columns, /-in.-thick base plates may be used. The length, N, and the width, 
B, of the base plate should be specified in increments of 1 in. Square base plates are nor- 
mally preferred and are more commonly used in practice because the directions of the 
length and width of the plate do not have to be specified on the drawings. The use of 
square base plates also helps minimize the likelihood of construction errors. The criti- 
cal base plate cantilever length, ¢, is the largest of the cantilever lengths, m, n, and An’, 
where 
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N — 0.95d 
m= 
2 
B — 0.80b;, 
n= , an 
2 


Lo 
n' = 4 dby. 


The above equations are valid for W-shaped columns. For a square HSS column, 


N-— b 
m= : 
2 
B-b 
n= , and 
2; 

. b 

n=-, 
4 

where 


, = 0.9 (strength reduction factor for plate bending), 
F, = Yield strength of the base plate, 

d = Depth of column, 

by = Flange width of column, 


m, n, \n' = Cantilever lengths of the base plate beyond the edges of the critical area 
of the column, 


€ = Maximum of (m, n, Xn"), 
d is conservatively taken as 1.0 [10] in this text, and 
b = Width of square HSS column. 


8.14 ANCHOR RODS 


Anchor rods are used to safely anchor column bases and to prevent the overturning of 
columns during erection. They are also used to resist the base moments and the uplift forces 
that a column base may be subjected to due to lateral wind or earthquake forces. The most 
commonly used specification for anchor rods is ASTM F1554 [12]; it covers hooked, headed, 
and nutted anchor rods (see Figure 8-35). This specification provides for anchor rods in 
grades 36, 55, and 105, with grade 36 being the most commonly used in design practice. 
ASTM F1554, grade 36 anchor rod is weldable; the weldability of grade 55 can be enhanced 
by limiting the carbon content using a supplementary requirement for weldability. Grade 55 
anchor rods are used to resist large tension forces due to uplift from overturning moments 
or moment connections at the column base plate. The weldability of anchor rods becomes 
a desirable property if and when field repairs that involve welding of the anchor rods are re- 
quired. The use of grade 105 anchor rods is not recommended because of difficulty with 
weldability, so it is advisable to use a larger diameter rod size in lieu of grade 105. Prior to 
1999, ASTM A36 and A307 were the commonly used material specifications for anchor 
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a. hooked b. plate washer c. double nut d. headed 


Figure 8-35 Types of anchor rods. 


rods, but these have now been largely replaced by ASTM F1554. The reader should note that 
ASTM A325 and A490 should not be used for anchor bolts because these specifications are 
only valid for bolts used in steel-to-steel connections and are only available in lengths of not 
more than 8 in. For nutted anchor rods, the heavy-hex nut is most commonly used, and is 
usually tack welded at the bottom to the threaded rod to prevent the rod from turning loose 
from the nut when tightening the top nut above the base plate. The preferred material spec- 
ification for the heavy-hex nuts is ASTM A563 where the required finish and grade of heavy- 
hex nuts corresponding to the various grades of anchor rods are given. 

The minimum and most commonly used anchor rod size in design practice is /-in. 
diameter with a minimum recommended embedment length in the concrete of 12d and 
a minimum embedded edge distance of 5d or 4 in., whichever is greater, where d is the 
anchor rod diameter. Headed and nutted anchor rods are used to resist tension forces due 
to uplift from overturning or column base moments; they are typically used at braced- 
frame column locations or at the bases of moment frame columns. Athough a hooked 
anchor rod does have some nominal tension capacity, they are typically used for axially 
loaded columns only. In typical building columns that are not part of the lateral load re- 
sisting system, four anchor rods with 9-in. minimum embedment and 3-in. hook, are usu- 
ally specified. To ensure moment restraint at the column base—thus ensuring safety 
during steel erection, the Occupational Safety and Health Administration (OSHA) re- 
quires that a minimum of four anchor bolts be specified at each column. The minimum 
moment to be resisted during the erection of a column, according to OSHA’s require- 
ments, is an eccentric 300-lb. axial load located 18 in. from the extreme outer face of 
the column in each orthogonal direction [10]. For a typical W12 column, this means that 
the anchor rods have to be capable of resisting a minimum moment about each orthog- 
onal axis of (0.3 kip)(18 in. + 12 in./2) = 7.2 in.-kips. For a typical axially loaded 
W12 column with nominal /%-in.-diameter anchor bolts, the tension pullout capacity 
with 9-in. minimum embedment and 3-in. hook is approximately 5.7 kips (see Section 
8.16). If the anchor rods were laid out on a minimum 3-in. by 3-in. grid, the moment 
capacity of the four nominal anchor rods is (2 rods)(5.7 kips)(3 in.) = 34.2 in.-kips, 
which is much greater than the applied moment per OSHA requirements. 

The accurate layout of the anchor rods is very important before the concrete piers 
or footings are poured. The plan location of the anchor rods should match the location 
of the anchor rod holes in the column base plates and must project enough distance 
above the top of the pier (or footing) to accommodate the nut and washer. For columns 
that are adjacent to intersecting foundation or basement walls, a special anchor rod 
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inaccessible 
anchor rods 


Figure 8-36 Column base plate details with inaccessible anchor rod. 


layout may be required to provide accessibility to all of the anchor rods because of the 
presence of the wall, or a construction sequence must be specified that has the column 
and the anchor rods in place before the wall is poured [13]. Figure 8-36 shows some de- 
tails with inaccessible anchor rods that should be avoided in practice [9]. Some contrac- 
tors might request to wet-place the anchor rods immediately after the concrete is poured, 
but this should not be allowed (see Section 7.5 of Ref. [11]). The anchor rods must be 
set and tied in place within the formwork of the concrete pier before the concrete pier 
is poured. 

Where the length of the anchor rod that projects above the top of the concrete pier is 
too short because of a misplacement of the anchor rod, one possible solution would be to 
extend the anchor rod by groove-welding a threaded anchor rod (of similar material) to the 
existing anchor rod and providing filler plates at the weld location as shown in Figure 8-37. 
The filler plates should be tack welded to each other and the washer plate should be tack 
welded to the filler plates. In some situations where anchor rods have been laid out incor- 
rectly, the use of drilled-in epoxy anchors may be the only effective remedy, but care must 
be taken to follow the epoxy anchor manufacturer’s recommendations and design criteria with 
regard to edge distances and minimum spacing, especially for column base plates that have 
to resist moments or uplift forces. 


new hole for actual 


new anchor : 
anchor rod location 


rod extension 


existing anchor rod 
(either too short or 
damaged in the field) 


a. anchor rod extension b. misplaced anchor rod 


Figure 8-37 Repair of misplaced anchor rods. 
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8.15 UPLIFT FORCE AT COLUMN BASE PLATES 


In this section, we will consider the effects of uplift forces on anchor rods. 
For the three-story braced frame shown in Figure 8-38, the unfactored overturning 
moment at the base of the building is 


OM = F.h, + F3h3 + Fh, 
where 


F, F, and F,. are unfactored wind or seismic loads on the braced frame, 


h,, h3, and hy = heights of the roof, third, and second floor levels above the ground floor 


Considering only the lateral loads and neglecting the gravity loads for now and summing 
the moments about point B on the braced frame gives 


=M, = 0 > OM — 7(b) =0 
“. Unfactored uplift force, T= OM/b. 


Vertical equilibrium yields the unfactored compression force, C = OM/b, 
where 


T = Tension force at the base of the column due to lateral loads (negative), and 
C = Compression force at the base of the column due to lateral loads (positive). 


b = distance between the braced frame columns. 


Assuming that the unfactored cumulative dead load on column AC is Pp and using the load 
combinations from Chapter 2 of this text, 


: roof 


Figure 8-38 Typical braced frame. 
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the factored net uplift in column AC = 0.9 Pp + 1.6 Tying (8-21) 
or 0.9 Py, + 1.0 T. 


earthquake* 


Note that in equation (8-21), the tension force, T, is entered as a negative number since the 
dead load acts downward, whereas the tension force acts upward in the opposite direction. 


e If equation (8-21) yields a net positive value, then no uplift actually exists in the column 
and, therefore, only nominal anchor rods are required (i.e., four /-in.-diameter anchor 
rods with 9-in. minimum embedment plus 3-in. hook). 

e If equation (8-21) yields a net negative value, then a net uplift force exists in the col- 
umn, base plate, and anchor rods. Therefore, the column, column base plate, anchor rods, 
concrete pier, and footing have to be designed for this net uplift force. Headed anchor 
rods with adequate embedment into the concrete pier or footing are normally used to 
resist uplift forces. 


The base plate will be subjected to upward bending due to the uplift force and the plate 
thickness must be checked for this upward bending moment as shown in Figure 8-39. The 


effective width 
per anchor rod 


| lap splice with rebar 
to transfer loads 


a. anchor rods outside of column footprint b. anchor rods inside of column footprint 


Figure 8-39 Bending in base plates due to uplift force. 
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bearing elevation of the column footing should also be embedded deep enough into the 
ground to provide adequate dead weight of soil to resist the net uplift force. 
There are two cases of uplift that we will consider: 


Case 1: Net ee force on base plates with anchor 
rods outside the column footprint 


For anchor rods located outside of the column footprint (see Figure 8-39a), the plate thick- 
ness is determined assuming that the base plate cantilevers from the face of the column due 
to the concentrated tension forces at the anchor rod locations. The applied moment per unit 
width in the base plate due to the uplift force is 


= ; (8-22) 


where 


x = Distance from the centroid of the anchor rod to the nearest face of the column, 
T,, = Total net uplift force on the column, and 


B = Width of base plate (usually parallel to the column flange). 


The bending strength of base plate bending about its weak axis is 


byt 
6,M, = $,Z,F, = >, OR, (8-23) 
where 
b, = 1 in. 


Equating the bending strength to the applied moment (i.e., 6,M,, = M,) yields the required 
plate thickness as 


0 NV OsBF, oe 


Case 2: Net uplift force on base plates with anchor rods 
within the column footprint 


For anchor rods located within the column footprint as shown in Figure 8-39b, the plate 
thickness is determined assuming that the base plate cantilevers from the face of the column 
web due to the concentrated tension forces at the anchor rod locations. If the distance from 
the centroid of the anchor rod to the face of the column web is designated as y, the effec- 
tive width of the base plate for each anchor rod is assumed to be the length of the plate at 
and parallel to the column web and bounded by lines radiating at a 45° angle from the cen- 
ter of the anchor rod hole toward the column web (see Figure 8-39b). This assumption yields 
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an effective width of 2y for each anchor rod. Therefore, the applied moment per unit width 
in the base plate due to the uplift force is 


(*) 
n? fT, 


M, = = ., 8-25 
uw By on (8-25) 


where 


y = Distance from the centroid of the anchor rod to the web of the wide flange 
column, 


T, = Total net uplift force on the column, and 


n = Total number of anchor rods in tension. 


The above equation assumes that the anchor bolts are spaced far enough apart that the influ- 
ence lines that define the effective plate width for each anchor bolt do not overlap those of the 
adjacent anchor rod. The bending strength of the base plate bending about its weak axis is 


bly 
,M,, = ,Z,F, = 6,( 4 Jr. (8-26) 
where 
b, = lin. 


Equating the bending strength to the applied moment (i.e., b,M,, = M,,) yields the required 
plate thickness as 


t =} an, 8-27 
a ,nFy ( - ) 


8.16 TENSION CAPACITY OF ANCHOR RODS 


The failure of anchor rods embedded in plain concrete can occur either by the failure of the 
anchor rod in tension or by the pullout of the anchor rod from the concrete. The uplift ca- 
pacity of the anchor rod is the smaller of the tension capacity of the anchor rod and the con- 
crete pullout capacity. The calculation of the tension capacity of rods in tension was discussed 
in Chapter 4. The tension capacity is given as 


oR, = (0.75)(b)F,A;, (8-28) 
where 


A, = Gross area of the anchor rod = td,”/4, and 
F, = Ultimate tensile strength of the anchor rod (58 ksi for grade 36 steel). 
= 0.75 
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According to Appendix D1 of ACI 318 [11], the pullout strength of a hooked anchor rod em- 
bedded in plain concrete is 


oR, = b,(0.9f" .€;,d;), (8-29) 
where 
ob = 0.7, 


ww, = 1.4 if concrete is not cracked at service loads (1.0 for all other cases), 
e, = Hook extension = 4.5d,, and 


f'. = Concrete compressive strength in psi. 


For a nominal /%-in.-diameter anchor bolts with 9-in. minimum embedment and 3-in. hook 
into the concrete footing or pier (ASTM F1554, grade 36 steel) in 4000-psi concrete, the up- 
lift capacity is the smaller of 


bR, = (0.75)()F,A, = (0.75)(0.75)(58 ksi) (ar) (%)2/4 = 14.4 kips or 
oR, = bb,(0.9f'.e,d,) = (0.7)(1.0)(0.9) (4000) (3 in.) (% in.) = 5.7 kips Governs 


In Section 8-14, this anchor rod pullout capacity was used to determine the overturning 
moment capacity of a column base plate and was found to meet the OSHA column erection 
requirements. 

For headed or nutted anchor rods in plain concrete, when calculating the pullout and 
breakout strengths of a single or a group of anchor rods, the reader should refer to Appendix 
D1 of ACI 318 [11]. It should be emphasized that hooked anchor rods are not recommended 
for resisting uplift loads or column base plates subject to moments or lateral loads. The 
hooked anchor rods should only be used for leaning columns and to provide temporary sta- 
bility for steel columns during erection. Only headed or nutted anchor rods should be used 
to resist uplift forces or moments at column bases. Alternatively, the tension forces can be 
transferred from the anchor rods to the concrete pier through bonding, thus obviating the 
need to use Appendix D1 of ACI 318. For this tension force transfer mechanism, the anchor 
rods have to be tension lap spliced with the vertical reinforcement in the concrete pier using 
a tension lap splice length of 1.3 times the tension development length of the vertical rein- 
forcement in the pier; this required lap-splice length will determine the minimum height of 
the concrete pier and hence the bearing elevation of the concrete footing. For anchor rods that 
are lap spliced with pier reinforcement, the tension capacity of the anchor rod [10] is 


bR,, = (0.75A,)F,, (8-30) 
where 


db = 0.9, 
0.75A, = Tensile stress area of the threaded anchor rod, 
A, = Nominal or unthreaded area of the anchor rod, and 


F, = Yield strength of the anchor rod. 


For the base plate and anchor rod examples in this text, it is assumed that the full tension 
capacity of the anchor rods will be developed either by proper tension lap splice with the 
pier reinforcement, or by proper embedment into the concrete footing or pier, with adequate 
edge distance and spacing between the anchors. 
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EXAMPLE 8-5 


Uplift at the Base of the Columns in Brace Frames 


The three-story braced frame shown in Figure 8-40 is subjected to the unfactored 
loads shown below. Determine the maximum uplift tension force at the base of the 
ground-floor column. 


Wind Load: 


Roof level: 11.4 kips 
Third-floor level: 17.9 kips 
Second-floor level: 23.6 kips 


Dead Load on Column: 


Roof level: 10 kips 
Third-floor level: 20 kips 
Second-floor level: 20 kips 


Live Load on Column: 


Roof level (snow): 14 kips 
Third-floor level: 20 kips 
Second-floor level: 20 kips 


P, = 10 kips P, = 10 kips 
P,= 14 oe {* = 14 kips 
F, = 11.4 kips Roof 
Sy P, = 20 kips Py, = 20 kips 
= P, = 20 Ke {*: = 20 kips 
ey F, = 17.9 kips 3rd 
oc Sa 
= Py = 20 kips Pp = 20 kips 
a P, = 20 kips {? = 20 kips 
“| F, = 23.6 kips and 
eae se 


i Cc 


w 


Figure 8-40 Braced frame for Example 8-5. 
(continued) 
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SOLUTION 


Maximum overturning moment at the base of the column due to wind, OM = 
11.46 ft.) + 17.9(24 ft.) + 23.6(12 ft.) = 1123 ft.-kips 
Therefore, the uplift force due to the overturning moments from wind loads is 


Ty = OM/b = 1123 ft.-kips/32 ft. 


35 kips (—ve for tension and + ve for compression). 


Cumulative dead load at the base of the column, Pp = 10 + 20 + 20 = 50 kips 
Net uplift caused by the tension force due to wind is 


0.9D + 1.6W = 0.9(50) + 1.6(—35) = —11 kips. 


The sign of the tension force in the load combination above is negative because the 
tension force acts in an opposite direction to the downward-acting dead load, D. 

Therefore, the column, base plate, anchor bolts, pier, and footing will be subjected 
to this uplift tension force of 11 kips and must be designed for this force. The de- 
signer should also ensure that the concrete footing is embedded deep enough into the 
ground to engage sufficient dead load from its self-weight, plus the weight of the soil 
above it, to resist the net uplift force if the weight of the soil is needed to counteract 
the uplift. Often, the spread footings for braced frame columns may need to be placed 
at lower elevations compared to other columns in order to engage enough soil to pro- 
vide resistance to the net uplift. 


Increased Compression Load on Braced-Frame Columns 


The maximum compression force on the braced-frame column should also be calcu- 
lated using the load combinations from Chapter 2. The column, base plate, pier, and 
footing also need to be designed for this increased load. 


8.17 RESISTING LATERAL SHEAR AT COLUMN BASE PLATES 


The column bases in braced frames and moment frames are usually subjected to lateral 
shear at the column bases in addition to moments or uplift tension forces. This lateral shear 
can be resisted by one, or a combination, of the following mechanisms: 


e Bearing of the steel column against the concrete floor slab 


In this case, the lateral shear is transferred into the slab by the flanges or web of the 
column bearing against the floor slab. The load that can be transferred by this mech- 
anism is limited by the bending in the flange and web of the steel column due to the 
bearing stress. This appears to be the most commonly assumed lateral shear transfer 
mechanism in design practice, at least for low-rise buildings. Sometimes, horizontal 
steel channel struts with headed studs can be welded to the column base plate and ex- 
tended for a sufficient length into the concrete slab to transfer the shear into the con- 
crete slab, which, in turn, transfers the lateral shear into the footing through vertical 
dowels (see Figure 8-41a). 
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bearing of steel 
column against 
floor slab 


alternate 
detail 
go angle 
embedded S Pita ee a 
with headed studs 
c. embedded plates 
plan view 


hairpin 


rebar has to be developed 
past the control joint 
ay “ around the column 

d. hairpin 


Figure 8-41 Details for resisting lateral shear at column base plates. 
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e Bending of the anchor rods 

For this mechanism, the anchor bolts are assumed to bend in double curvature in resist- 
ing the lateral shear, with a point of inflection assumed to occur in the anchor rod at the 
mid-depth of the grout. In addition, the anchor bolt will also resist any tension force on 
the column base. This bending mechanism is only possible if the anchor rod can bear 
directly against the column base plates; however, if oversized holes are used in the 
base plate, slippage of the base plate will occur until the anchor rod bears against the 
base plate. To avoid this slippage, the anchor rod washer and nut must be welded to 
the base plate. This lateral shear transfer mechanism is not recommended by the authors 
because of the limited bending capacity of anchor rods. 


Shear lugs, shear stubs, or shear plates 

For this mechanism, a steel plate (or shear key) is welded to the bottom of the column 
base plate; it provides the bearing surface required to transfer the lateral shear from the 
base plate to the concrete. The shear lug plate is subject to bending about its weak axis 
(see Figure 8-41b). For the design of shear lugs to resist lateral shear, the reader should 
refer to the AISC design guide [10]. 

Embedded plates 

For this detail, a plate is embedded into the concrete slab in front of the column and 
parallel to the lateral force resisting system. A vertical gusset plate is welded to the top 
of the column base plate and to the top of the embedded plate; this gusset plate is used 
to transfer the lateral shear from the column base plate through the embedded plate into 
the concrete slab. An alternate detail might involve plates with headed studs embed- 
ded into the concrete on both sides of the column base plate; angles (with length par- 
allel to the lateral shear) are field welded to the embedded plates and the base plate (see 
Figure 8-41c). 

Hairpin bars or tie rods in slabs-on-grade for industrial buildings 

Hairpin bars are U-shaped steel reinforcement that are wrapped around the steel columns 
in metal buildings to resist the lateral shear at the base of the column (see Figure 8-41d). 
The reinforcing is designed as a tension member to transfer the lateral shear in the base 
of the column into the concrete slab-on-grade. The reinforcing has to be developed a 
sufficient distance into the concrete slab to transfer this shear force, and often the rein- 
forcing will cross a control joint in the slab-on-grade. The reinforcing must be devel- 
oped past this joint. 


8.18 COLUMN BASE PLATES UNDER AXIAL LOAD AND MOMENT 


The base of columns in moment frames are sometimes modeled as fixed supports requiring 
that the base plates be designed to resist moments. Other situations with fixed supports in- 
clude the bases of flag poles, light poles, handrails, and sign structures (see Figure 8-42). 
Two different cases will be considered here—base plates with axial load plus a small mo- 
ment, and base plates with axial load plus large moments. The authors recommend that the 
base of columns in moment frames be modeled and designed as pinned bases (i.e., without 
moment restraints) because of the difficulty of achieving a fully fixed support condition in 
practice; however, where moment restraint is absolutely required, say, because of a need to 
reduce the lateral drift of the building frame, the column base plates and the anchor bolts, 
as well as the concrete footing, must be designed to resist the base moments while also lim- 
iting the rotation of the footing. In this case, we recommend that the spread footing be sized 
to ensure that the resultant load lies within the middle third of the footing dimension to 
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a. building column b. handrail post 


c. free-standing sign 


Figure 8-42 Examples of column base subjected to axial load plus bending 
moment. 


reduce undesirable rotations of the footing. Alternatively, the eccentric moment in the col- 
umn can be resisted by strapping the column to an adjacent column footing. For a detailed 
design of eccentrically loaded or strap footings, the reader should refer to a reinforced con- 
crete text (e.g., ref. [14]). It is usually much easier to achieve a fixed column base with piles 
or mat foundations. 

There are two load cases we will consider: axial load with a small moment and axial 
load with a large moment. 
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Case 1: Axial Load Plus Small Moment with the Eccentricity 
of Loading, e = M,,/P,, = N/6 


In this case, the moment is small enough that no tension stresses develop below the base plate. 
The base plate is subjected to a trapezoidally varying bearing stress that ranges from a min- 
imum value at one edge of the base plate to a maximum value at the opposite edge, as shown 
in Figure 8-43. 

The minimum and maximum compression stresses are 


ma gypsy = and (8-31) 
Suu min BN cs = UV, an 2 
6 
f _ iP M, = b ti ] (8 32) 
Ju, max BN Gs = oth respectively, 7 
6 
where 
aP, 
bf, = 2% = 0.65(0.85/'), 


A, 
P,, = Applied factored axial compression load at the base of the column, 
B = Width of base plate, 
N = Length of base plate, 
M,, = Factored applied moment at the base of the column, and 
f'. = Concrete compressive strength. 
o, = 0.65. 


The procedure for the design of column base plates with small moments is as follows: 


1. Determine the factored axial load, P,,, and the factored moment, M,, for the column 


uo 


P,, 
1 . 
m 
N 
| 


base. 


base plate, 
are BXN Xt, 


Srcnin) 


Fins) 


Figure 8-43 Column base plate with axial load 
and small moment. 
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. Select a trial base plate width, B, and a base plate length, NV such that 


B2bh + 4 in., and 
N2Zd + 4in. 


. Determine the load eccentricity, e = M,,/P,,. 


If e = N/6 => Small moments. OK: This implies case 1; therefore, go to step 4. 


If e > N/6 => Large moments. Use Case 2 (i.e., large moments). 


. Determine the plate cantilever lengths, m and n: 


m 


(N — 0.95d)/2 
n = (B — 0.8b,)/2 


. Determine the minimum and maximum bearing pressures using equations (8-31) and 
(8-32). 


If equations (8-31) and (8-32) are not satisfied, increase the base plate size until 
these equations are both satisfied. 


. Determine the maximum moment in the plate at the face of the column flange (i.e., at 
a distance m from the edge of the plate). 

The maximum bearing pressure at a distance m from the edge of the plate (see 
Figure 8-43) is 


(N — m) 
N 


ici — Sutin + ag TF vea 


The applied maximum bending moment per unit width in the plate at a distance m 
from the edge of the plate is 


2 


1 2, 
Mim = Ce + 2 (Feces fun)()( 2m), 


The bending strength per unit width of the base plate is 


byt, 
b)M, = $,2Z,F, = $5( — )F,. 


4 
Note that 6,M/@, = M,,,, yields the required minimum base plate thickness as 
7 4M um 
th = 4/ bu, F, 
where 
M,,,, = Maximum bending moment per unit width in the base plate, in in.-kips/in. 
width, 


b, = Plate unit width = | in., and 
F, = Yield strength of the base plate. 
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Case 2: Axial Load Plus Large Moment with the Eccentricity 
of Loading, e = M,,/P,, > N/6 


In this case, the moment at the base of the column is large enough that the base plate will 
lift off the grout bed on the tension side of the base plate, thus resulting in about half of 
the anchor rods in tension. Similar to the limit states design principles used in reinforced 
concrete design, the design of column base plates with large moments assumes a uniform 
concrete stress distribution (i.e., a rectangular concrete stress block) and a moment that 
is large enough for the anchor rods in the tension zone to develop their full tension capac- 
ity. The maximum stress in the compression zone is assumed to be 0.85f%, acting over the 
full width, B, of the base plate and over a depth, a. The stress distribution is shown in 
Figure 8-44. 

Assuming that the total area of the anchor rods in the tension zone is A,, the vertical 
equilibrium of forces in Figure 8-44 requires that 


0.856. f.Ba = P, + T,. (8-33a) 
Assuming that all anchor rods in the tension zone yield, then 

T,, = 6,R,, — 0.75,A,F i 
If the tensile strength of the anchor rod, T,,, is limited by their pullout or breakout capacity 
in the concrete, then 7, will be equal to the smaller of the pullout or breakout capacity of 
the anchor group, and this value will have to be substituted into equation (8-33a). For a case 
where all anchor rods in the tension zone yield and the strength is not limited by the con- 
crete pullout or breakout capacity, the depth of the rectangular concrete stress block, a, can 


be obtained from 


0.85, f'Ba = P, + 0.750,A,F (8-33b) 


Py 
1 . 
base plate, 
N : BXNXt, 


Figure 8-44 Column base plate with axial 
load and large moment. 
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where 


ob. = 0.65 (ACI 318), 
o, = 0.75 
B = Width of base plate, 
a = Depth of rectangular stress block, 
P., = Applied factored axial load on the column, 
F,, = Ultimate tensile strength of the anchor rod, and 
A, = Total area of anchor bolts in the tension zone. 


h = distance from the anchor rods in tension to the opposite plate edge. 


Summing the moments of forces about the centroid of the anchor rods in the tension zone 
gives 


P,(h — 0.5N) + M, = 0856, f2Ba{h = z). (8-34) 


Note that the above equations assumes that the full anchor rod tensile strength can be developed 
within the concrete embedment provided. If this is not the case, the tensile strength of the an- 
chor bolt will be limited by the pullout strength of the anchor rod (see ref. 1 1). Equations (8-33) 
and (8-34) contain four unknowns that will be determined using the iterative approach below: 


1. Determine the factored axial load, P,,, and the factored moment, M,, for the column 
base, and calculate the load eccentricity, e = M,/P,,. 
2. Select a trial base plate width, B, and a base plate length, N, such that 


Ba by + 4 in., and 
N=d + 4in. 
If e > N/6 => Case 2 (i.e., large moments). Go to step 3. 


If e = N/6 = Case 1 (i.e., small moments). Stop and use the method for 
small moments. 


3. Assume an approximate value for the effective depth, h. Assume h = 0.9N. 
4. Assume a trial value for the area of the anchor rod in the tension zone, A,. 


5. Solve equation (8-33) for the depth of the rectangular concrete stress block, a, and 
then solve equation (8-34) for the base plate length, N. 


6. Use the larger of the N values obtained from steps 2 and 5. 
7. The cantilever length of the base plate in the compression zone is the larger of 


(N — 0.95d)/2, or 
(B — 0.8b,)/2. 


m 


n 


The maximum factored moment per unit width in the base plate is 


£2 
M, = (0.85b.f) 55 


where 


€ = Maximum of (m, n). 
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The bending strength of the plate per unit width is 


bol 
,M,, = ,Z,F, Zz b,( 4 Je, 


Note that 6,/@, = M, yields the minimum required base plate thickness due to 
compression stresses in the compression zone as 


where 


b, = Plate unit width = 1 in., and 
d = Depth of the column. 


8. Check the bending of the base plate in the tension zone caused by the tension force 
in the anchor bolts. The plate is assumed to cantilever from the face of the column 
due to the tension in the anchor rods. The applied moment per unit width in the base 
plate due to the tension force in the anchor bolts is 


where 

x = Distance from the centroid of the anchor rod in tension to the nearest face of the column, 
T,, = Total force in the anchor rods in tension = 0.750,A;F,, and 

B = Width of the base plate. 


The bending strength of the plate bending about its weak axis is 


Use 
,M,, = b,Z,F, i b,( 4 )p, 


Equating the bending strength to the applied moment (i.e., b,//,, = M,,) yields the re- 
quired minimum plate thickness as 


| 47x 
t= ; 
, ,BF, 


9. The larger of the base plate thicknesses from steps 7 and 8 governs. 


10. If the designer wishes to limit the base plate thickness and also prevent excessive de- 
formation of the base plate, vertical stiffeners may be provided for the base plate in two 
orthogonal directions that will prevent the plate from cantilevering the distance, m, 
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a. reinforced single direction b. reinforced both directions 


Figure 8-45 Column base plate with stiffeners. 


indicated in step 7 and the distance, x, in step 8 (see Figure 8-45). In this case, the 
stiffeners bending about their strong axis will resist the maximum factored plate mo- 
ments calculated in steps 7 and 8. However, in design practice, the use of stiffeners 
at base plates should be avoided because of the increased cost associated with the 
increased labor involved in welding stiffener plates to the base plate and the likely 
interference of the stiffener plates with the anchor rods [8]. Base plates with stiffeners 
should only be used for columns resisting very large base moments (e.g., columns 
supporting a jib crane), where the base plate thickness without stiffeners will be ex- 
cessive. The presence of stiffener plates may also complicate or render impossible 
any field corrections that have to be made to the anchor rods in case of misplacement 
of the anchor rods. The authors recommend that sufficient base plate thickness be 
provided to obviate the need for stiffeners in base plates. However, stiffener plates on 
base plates may, on occasion, be required where remedial action is needed to repair 
underdesigned column base plates [16]. 


EXAMPLE 8-6 


Design of Base Plate for a W-Shaped Column Subject 
to Axial Load Only 


Design the base plate and select the minimum concrete pier size fora W12 X 58 col- 
umn with a factored axial compression load of 300 kips. Assume a 1-in. grout thick- 
ness, concrete compressive strength of 4 ksi, and ASTM A36 steel for the steel plate. 


SOLUTION 
From Part 1 of the AJSCM, 


For W12 X 58,d = 12.2 in.; = 10 in. 
(continued) 
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e Try a base plate 4 in. larger than the column in both directions (i.e., 2 in. larger all 
around the column) to allow room for the placement of the anchor bolts outside the 
column footprint. 


Wity 13 FS [de ae Bhi, = 1) ae 4) = ile) iim, 
N=d + 4in. = 12.2in. + 4in. = 17in., say 18 in. 
Ap Boone — (l4an, (8am, — 25210. 


Try a 14-in. by 18-in. base plate (see Figure 8-46). 


Select the minimum pier size: 


= (B+ 2h) x (WV + 2h) 
= [14in. + (2 X 1in.)][(18in. + (2 X 1in.)] 
= 16in. X 20-in. pier. A, = (16 in.)(20 in.) = 320 in. 


Figure 8-46 Column base plate for Example 8-6. 


V2 py oe0 1.13 < 2and > 1.0 OK 
—— = = = < an a 
Fe 252 


N — 0.95d I = OGSCLZ 22) 


m= 5 5 = 3.21 in. (Largest value governs) 
B — 0.80b; — 14 — 0.80(10) 
in = 5 = 5 = 3 ili 


therefore, € = 3.21 in. 


1 1 
n' = gv bb, = 7 V02.2)(10) = 2.8 in. 


From equation (8-20), the required minimum base plate thickness is given as 


(2)(300 kips) 
D ree ein = : 
,BNF, 0.9(252 in.”)(36 ksi) 

= 0.87 in. = % in. 
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Use 4-in. increments for base plate thicknesses of less than 1/ in. and /-in. increments 
for others. 


Check Bearing Capacity of Concrete Pier: 


bP, = (0.85f)A,WVA/A, = (0.65)(0.85)(4 ksi)(252)(1.13) 
= 628 kips > P, = 300 kips OK 


Use a 14-in. by 7/8-in. by 18-in. base plate 

For this rectangular base plate, the orientation of the 14-in. and 18-in. dimensions 
would have to be indicated on the column schedule or on the structural plan. Where 
the bearing capacity of a pier, .P,, is less than the factored axial load, P,,, on a col- 
umn, an increase in the bearing capacity can be achieved far more efficiently by in- 
creasing the pier size (i.e., area A,) than by increasing the base plate size (1.e., area A,). 


EXAMPLE 8-7 


HSS Column Base Plate Subject to Axial Load Only 


Design the base plate for an HSS 12 X 12 X 7% column with a factored axial compres- 
sion load of 450 kips. Assume a 2-in. grout thickness, a concrete compressive strength 
of 4 ksi for the pier, and ASTM A36 steel for the base plate. Determine the minimum, 
pier size for this column. 


SOLUTION 
From Part 1 of the AJSCM, 


Por HSS 12% 46,0) — 0, a — 12 in) 


e Try a base plate 4 in. larger than the column in both directions (i.e., 2 in. larger all 
around the column) to allow room for the placement of the anchor bolts outside the 
column footprint. 


Try B = by + 4in. = 12 + 4 = 16 in. 
N=d+4in. = 12 + 4 = 16in. 
An 18) < Nea lean loan, e256 an. 
Try a 16-in. by 16-in. base plate (see Figure 8-47). 
e Select the minimum size of concrete pier 
= (B+ 2h) x (N + 2h) 
=[(16in.) + (2)(2in.)][(16in.) + (2)(2in.)] 
= 20-in. X 20-in. pier... A, = (20in.)(20in.) = 400 in? 


(continued) 
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Figure 8-47 Column base plate for Example 8-7. 


VA,/A, = V/400/256 = 1.25 < 2and > 1.0 OK 


IN = fp I@ = 12 
a ee 

gab loo | 
2 2} 

Governs (largest value governs; therefore, € = 3 in.) 


n= 1Vab, = Va 02) = 3in. 


2 in. 


2 in. 


From equation (8-20), the required minimum base plate thickness is given as 


DE, 0 (2)(450 kips) 
t, = €] = (3m.) 2 
,BNF, (0.9)(256 in.*)(36 ksi) 


=0.99in. Use 1-in.-thick base plate. 


(Use %-in. increments for base plate thicknesses of less than 1% (in. and /-in. 
increments for others.) 


Check Bearing Capacity of Concrete Pier: 


bP, = 6,(0.85f')A,WA,/A, = 0.65(0.85)(4 ksi)(256)(1.25) 


707 kips > P, = 450 kips OK 


Use a 16-in. X 1-in. by 16-in. base plate 
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EXAMPLE 8-8 


Design of Column Base Plate with Axial Compression Load 
and Moment 


The base plate of a W12 X 96 column is subjected to the following service axial 
compression loads and moments. If the compressive strength of the concrete pier is 
4000 psi, design the base plate and anchor rods for this column. 


Pp = 110 kips 
P,, = 150 kips 
Mp = 950 in.-kips 
M, = 1600 in.-kips 


SOLUTION 


The section properties fora W12 X 96 column are d = 12.7 in. and by = 12.2 in. 
(AISCM, Part 1). 

For ASTM A36 anchor rods, the ultimate strength, F,, = 58 ksi and the tensile 
strength, F, = 36 ksi. 

Assume, at this stage, that the moment is large and that load case 2 will govern. This 
will have to be verified later. 


1. P, = 1.2(110) + 1.6(150) = 372 kips 
M, = 1.2(950) + 1.6(1600) = 3700 in.-kips 


e = M,/P,, = 3700/372 = 9.95 in. 
2. Select a trial base plate width, B, and base plate length, NV, such that 


B= by + 4in. = 12.2 + 4 = 16.2 in. Try B = 20 in., and 
N=d + 4in. = 12.7 + 4 = 16.7 in. Try N = 20 in. 


Check if e > N/6: 


e = 9.95 in. > N/6 = 20/6 = 3.33 in. Therefore, use load case 2 (i.e., 
large moments). 


3. Assume an approximate value for the effective depth, h. Assume that h = 0.9N 
Assume that h = 0.9N = (0.9)(20 in.) = 18 in. 
4. Assume a trial value for the area of the anchor rod, A,, in the tension zone. 


Assume three 1/4-in.-diameter anchor rods with hex nuts in the tension zone; 
therefore, A, = 5.3 in.” 


5. Solve equation (8-33b) for the depth of the rectangular concrete stress block, a, 
and then solve equation (8-34) for the base plate length, N. 


Solving equation (8-33b) for the depth, a, of the rectangular concrete stress 
block gives 
(0.85)(0.65)(4 ksi)(20 in.) a = (372 kips) + (0.75)(0.75)(5.3 in.”)(58 ksi). 


Therefore, a = 12.33 in. 
(continued) 
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Solving equation (8-34) for the length, NV, of the base plate gives 


(372 k)(0.9N — 0.5N) + 3700 in.-kips 


12.33 m) 


= 0.85(0.65)(4 ksi)(20 in.) (12.33 in)(09N -— 


Therefore, NV = 20.67 in., say 21 in. Revise base plate trial size to 21 in. by 21 in. 


a = 12.33" 


Figure 8-48 Base plate for Example 8-8. 
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6. Use the larger of the N values obtained from steps 2 and 5. 
Using the larger of the values from steps 2 and 5 gives N ~ 21 in. 
7. The cantilever length of the base plate in the compression zone is the larger of 


m = (N — 0.95d)/2 = [(21 in.) — (0.95)(12.7 in.)]/2 = 4.47 in., or 
n = (B — 0.8b))/2 = [(21 in.) — (0.80)(12.2 in.)]/2 = 5.62 in. 


1 1 
ee a (7a mo — sm 
The maximum factored moment per unit width in the base plate is 


(5.62 in.)? 
M,, = (0.85)(0.65)(4 ksi} > = 35 in.-kips/in. width of the base plate, 


where 
€ = Maximum of (m, n). 


The minimum required base plate thickness due to compression stresses in the 
compression zone is 


_ [4@G5in.-kips/in.) _ 
@ (0.9)(1 in.)(36 ksi) 


2.08 in., 


where 
b, = Plate unit width = 1 in. 


Check the bending of the base plate in the tension zone caused by the tension 
force, T,,, in the anchor bolts. The plate is assumed to cantilever from the face 
of the column due to the tension in the anchor bolts. 


T, = C, — P,, = (0.85)(0.65)(4 ksi)(21 in.)(12.33 in.) — (372 kips) = 200 kips 
Assume that the edge distance of the tension zone bolts is 1.5 in. Therefore, 


x = Distance from the centroid of the anchor bolts in tension to the nearest 
face of the column 
= m-—1.5 in. = 4.47 in. — 1.5 in. = 2.97 in. 
The applied moment per unit width in the base plate due to the tension force in 
the anchor bolts is 


Tx (200 kips)(2.97 in.) 


M, = : = 28.3 in.-kips/in. width of base plate. 
B 21 in. 
4(28.3 in.-kips/in. 
iL = - ae J = 1.87in. 
B (0.9)(1 in.)(36 ksi) 


8. The larger of the base plate thicknesses from step 7 governs. Recall that the mini- 
mum practical base plate thickness is 4 in., with increments of 7% in. up to a 1-in. 
thickness, and increments of % in. for base plate thicknesses greater than 1 in. 

(continued) 
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Comparing steps 6 and 7, and using the larger plate thickness and rounding to 
the nearest % in. implies that 


t, = 2-4 in. 


Therefore, use 21-in. by 2-% in. by 21-in. base plate with (six) 1/-in. diameter 
threaded anchor rods with hex nut. 

Note: It has been assumed in this example that the anchor rods have suffi- 
cient embedment depth into the foundation or pier and adequate edge distance 
and spacing between the anchors to ensure that the full tensile capacity of the an- 
chor rods can be developed in the concrete pier or footing. If that is not the case, 
the tensile force, T,,, in the tension zone anchor bolts will be limited by the con- 
crete pullout and breaking strengths, and this reduced value would need to be 
used in step 5. Alternatively, the anchor rods could be lap spliced with the verti- 
cal reinforcement in the pier to achieve the full tension capacity of the anchor 
rods, but this will increase the height of the concrete pier. 
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8-1. Determine the adequacy of a 15-ft.-long W12 X 72 column in a braced frame to resist a fac- 
tored axial load of 200 kips and factored moments of 100 ft.-kips and 65 ft.-kips about the x- and 
y- axes, respectively. The column is assumed to be pinned at both ends. Use ASTM A992 steel. 


8-2. A 15-ft.-long W12 X 96 column is part of a moment frame with column bases that are pinned. 
The factored axial load on the column is 250 kips and the factored moment is 120 ft.-kips about 


8-3. 


8-4. 


8-5. 


8-6. 


8-7. 


8-8. 


8-9. 


8-10. 


8-11. 
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the x-axis. The building is assumed to be braced in the orthogonal direction. Determine whether 
this column is adequate to resist the applied loads. Use ASTM A992 steel. 


For the mezzanine floor plan shown in Figure 8-49, assuming HSS 7 x 7 columns, 


a. Calculate the factored axial loads and moments (for load case 1 and load case 2) for the 
exterior column Cl. 


b. Using the HSS beam-—column design templates, design the most economical or lightest 
HSS 7 X 7 column size for column C1 that is adequate to resist the loads and moments. 


For the floor and roof framing plan shown in Example 8-3 (Figure 8-32a), analyze the 
North-South moment frames using the amplified first-order analysis method and design col- 
umn B1, including the effect of the leaning columns. 


A W8 X 40 welded tension member, 16 ft. long, is subjected to a factored axial tension load 
of 150 kips and factored moments about the strong and weak axes of 30 ft.-kips and 20 ft.-kips, 
respectively. Assuming ASTM A572, grade 50 steel and that the member is braced only at the 
supports, determine whether the beam—column is adequate. 


Design the base plate for an HSS 10 X 10 X 5/16 column with a factored axial compression 
load of 400 kips. Assume a 1-in. grout thickness, a concrete compressive strength of 4 ksi for 
the pier, and ASTM A36 steel for the base plate. 


Design the base plate and select the concrete pier size for a W12 * 72 column with a factored 
axial compression load of 550 kips. Assume a 1-in. grout thickness, a concrete compressive 
strength of 4 ksi, and ASTM A36 steel for the base plate. 


a. Design the base plate for an HSS 8 X 8 column with a factored axial load, P,,, of 500 kips. 


b. Select the most economical concrete pier size required. Assume a 1-in. nonshrink grout and 
a concrete 28-day strength, f’., of 3000 psi. 


A 15-ft.-long HSS 6 X 6 X 4 hanger supports a factored axial tension load of 70 kips and fac- 
tored moments, M,, = 40 ft.-kips and M,, = 20 ft.-kips. Assuming that the hanger is fully 
welded at the beam support above, is the hanger adequate? Use ASTM A500 Grade 46 steel. 


Select the lightest 8-ft.-long W10 hanger to support a factored tension load of 90 kips applied 
with an eccentricity of 6 in. with respect to the strong (X—X) axis of the section and an eccen- 
tricity of 3 in. with respect to the weak (Y—Y) axis of the section. The member is fabricated 
from ASTM A36 steel, is fully welded at the connections, and is braced laterally at the supports. 


For the three-story braced frame building shown in Figure 8-50, design column C2 for the 
axial loads and no-translation bending moments resulting from the beam-to-column and beam- 
to-girder reaction eccentricities. Use the W-shape column design template and present your re- 
sults in a column schedule. Assume that the column will be spliced at 4 ft. above the 
second-floor level. Use ASTM A992 steel. 


HSS 7 X 7 typ. 
O = 


0" 
neglect edge 
distance 


Figure 8-49 
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Figure 8-50 Roof and floor framing plans for problem 8-11. 


Student Design Project Problem 
8-12. For the student design project building in Chapter 1, determine the factored axial loads and the 
no-translation moments at each level of the building for the typical interior, exterior, and cor- 


ner columns. Using the column design template, select the most economical W-shape columns, 
presenting your results in a column schedule. 


oe dale | CHAPTER 


Bolted Connections 


9.1 INTRODUCTION 


In the preceding chapters, we covered the analysis and design process for basic members, 
such as beams, columns, and tension members. In this chapter and in the following chapter 
(Chapter 10, “Welded Connections”), we will cover the connections of these members to each 
other. In any structure, the individual components are only as strong as the connections. 
Consequently, designers will often specify that that some connections (such as shear con- 
nections in beams) be designed for the full capacity of the connected member to avoid cre- 
ating a “weak link” at the connection. 

In practice, some engineers delegate the design of the simple connections to the steel fab- 
ricator. This usually allows the fabricator to select the most economical method for fabricat- 
ing and erecting the structural steel. In this scenario, the engineer will review and approve these 
simple connections and provide details for the more complicated connections, such as braced 
frames or moment connections. In other cases, engineers may delegate all of the connection 
designs to the steel fabricator. In this case, the engineer will provide drawings showing the 
member forces and reactions so that the fabricator’s engineer can provide an adequate con- 
nection for the loads indicated. In practice, the delegation of connection design to the fabri- 
cator is more prevalent in the Eastern United States. In any case, the engineer of record still 
has to review the connection designs to ensure that they conform to the design intent. 

The most common and most economical connections used are bolted connections. Riv- 
eted connections were used prior to the advent of bolted and welded connections in the 
1950s. The use of riveted connections in structural steel has essentially become obsolete. Riv- 
ets required more skilled laborers for installation, as well as more inspection. They were also 
somewhat more dangerous in that the rivets would have to be heated and installed at a very 
high temperature (about 1000°F). While high-strength bolts have a greater material cost, 
they are installed with a greater degree of safety and with less labor. 

There are two basic types of bolts—unfinished bolts (also called machine, common, or 
ordinary bolts) and high-strength bolts. Unfinished bolts conform to ASTM A307 and are 
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generally used in secondary structures, such as handrails, light stairs, service platforms, and other 
similar structures that are not subject to cyclical loads. Unfinished bolts have a lower load- 
carrying capacity than high-strength bolts; therefore, their use should be limited to secondary struc- 
tures that typically have lighter loads. High-strength bolts are the most common type of bolt 
used in steel structures and have more than twice as much tensile strength than unfinished bolts. 
High-strength bolts conform to either ASTM A325 or ASTM A490 and can be used in bearing, 
as well as slip-critical, connections (connections where slip does not occur; see Section 9-4.). There 
are also bolts referred to as twist-off, tension-controlled bolts, which should meet the requirements 
of ASTM F1852. These bolts are fabricated with a splined end and installed with a special wrench 
such that the splined end breaks off once the required torque is obtained. The inspection of these 
bolts is simplified in that only visual inspection is required. Bolts that conform to ASTM F1852 
are equivalent to ASTM A325 for strength and design purposes. 


9.2 BOLT INSTALLATION 


There are three basic joint types that we will consider: snug tight, pretensioned, and slip- 
critical. The differences among these joint types are essentially the amount of clamping 
force that is achieved when tightening the bolts and the degree to which the connected parts 
can move while in service. The contact area between the connected parts is called the fay- 
ing surface. In any project, the engineer must indicate the joint type and the faying surface 
that are to be used for any given connection. 

A snug-tight condition occurs when the bolts are in direct bearing and the plies of a con- 
nection are in firm contact. This can be accomplished by the full effort of a worker using a 
spud wrench, which is an open-ended wrench approximately 16 in. long. The opposite end 
of the wrench is tapered to a point, which an ironworker uses to align the holes of the con- 
necting parts. A snug-tight joint can be specified for most simple shear connections, as well 
as tension-only connections. Snug-tight joints are not permitted for connections supporting 
nonstatic loads, nor are they permitted with A490 bolts loaded in tension. 

A pretensioned joint has a greater amount of clamping force than the snug-tight con- 
dition and therefore provides a greater degree of slip-resistance in the joint. Pretensioned 
joints are used for joints that are subject to cyclical loads or fatigue loads. They are also re- 
quired for joints with A490 bolts in tension. Some specific examples of connections where 
pretensioned joints should be specified are 


¢ Column splices in buildings with high height-to-width ratios, 
e Connections within the load path of the lateral force resisting system, and 
¢ Connections supporting impact or cyclical loads such as cranes or machinery. 


It is important to note that the design strength of a pretensioned joint is equal to that of a snug- 
tightened joint. In a pretensioned joint, slip is prevented until the friction force is exceeded. 
Once the friction force is exceeded, the bolts slip into direct bearing and the pretension or 
clamping force is essentially zero (i.e., equivalent to a snug-tight condition). For both snug- 
tight and pretensioned bolts, the faying surface is permitted to be uncoated, painted, or gal- 
vanized, but must be free of dirt and other foreign material. 

When pretensioned bolts are installed, they must be tightened such that a minimum clamp- 
ing force is achieved between the connected parts. The AISC specification stipulates that the 
minimum required clamping force should be at least 70% of the nominal tensile strength, R,,, 
of the fastener. Table 9-1 indicates minimum tension values for various bolt types. 

In order to achieve this minimum tensile force, the bolts must be installed by one of the 
following methods: 
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Table 9-1 Minimum bolt pretension (pretensioned and slip-critical joints) 


Minimum Bolt Pretension, = 0.70R,, (kips) 


Bolt Size, in. A325 and F1852 Bolts A490 Bolts 


Adapted from Table J3.1 of the AISCM 


“From equation J3-1, R, = FyAp. 

Fit = 90 ksi (A325 and F1852) 

Fir = 113 ksi (A490) 

Ay = Nominal unthreaded body area of bolt 


1. Turn of the Nut: When a nut is advanced along the length of a bolt, each turn corre- 
sponds to a certain amount of tensile force in the bolt. Therefore, there is a known 
relationship between the number of turns and the amount of tension in the bolt. The 
starting point (1.e., a point where the tensile force in the bolt is just above zero) is 
defined as the snug-tight condition. 

2. Calibrated Wrench Tightening: For this method, calibrated wrenches are used so that a 
minimum torque is obtained, which corresponds to a specific tensile force in the bolt. 
On any given project, the calibration has to be done daily for each size and grade of bolt. 

3. Twist-off-type Tension-control Bolts: As discussed in Section 9.1, these bolts conform 
to ASTM F1852 and are equivalent to ASTM A325 for strength and design. These 
bolts have a splined end that breaks off when the bolt is tightened with a special 
wrench (see Figure 9-1). 

4. Direct tension indicator: Washers that conform to ASTM F959 have ribbed protru- 
sions on the bearing surface that compress in a controlled manner such that it is 


a= =e 


xe eae 


splined end UL splined end breaks 


off at required torque 


a. before tightening b. after tightening 


Figure 9-1 Twist-off type tension control bolts. 
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a. before tightening b. after tightening 
Figure 9-2 Direct tension indicator washer. 


proportional to the tension in the bolt (see Figure 9-2). The deformation in the ribs is 
measured to determine whether the proper tension has been achieved. 


One unique condition pertaining to installation is when bolted connections slip into bear- 
ing when the building is in service. When this happens, occupants might hear what sounds 
like a gunshot, which is naturally disturbing. However, this event is not indicative of a struc- 
tural failure. This is referred to as “banging bolts.” To prevent this from happening, the bolts 
should be snug-tight or, if it is possible, the steel erector should not tighten the bolts until 
the drift pins have been released and the bolts are allowed to slip into bearing before tight- 
ening (see Section 9.4 for further discussion on bolt bearing). 

The final type of joint that we will consider is a slip-critical joint. This type of joint is 
similar to a pretensioned joint except that failure is assumed to occur when the applied load 
is greater than the friction force and thus slip does not occur between the faying surfaces. As 
with pretensioned joints, slip-critical joints are used for joints subjected to cyclical loads or 
fatigue loads. They should also be used in connections that have slotted holes parallel to the 
direction of the load or in connections that use a combination of welds and bolts along the 
same faying surface. The amount of pretension or clamping force for a slip-critical bolt is the 
same that was used for pretensioned joints (see Table 9-1). The design strength of a slip-critical 
joint is generally lower than that of a bearing-type connection since the friction resistance is 
usually lower than any other failure mode for a bolt (such as direct shear or bearing). 

The main difference between pretensioned and slip-critical joints is the type of faying 
surface between the connected parts. There are three types of faying surfaces identified in 
the AISC specification: Class A, Class B, and Class C. Each type has a specific surface 
preparation and coating requirement that corresponds to a minimum coefficient of friction. 
A Class A faying surface has either unpainted clean mill-scale surfaces, or surfaces with Class 
A coatings on blast-cleaned steel. The mean slip coefficient for a Class A surface is u = 0.35. 
A Class A coating has a minimum mean slip coefficient of u = 0.35. 

A Class B faying surface has either unpainted blast-cleaned steel surfaces or surfaces 
with Class B coatings on blast-cleaned steel. The mean slip coefficient for a Class B surface 
is up = 0.50, and a Class B coating has a minimum mean slip coefficient of up = 0.50. 

A Class C faying surface has the same mean slip coefficient as a Class A surface 
(u = 0.35), but has roughened surfaces and a hot-dipped galvanized surface. 

The mean slip coefficient for any faying surface can also be established by testing for 
special coatings and steel surface conditions. 

Another key parameter in slip-critical connections is the probability of slip occurring 
at service loads or at factored loads. In some cases, slip between faying surfaces could lead 
to serviceability problems, but not necessarily problems at the strength level. In essence, there 
is slip between the faying surfaces, but that does not cause the bolt to be engaged in bearing 
or to cause yielding or fracture in the connected parts. In other cases, slip between the fay- 
ing surfaces could cause problems at the strength level (e.g., a bolted splice in a long-span 
roof truss). Slip in the splice connection would cause additional deflection and increase the 
potential for undesirable ponding. 
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The AISC specification recognizes that there needs to be greater reliability in the pre- 
vention of slip for strength-sensitive connections; thus, the capacity of these connections has 
a reduction factor of 0.85 applied to the design strength (see @ in equation (9-4)). When slip 
is a serviceability limit state, then d = 1.0 (see equation (9-4)). 


9.3 HOLE TYPES AND SPACING REQUIREMENTS 


There are four basic hole types recognized in the AISC specification: standard, oversized, 
short-slotted, and long-slotted. Table J3.3 in the AZSCM lists the actual hole sizes for each bolt 
diameter and hole type. Each hole type offers varying degrees of flexibility in the construc- 
tion of the connections. Standard holes are the most common and are generally used for 
bolts in direct bearing. Oversized holes are only allowed for slip-critical connections. Short- 
slotted and long-slotted holes are used for slip-critical connections or for bearing connections 
where the direction of the load is normal to the length of the slot. Figure 9-2 indicates the 
dimensions for each bolt hole type (adapted from the AISCM, Table J3.3). The AISCM, 
Section B13.b indicates that when calculating the net area for shear and tension, an addi- 
tional 1/16 in. should be added to the hole size to account for the roughened edges that result 
from the punching or drilling process. For standard holes, the hole size used for strength 
calculations would be the value from the AISCM, Table J3.3 (or Figure 9-3) plus 1/16 in. 


%" for 4" bolts 
d+%e" for RN", YA", A" bolts 
14" for 1" bolts 
d+ %o" for d=1h" 
d a Ye" 


a. standard (STD) b. oversized (OVS) 


Ko" for “" bolts 
d+ Ys" for AN", Ya A" bolts 
1%6" for 1" bolts 


d+ %" for d = 1h" 25d 
x x 
+ + 
as} as} 
c. short-slotted (SSL) d. long-slotted (LSL) 


Figure 9-3 Bolt hole types. 


412 


CHAPTER 9 


Table 9-2 Recommended maximum hole sizes in column base plates 


Anchor Rod Diameter, in. Maximum Hole Diameter, in. 


Adapted from Table 14-2, ASC Manual of Steel Construction, 13th ed. 


For column bases, it has been recognized that the embedment of anchor rods into a 
concrete foundation generally does not occur within desirable tolerances and thus has led 
to numerous errors in the alignment of the columns. One way to mitigate this problem is 
to provide larger holes in the column base plates to allow for misaligned anchor rods. 
Table 9-2 indicates the recommended maximum hole sizes in column base plates. 

In order to allow for standard fabrication procedures, as well as workmanship toler- 
ances, the AISCM, Section J3.3 recommends that the minimum spacing between bolts be at 
least 3d, with an absolute minimum of 2% d, where d is the bolt diameter. The minimum dis- 
tance in any direction from the center of a standard hole to an edge is given in the AISCM, 
Table J3.4. In general, the minimum edge distance is approximately 1.75d for bolts near a 
sheared edge and approximately 1.25d for bolts near a rolled or thermally cut edge (see 
Figure 9-4). One exception is that the workable gages in angle legs (AISCM, Table 1-7) may 
be used for single and double angles. 


approximately 1.75d for 
Vd to 3d sheared edges and 1.25d for 
y rolled or thermally cut edges 

(see AISCM, Table J3.4) 


Figure 9-4 Edge and spacing requirements for bolts. 
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9.4 STRENGTH OF BOLTS 


There are three basic failure modes of bolt strength: bearing, shear, and tension. In this sec- 
tion, we will consider the strength of the fasteners, as well as the connected sections. 

Most basic shear connections are fastened in such a way that the bolts bear directly on 
the connected parts. In order for this to happen, there must be some nominal amount of dis- 
placement or slip to allow the bolts to bear directly on the connected parts. A slip-critical 
connection is a bolted connection where any amount of displacement is not desirable, and 
therefore the bolts must be pretensioned to the loads indicated in Table 9-1. For bearing 
connections, the bolts can be loaded either in single shear or double shear (see Figure 9-5). 
A lapped connection with two members has one shear plane, and therefore the bolt is con- 
sidered to be loaded in single shear. For a three-member connection, there are two shear 
planes; therefore, the bolt is loaded in double shear. The additional shear plane reduces the 
amount of load to the bolts in each shear plane. 

In order for the bolt to adequately transfer loads from one connected part to another, the 
connection material must have adequate strength in bearing. The design bearing strength for 
a bolt in a connection with standard, oversized, and short-slotted holes, or long-slotted hole 
slots parallel to the direction of the load is 


oR, = bl.2LtF, < b2.4dF,. (9-1) 


At connections with long-slotted holes with the slot perpendicular to the direction of the load, 
the design bearing strength is 


oR, = 1.0L,tF,, = 62.0dtF,,, (9-2) 
where 
o = 0.75, 


R,, = Nominal bearing strength, kips, 


L, = Clear distance between the edge of the hole and the edge of an adjacent hole, or 
the edge of the connected member in the direction of the load (see Figure 9-6), 


t = Thickness of the connected material, in., 
d = Bolt diameter, in., and 


F,, = Minimum tensile strength of the connected member. 
The design shear and tension strength of a snug-tight or pretensioned bolt is 


oR, = oF, A;, (9-3) 


coh - = Oo ——_ 


a. single shear b. double shear 


Figure 9-5 Bolts loaded in single and double shear. 
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clear distance clear distance 
forbol2 = 


for bolt 1 


Figure 9-6 Clear distance for bolt bearing. 


where 


o = 0.75, 
R,, = Nominal shear or tension strength, k, 


F, = Nominal shear strength (F,,,) or tension strength (F’,,) (see Table 9-3), and 


nv. 


A, = Nominal unthreaded body area of bolt. 


From the AJSCM, Table 2-5, the ultimate tensile strength, F’,, is 60 ksi, for A307 grade A bolts 
120 ksi for A325 and F1852 bolts (up to | in. in diameter), and 150 ksi for A490 bolts. The 
nominal tensile strength, F’,,, is taken as 0.75F,, for all cases. The nominal shear strength, F,,,, 
is a function of whether or not bolt threads are in the shear plane. When the threads are excluded 
from the shear plan, the nominal shear strength is taken as 0.5F,. When the threads are included 
in the shear plane, the nominal shear strength is reduced to 0.4F,,. When bolt threads are in- 
tended to be excluded from the shear plane, they are designated as A325X or A490X. When 
the bolt threads are intended to be included in the shear plane, the proper designation is A325N 
or A490N. Table 9-3 summarizes the nominal shear and tensile strengths for various bolt types. 

For slip-critical connections, the load is transmitted by friction between the connected parts. 
Since bearing is assumed to not occur, the strength of the fastener comes entirely from friction. 
However, the AJSCM, Section J3.8 still requires that the bolts meet the strength requirements 
for bearing on the connected parts and shear in the bolts. For these types of connections, it is 
important to ensure that the connected parts are in firm contact, and that the faying surface is 
properly identified. The design slip resistance of a slip-critical bolted connection is 


Table 9-3 Nominal shear and tensile strength of bolts 


Ultimate Tensile Nominal Tensile Nominal Shear 
Bolt Type Strength, F,, ksi Strength, F,,, ksi Strength, F,,, ksi 


A307, grade A 


A325N, F1852N 
(up to 1” dia.) 


A325X, F1852X 
(up to 1” dia.) 


A490N 


A490X 


Adapted from Table J3.2, AISC Manual of Steel Construction, 13th ed. 
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oR, = ob wD, hy. T, N,, 
where 


¢ = 1.0 if prevention of slip is a serviceability limit state 

= 0.85 if prevention of slip is at the required strength level, 
» = Nominal shear strength, kips, 
ut = Mean slip coefficient 

= 0.35 for Class A surfaces 

= 0.50 for Class B surfaces 

= 0.35 for Class C surfaces, 
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(4) 


. = 1.13 (the constant value that represents the ratio between the mean installed 


bolt pretension and the minimum required bolt pretension; alternate values can 


be used if it is verified), 
= Hole size factor 
1.0 for standard holes (STD) 
0.85 for oversized and short-slotted holes (OVS and SSL) 
= 0.70 for long-slotted holes (LSL), 
N, = Number of slip planes, and 


SC 


T, = Minimum bolt pretension (see Table 9-1). 


When designing slip-critical connections, a Class A surface is usually assumed, which is con- 
servative. Steel with a Class B surface would require blast cleaning, which adds labor, time, 
and cost. It is also generally good practice to use standard holes since oversized and slotted 
holes are typically not necessary. When a connection requires slip-critical bolts, they should 
be designated as A325SC or A490SC. 


When fasteners are loaded such that there exists shear and tension components (see 


(4)' + (£) s10, 
F, F, 
[” 


\ 


Figure 9-7 Connection subjected to 
combined loading. 


Figure 9-7), an interaction equation is required for design. Research has indicated that the 
interaction curve is 


(9-5) 
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where 


J, = Applied tensile stress, 

F,, = Allowable tensile stress, 
J, = Applied shear stress, and 
F, 


= Allowable shear stress. 


This equation is represented graphically in Figure 9-8 such that any design that falls under 
the curve is acceptable. The AJSCM, Section J3.7 approximates this curve as follows: 


, Fa 
Foy = 13F ye OF,” = 


nv 


Pip (9-6) 
where 


F’, = Nominal tension stress modified to include shear effects, ksi, 
F,, = Nominal tension stress, ksi (see Table 9-3), 
F,, = Nominal shear stress, ksi (see Table 9-3), 

J, = Applied or required shear stress, ksi, and 

od = 0.75. 


The design tensile strength of each bolt then becomes 


oR,, = OF", Ap. (9-7) 
f 
Ft, 
aN f 2 f, 2 
> poss eaeey ——, — 
a: +| ¢ } = 1.0 
“Sg 
\ 
Xx AISC, eq. J3-3a 
x 
\ 
\ 
\ 
acceptable \ 
design \ 


Figure 9-8 Interaction curves for combined loading. 
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These equations can be rewritten to determine the design shear strength. It should also be 
noted that when the applied shear stress is less than 20% of the available shear strength, or 
when the applied tension stress is less than 20% of the available tension strength, the effects 
of the combined stress do not have to be investigated. 

When slip-critical connections are subjected to combined shear and tension loads, the 
tension load reduces the amount of clamping force that reduces the available slip resistance 
in each bolt. Therefore, the design shear strength calculated in equation (9-4) shall be reduced 
by the following factor: 


k, = 1 of (9-8) 
_— D,T, b : 


where 


k, = Reduction factor, 
T,, = Factored tension force, kips, 
D,, = 1.13 (see eq. (9-4) for discussion), 


T, = Minimum bolt pretension (see Table 9-1), 


N, = Number of bolts resisting the applied tension. 


The example problems that follow will cover the design strength of bolts in common types 
of connections. 


High-strength Bolts in Shear and Bearing 


Determine whether the connection shown in Figure 9-9 is adequate to support the ap- 
plied loads; consider the strength of the bolts in shear and bearing on the plate. The 
plates are ASTM A36 and the bolts are /-in.-diameter A325N in standard holes. 


3" vy" 


STD hole 
for “~" bolt 


+ 
x 


—— P= 60 kips 


a 


A" plate 


Figure 9-9 Connection details for Example 9-1. . 
(continued) 
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SOLUTION 
Check bolt bearing: 


ea 
p= Gin = (0)(2 i 1) = 1,06 in. 


len! 
II 


3 
jt = Sit, = (2 ar = 2.13 in. 
For bolt 1, 


oR, = 01.2LtF,, = b2.4dtF,, 
= (0.75) (1.2)(1.06 in.) (0.625 in. )(58 ksi) 
< (0.75) (2.4)(0.75) (0.625 in.)(58 ksi) 
= 34.6 kips < 48.9 kips 
= 34.6 kips. 


For bolt 2, 


oR, = (0.75)(1.2)(2.13 in.) (0.625 in.)(58 ksi) 
< (0.75)(2.4) (0.75) (0.625 in.)(58 ksi) 
= 69.3 kips > 48.9 kips 
= 48.9 kips. 


The total strength of the connection, considering all of the bolts in bearing, is 


oR, = (2)(34.6 kips) + (2)(48.9 kips) = 167 kips 
> P, = 60 kips. OK for bearing 


Check shear on the bolts: 


oR, = oF, b 
= (0.75)(48 ksi)(0.442 in.*) 
15.9 kips/bolt (agrees with AISCM Table 7-1) 


The total shear strength of the bolt group is 


oR, = (4)(15.9 kips) = 63.6 kips > 60k. OK for shear 


EXAMPLE 9-2 


High-strength bolts in a slip-critical Connection 


Repeat Example 9-1 with A325SC bolts and a Class A faying surface; the slip is a serv- 
iceability limit state. 
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SOLUTION 
Check bolt bearing: 

: ene ; 
lia = Sid, = (05)(3 + +) = 1.06 in. 
| ae len (3 +P +) = 2.13 in. 

ts 4 8 
For bolt 1, 


oR, = b1.0L,tF,, = b2.0dtF, 
= (0.75)(1.0)(1.06 in. )(0.625 in. )(58 ksi) 
< (0.75) (2.0)(0.75) (0.625 in.)(58 ksi) 
= 28.8 kips < 40.7 kips 
= 28.8 kips. 


For bolt 2, 


oR, = (0.75)(1.0)(2.13 in.)(0.625 in.)(58 ksi) 
< (0.75) (2.0)(0.75) (0.625 in.)(58 ksi) 
= 57.7kips > 40.7 kips 
= 40.7 kips. 


The total strength of the connection, considering all of the bolts in bearing, is 


oR, = (2)(28.8 kips) + (2)(40.7 kips) = 139 kips 
> P, = 60 kips. OK for bearing 


Check shear on the bolts: 


oR,, = ob wD, TN, 
= (1.0)(0.35)(1.13)(1.0)(28)(1) 
= 11.1 kips/bolt (agrees with AISCM, Table 7-3) 


The total shear strength of the bolt group is 
oR, = (4)(11.1 kips) = 44.4 kips < 60 kips. not good for shear 


The connection is not adequate. 


Bolted Splice Connection 


For the splice connection shown in Figure 9-10, determine the maximum factored 
load, P,,, that can be applied; consider the strength of the bolts only. The plates are 


ASTM A36 and the bolts are 1-in.-diameter A325X in standard holes. 
(continued) 
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STD hole yn 
for 1" bolt 4" plate 


yh" plate 


Figure 9-10 Connection details for Example 9-3. 


SOLUTION 


Check bolt bearing on outside plates: 


Ly = 2in. — (0.5)(1 + 1/8) = 1.43 in. 
li = he = in, = (OLY = Sa i, 


For bolt 1, 


oR, = 1.2L,tF,, = b2.4dtF, 

(0.75) (1.2) (1.43 in.) (0.5 in.)(58 ksi) 
< (0.75)(2.4)(1 in.)(0.5 in.)(58 ksi) 
37.5 kips < 52.2 kips 

37.5 kips. 


For bolts 2 and 3, 


oR, = (0.75)(1.2)(1.87 in.) (0.5 in.)(58 ksi) 
< (0.75)(2.4)(1 in.)(0.5 in.)(58 ksi) 
48.8 kips < 52.2 kips 


= 48.8 kips. 


The total strength, considering all of the bolts in bearing on the outside plates, is 


oR, = (4)(37.5 kips) + (8)(48.8 kips) = 540 kips. 
ip 


540 kips (considering bearing on outside plates only) 


u 
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Check bolt bearing on inside plate: 


he = 25000 = (05) 7.) — 1.93 in. 
Lo = Ly = 3in. — (1 + fk) = 1.87in. 
For bolt 1, 


oR, = 61.2L,tF,, = b2.4dtF,, (AISC, eq. J3.6a) 
= (0.75)(1.2)(1.93 in.)(0.75 in.) (58 ksi) 
< (0.75)(2.4)(1 in.)(0.75 in.)(58 ksi) 
= 75.5 kips < 78.3 kips 
= 75.5 kips. 


For bolts 2 and 3, 


oR, 


(0.75) (1.2)(1.87 in.)(0.75 in.)(58 ksi) 
< (0.75)(2.4)(1 in.)(0.75 in.)(58 ksi) 
= 73.2 kips < 78.3 kips 

= 73.2 kips. 


The total strength, considering all of the bolts in bearing on the inside plate, is 


oR, = (2)(75.5 kips) + (4)(73.2 kips) = 443 kips. 
= 443 kips (considering bearing on inside plate only) 


a) 
| 


Check shear on the bolts: 


oR, = obF,,A;, 
= (0.75)(60 ksi)(0.785 in.’) 
= 35.3 kips/bolt (agrees with AJSCM, Table 7-1) 


The shear capacity of the bolt group is 
P,, = (2)(6)(35.3 kips) = 424 kips (considering shear on the bolts only). 


Shear on the bolts controls the design, so the maximum factored load that can be 
applied is P, = 424 kips. 


EXAMPLE 9-4 


Bolted Connection Loaded in Shear and Tension 


For the connection shown in Figure 9-11 determine whether the bolts are adequate to 
support the applied load under combined loading. The bolts are /-in.-diameter A490X 
in standard holes. Assume that each bolt takes an equal amount of shear and tension. 


(continued) 
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P,, = 180 kips 


Figure 9-11 Connection details for Example 9-4. 


SOLUTION 
The applied load will be separated into horizontal and vertical components, 
respectively: 

Py = 180(cos 30) = 159 kips, and 


Py = 180(sin 30) = 90 kips. 


The shear and tension stress in each bolt is 


IP 90 
f= a= = 25.0 ksi, and 

A,n (0.601) (6) 

Px 159 ; : 
pe = 44.1 ksi, respectively. 


Ayn (0.601) (6) 
The allowable shear and tension for each bolt is 


oR,, a oF, b> 
bR,,, = (0.75)(75)(0.601) = 33.8 kips (agrees with AISCM, Table 7-1), 


oR, = (0.75)(113)(0.601) = 51.0 kips (agrees with AISCM, Table 7-2), 
; 2), 
f = 20 = 0.44 > 0.20, and 
bFy — (0.75)(75) 
fai 


52020) 
bF,,  (0.75)(113) 


Since the ratio between the actual and available strength is greater than 20% (0.20) for 
both shear and tension, so the combined stress effects must be considered. The inter- 
action equation will be used to determine the modified allowable tension in each bolt: 


Fut 
= IRS = or” = I 


b 
a eee) - 
P= ois) GEE 113 


F' 


nt 


Bolted Connections 423 


F'y = 96.6 ksi < 113 ksi 
bF’, = (0.75)(96.6 ksi) = 72.4 ksi 
oF’, = 72.4 ksi >f, = 44.1 ksi. OK 


The connection is adequate. 


EXAMPLE 9-5 


Bolted Connection Loaded in Shear and Tension 


For the connection shown in Figure 9-11, determine the maximum factored load, P,,, 
that can be applied; consider the strength of the bolts only. The bolts are %-in.- 
diameter A490SC in standard holes with a Class A faying surface; the slip is a serv- 
iceability limit state. Assume that each bolt takes an equal amount of shear and tension. 


SOLUTION 
The shear strength of each bolt is 


oR, = bpD,h,.T,Ns 
(1.0)(0.35)(1.13)(1.0)(49)(1) = 19.3 kips. 


The shear capacity has to be reduced to account for the applied tension as follows: 


An expression can be developed to solve for the maximum load: 
(19.3 kips)(k,) = (P,)(sin 30) 
P,,)(cos 30 
Pull = (P,)(sin 30) 
DTN, 
(P,,)(cos 30) 
(1.13)(49) (6) 


= (P,)(sin 30) 


Solving for P,,, 


= 35.1 k (per bolt) 
(6)(35.1) = 210 kips. 


9.5 ECCENTRICALLY LOADED BOLTS: SHEAR 


With reference to Figure 9-12, when bolts are loaded such that the load is eccentric to the 
bolt group in the plane of the faying surface, there are two analytical approaches that can 
be taken: (1) the instantaneous center (IC), of rotation method and (2) the elastic method. 
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centroid of 
bolt group 


Figure 9-12 Eccentrically loaded 
bolt group. 


In both cases, the connection is designed to resist the applied shear, P, and the additional 
shear generated from the moment due to the applied shear acting at an eccentricity, Pe. Both 
methods are relatively complex and are generally not used in practice without the aid of 
computers. The IC method is more accurate, but requires an iterative solution. The elastic 
method is less accurate and more conservative in that the ductility of the bolt group and re- 
dundancy (i.e., load distribution) are both ignored. Tables 7-7 through 7-14 in the AISCM, 
which use the IC method, are design aids for these types of connections and are more com- 
monly used in practice and will be discussed later. 

An eccentrically loaded bolt group induces both a translation and a rotation in one 
connected element relative to another. This combined deformation effect is equivalent to 
a rotation about a point called the instantaneous center (IC). The location of the IC is a 
function of the geometry and the direction and orientation of the load. The location of 
the IC (see Figure 9-13) requires an iterative solution. Note that, in the connection shown 
in Figure 9-13, the resulting force in each bolt will have a vertical component due to the 
applied vertical load and a horizontal component due to the eccentricity of the applied 
load. 

Based on test data, the load—deformation relationship is based on the following: 


R=R, =e), (9-10) 


centroid of 
iS bolt group 


instantaneous on \, P 
center (IC) 4. y 


a 


Yo e 


Figure 9-13 Eccentrically loaded bolt group: IC 
method. 
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where 


R = Nominal shear strength of one bolt at a deformation A, kips, 
R,,, = Ultimate shear strength of one bolt 
= 74 kips for /-in.-diameter A325 bolts, and 


A = Total deformation, including shear, bearing, and bending in the bolt, as well 
as bearing deformation in the connected elements 


= 0.34 in. for 4-in.-diameter A325 bolts. 


By inspection, the bolt most remote from the IC will have the greatest load and deformation, 
and therefore is assumed to have the maximum load and deformation (i.e., R,,,, = 74 kips and 
A = 0.34 in.), while the nominal shear in the other bolts in the group varies linearly with 
respect to the distance that the other bolts are from the IC. The constant values of R,,,, = 74 kips 
and A = 0.34 in. are based on test data for %-in.-diameter A325 bolts, but can conserva- 
tively be used for bolts of other sizes and grades. Tables 7-7 through 7-14 in the AISCM, 
which use the IC method, are based on these constant values. 

Using the free-body diagram shown in Figure 9-14, the forces in each bolt can be ob- 
tained from the following equilibrium equations: 


ar, = DS (R) -— P= 0, (9-11) 
n=1 

=F, = S(R)a — Py = 9, (9-12) 
n=1 

Mic = P(r + e) i rR), = 0, (9-13) 


Figure 9-14 Free-body diagram of eccentrically loaded bolt group. 
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(R,), = —R,, and (9-14) 
r 
(Ba = Ri (9-15) 


where 


P = Applied load, with components P,, P,, 

R,, = Shear in fastener, n, with components (R,),, (Ry),s 

r, = Distance from the fastener to the IC, with components r,, r,, 
ry = Distance from the IC to the centroid of the bolt group, 


e = Load eccentricity; distance from the load to the centroid of the bolt group with 
components eé,, é,, 


n = Subscript of the individual fastener, and 


m = Total number of fasteners. 


In order to solve the above equilibrium equations, the location of the IC must first be as- 
sumed. If the equilibrium equations are not satisfied, then a new value must be assumed for 
the IC until the equations are satisfied. For most cases, the applied load, P, is vertical, and 
therefore equation (9-11) is eliminated by inspection. 

For bolts other than %-in.-diameter A325N, the load capacity is also determined from 
a linear relationship such that the calculated nominal shear strength (R from equation (9-10)) 
is multiplied by the ratio between the shear strength of a /-in.-diameter A325 fastener and 
the specific fastener in question. The capacity of the connection is then the summation of 
the capacity of each individual fastener. Example 9-6 explains this method in further detail, 
as well as the use of the aforementioned design aids in the AISCM. 

A more simplified and conservative approach is the elastic method. With reference to 
Figure 9-15, each bolt resists an equal proportion of the applied load, P, and a portion of the 
shear induced by the moment, Pe, proportional to its distance from the centroid of the bolt 
group. The shear in each bolt due to the applied load is 


Py 
ii. and (9-16) 
n 
P, 
Tpy = —> Tespectively, (9-17) 
; n 
where 


r, = Force in each bolt due to applied load with components r,,, ry, 
P = Applied load with components P,, P,, and 


n = Number of bolts. 


The shear in the bolt most remote from the centroid of the bolt group due to the applied 
moment is 


—, and (9-18) 
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es 
P4 a4 
é 
@ d ‘e 
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2° " 


. / es 


Figure 9-15 Eccentrically loaded bolt group: Elastic method. 


my ~ ? (9-19) 


where 


Tm = Force in each bolt due to applied moment with components 1, Tiny, 
M = Resulting moment due to eccentrically applied load 
eS P,e, + Pye. 
c = Radial distance from the centroid of the bolt group with components c,, Cy 


e = Load eccentricity; distance from the load to the centroid of the bolt group with 
components @,, é,, and 


I, = Polar moment of inertia of the bolt group 
= X(I, + 1,), where I = Ad? 
=XYeo+ es) for bolts with the same cross-sectional area within a bolt group. 
For this method, the critical fastener force is determined and is the basis for the connection 


design. The critical fastener force is usually found in the fastener located most remote to the 
bolt group. The critical fastener force is 


r= V(t + Tnx)? + (py + Ty)? (9-20) 


The value of r above is used to determine the required strength of each fastener in the bolt 
group. See Example 9-6 for further explanation of this method. 


EXAMPLE 9-6 


Eccentrically Loaded Bolts in Shear 


For the bracket connection shown in Figure 9-16, determine the design strength of the 
connection. Compare the results from the ultimate strength (or IC) method, the elas- 
tic method, and the appropriate design aid from AJSCM, Tables 7-7 through 7-14. The 


bolts are /-in.-diameter A490N. 
(continued) 


428 CHAPTER 9 


C-shape bracket 


Figure 9-16 Connection details for Example 9-6. 


Ultimate Strength, or IC, Method: 


A location for the IC must first be assumed. By trial and error, a value of rp = 
1.90 in. has been determined. A free-body diagram of the bolt group is shown in 


Figure 9-17. 
3.40" 
O; 8 centroid of 
0.40" the bolt group 
s /%, 
oe od 
le, 
e,| @, 
O,) Cr 
e = 62" 


a 
a= ew 


Figure 9-17 Free-Body diagram for Example 9-6. 
(IC method). 
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From the free-body diagram, the distance of each bolt from the IC can be determined: 


Distance from the IC 


For the IC method, the bolt or bolts most remote from the IC are assumed to be stressed 
and deformed to failure; the deformation in the remaining bolts varies linearly. The 
bolts at locations 2 and 8 are the most remote (7, = rg = 5.64 in.); therefore, the de- 
formation of each is assumed to be A = 0.34 in. The deformation of the remaining bolts 
is determined as follows: 


4.52 in. 
A, = Ay = =~“ (0.34 in.) = 0.272 in. 
5.64 in. 
[oS ie ea & 
A, = As = 564 on (034 in.) = 0.094 in. 
Ua on ae | 
A, = Ag = 564 on (oot in.) = 0.224 in. 


A, = Ag = 0.34 in. 


Using the load—deformation relationship given in equation (9-10), the shear in each 
bolt can be determined: 


R= Re — ee 


Ri Ree 74 ee O20 2 713 kins 
Ry = Rs = (74)(1 — e7 M0X00%))055 = 56.3 kips 
Rp = eRe 7) = 69.6 aps 
R= Ree 74) (le 38) 02 72.6 laps 


The vertical component of each shear force, R, in the bolt is determined from equa- 
tion (9-16): 


(continued) 
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0.40 in. 

Roe Rie Fes ky = 16.33 

ee vem napa? 6) aes ars 
0.40 in. 

Ry = Rs = Te = (56.3 k) = 14.5 kips 
370m 

R= Be = ae = (69.6 k) = 63.6 kips 
a70m 

Ry = B= a = (72.6 k) = 43.8 kips 


From the equilibrium equation (9-12), 
2F = > (Ry PF, — 0 


y 


n=1 
(2)(6.33 kips + 14.5 kips + 63.6 kips + 43.8 kips) = P, 
P, = 256 kips. 


Since there is no horizontal component to the applied load, equation (9-11) is satis- 
fied and P = P,. To verify this value, equilibrium equation (9-13) will be used: 


m 


Mic a P(r Ae e) = SAS = 0 
n=1 


P(1.9in. + 65in.) = 2[(4.52 in.)(71.3 kips) + (5.64 in.)(72.6 kips) 


+ (1.55 in.)(56.3 kips) + (3.72 in.)(69.6) | 
P = 256 kips. 


Since the equilibrium equations have been satisfied, the assumed location for the IC 
is correct. 

For the IC method, the maximum shear and deformation values of R,,,, = 74 k and 
A = 0.34 in. are used as baseline values. For fasteners of other sizes and grades, lin- 
ear interpolation is conservatively used. The nominal strength of the connection is then 


o( Re ee [S ksi) (0.442 =| ne 
= ips ae = 92.0 kips. 


ult 
The design strength of the connection is 
P, = oR, = (0.75)(92.0) = 69 kips. 


Elastic Method: 


For this method, the critical fastener force is determined from the bolt most remote 
from the centroid of the bolt group. For this connection, bolts at locations 1, 2, 7, and 
8 are the most remote. The capacity of one of these bolts will be used to determine the 
strength of the connection. The shear is distributed equally to all of the bolts in the 
group. Since there is no horizontal component for the applied load, equation (9-16) 
is satisfied. From equation (9-17), 
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The shear in the bolts due to the eccentricity is determined from equations (9-18) and 
(9-19): 


e = 6.5 in. 
T= See cy = Al)? (45) )] 4a) (5) | = 1080 
Mc, Pec, —-P(6.5) (4.5 
Tinx - = ( M ) = 0.271P 
ip ia 108 
Mc, Rec P(6.5)(1.5) 
Tiny irae 0.0902P. 
: is, Ib, 108 


Equation (9-20) will be used to determine the capacity of the bolt most remote from 
the centroid. Using r = or, 


n? 


Une re oP ray ar Ge ar Tae 


2 


(0.75)(60)(0.442) = Jo aE OUANUP Sate (< ar 0.0902 ) 


Solving for P, 

P = P, = 57.5kips. 
The elastic method is more conservative than the IC method, so it is expected that the 
connection capacity is lower (57.5 kips < 69 kips). 


AISC Design Aids 


Based on the connection geometry, AISCM, Table 7-8, with Angle = 0° and s = 3 in. 
will be used: 


e = 6.5 in., and 
n = 4. 


By linear interpolation, C = 3.48. 
The design strength of the connection is 


oR, = WC, 
where br, = F,, Ap. 


br, = bF,,A, = (0.75)(60)(0.442) = 19.9 kips 
(agrees with AISCM, Table 7-1) 

oCr, = (3.48)(19.9) 

69.2 kips 


oR, 
oR, 


This value agrees with the value of P,, calculated with the IC method. 
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9.6 ECCENTRICALLY LOADED BOLTS: BOLTS IN SHEAR 


AND TENSION 


With reference to Figure 9-18, a bolt group is loaded such that the eccentricity is nor- 
mal to the plane of the faying surface. This type of connection induces a shear due to 
the applied load (P) and a moment due to the eccentricity of the applied load (P,) the 
shear in each bolt such that the applied load, P, is equally distributed to each bolt. The 
moment that is caused by the eccentric load, Pe, is resisted by tension in the bolts above 
the neutral axis of the bolt group and compression below the neutral axis of the bolt 
group. 

For eccentrically loaded bolts, there are two possible design approaches that can be 
taken—Case I and Case II. In Case I, the neutral axis is not necessarily at the centroid of 
the bolt group and is generally below the centroid of the bolt group. Case II is more simpli- 
fied and conservative in that the neutral axis is assumed to be at the centroid of the bolt 
group and only the bolts above the neutral axis resist the tension due to the eccentric load. 
In both cases, the shear is distributed equally to each bolt as follows: 


; (9-20) 


where 


r, = Force in each bolt due to the applied load, 
P = Applied load with components, and 


n = Number of bolts. 


For Case I, a trial position for the neutral axis has to be assumed. A value of one-sixth of 
the depth of the connecting element is recommended as a baseline value (see Figure 9-19). 
The area below the neutral axis is in compression, but only for a certain width. The width 
of the compression zone is defined as 


beg = BY = Bp GaN) 


bracket 
connection 


Figure 9-18 Eccentrically loaded bolts in shear in tension. 
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centroid of the 
tension group 


2r, 


u 


! neutral axis 


Figure 9-19 Eccentrically loaded bolts in shear in tension: Case I. 


where 


beg = Effective width of the compression zone, 


t; = Connecting element thickness (use the average flange thickness of the con- 
necting element where the flange thickness is not constant), and 


by, = Width of the connecting element. 
Equation (9-21) is valid for connecting elements of W-shapes, S-shapes, plates, and angles. 
The location assumed for the neutral axis is verified by summing moments about the neutral 


axis in that the moment of the bolt area above the neutral axis is compared with the moment 
due to the compression stress block below the neutral axis. A summation of moments yields 


Deg d 7 
2 ? 


SA = (9-22) 


where 


XA, = Sum of the bolt areas above the neutral axis, 


y = Distance from the centroid of the bolt group above the neutral axis to the 
neutral axis, 


beg = Effective width of the compression zone, and 


d = Depth of the compression stress block. 


The location of the neutral axis is then adjusted as required until equation (9-22) is satisfied. 
Once the exact location of the neutral axis is determined, the tensile force in each bolt is de- 
termined as follows: 


r, = ——A,, (9-23) 


where 


r, = Force in each bolt due to the applied moment, 
M = Resulting moment due to the eccentrically applied load, Pe, 


A, = Bolt area, 
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c = Distance from the neutral axis to the most remote bolt in the tension group, 
e = Load eccentricity, and 


I. = Combined moment of inertia of the bolt group and compression block about 
the neutral axis. 


For Case II, the neutral axis is assumed to be at the centroid of the bolt group (see Figure 9-20). 
Therefore, the bolts above the neutral axis are in tension and the bolts below the neutral axis 
are assumed to be in compression. The tensile force in each bolt is then defined as 


M 


9 
n'd,, 


(9-24) 


r= 


where 


r, = Force in each bolt due to the applied moment, 


M = Resulting moment due to the eccentrically applied load, Pe, 


Uy 


n' = Number of bolts above the neutral axis, 
d,, = Moment arm between the centroid of the tension group and centroid of the 
compression group, and 


e = load eccentricity. 


Since the bolts are loaded in both shear and tension, these combined forces must be checked 
for conformance to interaction equation J3-3a in the AISCM (see equation (9-6)). 


centroid of the 


; 2r 
tension group 


u 


- neutral axis 


centroid of the 
compression 


group 
Figure 9-20 Eccentrically loaded bolts in shear in tension: Case Il. 


EXAMPLE 9-7 


Eccentrically Loaded Bolts in Shear and Tension 


Determine whether the connection shown in Figure 9-21 is adequate to support the 
load; consider the eccentric loading on the bolts only. Compare the results from Cases I 
and II. The bolts are “-in.-diameter A325N. 
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CS 


5h" 


P,, = 125 kips 


_% 125" (typ.) 


| | 3" (typ. 


(2)-L4X 4x % 
Figure 9-21 Connection details for Example 9-7. 


SOLUTION 


Each bolt resists an equal amount of shear for both cases: 


IP 125 kips . 

ry = 15.6 kips 
n 8 

e044 
iA, 15.6 

5 = 35.4 ksi 
as Tes CW Be a 
Case I: 


From Figure 9-22, the neutral axis is determined as follows by assuming that the neu- 
tral axis is just above the first row of bolts: 
beg = 8b < by 
(8)(0.375 in.) = 3in. < 4in. + 4in. = 8 in. 
bo — Jame 


e= 2" 


P,, = 125 kips 


neutral axis 


Figure 9-22 Free-body diagram: Case I. 
(continued) 
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boyd 


SA = 
bY 2 


ae 


(6)(0.442)(7.25 — d) = 


Solving for d yields, 
d = 2.80 in. 


Taking a summation of moments about the neutral axis yields, 


iL, = SAG? 
= (3 in.)(2.8)(1.4 in.)? + (2)(0.442)(1.45)? 
+ (2)(01442)(4.45)? 4 (2)(0.442)(7.45)* 
[oO 
c = 7.45 in. 


M = Pe = (125 k)(2.25 in.) = 281 in.-k 
The tension in the bolt most remote from the neutral axis is 


Wie (281) (7.45) 
= =a, = ———“(0.442) = 10.9ki 
ioe cag (0.442) 0.9 kips 


Y; 


Checking combined stresses, 


F,, = 90ksi 
F, = 48 ksi 
b = 0.75 
; lig 
F'y = 13F y (z5) =F 
= 1.3(90) — au 35.4] < 90 
(0.75)(48) 
= 28.5 ksi 


The design tensile strength of each bolt is 


bR, = OF’ yA, = (0.75)(28.5)(0.442) 
bR, = 9.45 kips < 10.9 kips. 


The connection is found to be inadequate under the Case I approach. 
Case II: 
As shown in Figure 9-23, only the bolts above the neutral axis resist the tension: 


Mel 
. 
n'dn — (4)(6) 


= 11.7 kips. 


Bolted Connections 437 


e = 2h" 


= 125 kips 


u 


; neutral axis 


Figure 9-23 Free-body diagram: Case II. 
Checking combined stresses, 
oR, = 9.45 kips < 11.7 kips. 


The connection is found to be inadequate under the Case II approach. 


9.7 PRYING ACTION: BOLTS IN TENSION 


There are several types of connections where prying action on the connecting element re- 
sults in increased tension in the bolts (see Figure 9-24). The connecting element is usually 
an angle or T-shape making the critical design element is the thickness of the outstanding 
leg that will resist the bending or prying action. 


tension couple creates 
prying action on 
outstanding legs of L 


axial load creates vying 
action on outstanding legs 
of WT 


a. semi-rigid moment connection b. hanger connection 


Figure 9-24 Connections with prying action. 
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T T | T+4q T+q l 
tor lor 

a. hanger legs are b. hanger legs are not 

sufficiently rigid sufficiently rigid 


Figure 9-25 Prying action on a hanger. 


Considering the hanger connection shown in Figure 9-25, if the legs of the connecting 
element had sufficient stiffness, the tension force in the bolts would equal the applied load, 
T. This does not normally occur in these connections, due to prying action. The effect of this 
prying action results in a compression force near the tip of the outstanding leg, which in- 
creases the tension force in the bolt from T to T + q. 

The derivation of the following prying action equations is discussed in references 14 and 
15. Using a more simplified approach, the minimum required thickness of the connecting 
element to resist prying action is 


4.A4Tb’ 
nin = > (9-26) 
PF, 


where 


T = Applied tensile force in the bolt, k, 
if Shree = (9-27) 
b = Distance from the bolt centerline to the face of the tee stem for a T-shape, in. 
= Distance from the bolt centerline to the angle-leg centerline for an L-shape, in., 
d, = Bolt diameter, in., 
p = Tributary length of the bolts (should be less than g (see Figure 9-26)), and 


F’, = Minimum tensile strength of the connecting element. 


In Equation 9-26, the additional force in the bolt is nearly zero (¢ = 0). If the thickness of 
the connecting element determined from equation (9-26) is reasonable, then no further de- 
sign checks need to be made. 

A more complex and less conservative approach assumes a value of g that is greater than 
zero, thus magnifying the tensile force in the bolt. A preliminary connecting element thick- 
ness must first be selected as follows: 


2.22Tb 
i=) : (9-28) 
pF, 


Bolted Connections 439 


T+q 


a. WT 


J 
T 


b. single angle c. side view 


Figure 9-26 Prying action variables. 


AISCM, Tables 15-1a and 15-1b, contain tabulated values based on equation (9-28). Once 
a preliminary thickness has been selected, then the required thickness is determined as 
follows: 


: | 4.44Tb' (9-29) 
min pF (A 4 5a’)’ = 


where 
d' 
6=1-—, (9-30) 
P 
o = 10forp = 1, 
( E ) < Lote <1 (9-31) 
== .O for F - 
d\1—-— 8 
d’ = Hole width along the length of the fitting (usually the hole diameter), 
_ (2 _ 1) (9-32) 
B 0 T > i 
b' 
(== (9-33) 
a 
dy dy 
a=lat > =| 1.255 + >} (9-34) 


Q 
lI 


Distance from the bolt centerline to the edge of the connecting element, and 


B = Available tension per bolt, or,,, kips. 


Ti 


If ¢,,,i. from Equation 9-29 < t, then the connection is adequate, otherwise the leg thickness 
of the connecting element will have to be increased, or the geometry of the connection will 


have to be changed. 
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EXAMPLE 9-8 


Prying Action 


Determine the required angle size for the moment connection shown below. The bolts 
are %4-in.-diameter A490 in standard holes, and the steel is ASTM A36. 


W18 x 40 


M,, = 60 ft-kips 


Figure 9-27 Connection details for Example 9-8. 


A trial size of L7 X 4 X % will be selected. The tension force due to the applied 
moment is found first: 


M (60) (12) 
d 17.9 in. 


T, = = 40.2 kips. 

Since there are two bolts to resist the tension, the force in each bolt is 20.1 kips. 
Using the geometry from Figure 9-28, the minimum angle thickness can be found 

using the simplified approach (eq. (9-26)): 


a = 1.5in. 
Sit Ge = (OSGi) 2 eae 
d O75 in 
bap = iin - wisn 


— T,, = 20.1 kips 


Figure 9-28 Prying action variables for Example 9-8. 
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on (4)(58) 0.82 in. 
The minimum angle thickness is found to be greater plan the thickness of the selected 
angle, but recall that this approach is consevative. We will also consider a less con- 
servative approacal for comparison purposes. 
Using the preliminary hanger selection tables (AISC, Table 15-1a), the required 
strength is 


= = (4.44) (20.1) (1.75) 


qT, 


p 


With b = 2.12 in., we find that the required angle thickness is approximately % in. 
Based on this thickness, the angle is adequate. We will proceed with the in-depth 
analysis to compare the results. 

From equation (9-28), the initial angle thickness is determined: 


oe [= = (eae 
PF (4)(58) 


The minimum angle thickness, from equation (9-29), is determined as follows: 


a= (a sr +) < (1.250 + +) 
(15 aF °2) = ((1.25)(2.12) a o) 


= 1.88 in. < 3.03 in. 


20.1 
ae oe 5.03 kips/in. 


= 0.64 in. 


= 1.88 in. 
b' las) 
Ce 138” 0.933 


B = bry = bFyA, = (0.75)(113)(0.442) = 37.4 kips 
(agrees with AISCM, Table 7-2) 


re 4 1) 1 es 7 1) oe 
Bar 0.933\ 20.1 


6 ee ee 
P 4 in. 

a = 7 B ) < 10 for <1 

s\1-— 8 
ae ( 0.922 )< 1 

0.797\ 1 — 0.922 
a = 148 > 1.0 
oi” = 10 
_ , 444Tb" (4.44) (20.1) (1.75) 
ia pF,(1 + 8a’) (4)(58)[1 + (0.797) (1.0)] 


= 0.612 in. < t = 0.64 in. OK 


The L7 X 4 X “angle size is adequate. 
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9.8 FRAMED BEAM CONNECTIONS 


Framed beam connections are the most common connections in a steel building. The three 
most common variations are beam-to-beam, beam-to-column, and beam bearing. Figure 9-29 
illustrates some of these connections. Any of the connecting elements can be bolted or welded; 
however, bolted connections are generally preferred because the labor cost and time for weld- 
ing is usually greater, and bolted connections are easier to inspect. In this section, we will give 
a general overview of the analysis and design process for bolted connections; welded con- 
nections are covered in Chapter 10. 

With the exception of welds, most of the failure modes in framed beam connections have 
been discussed previously. In lieu of performing each of these design checks for every type of 
connection, it is more practical to use the design aids in the AJSCM, and this is what is commonly 
done in practice. Table 9-4 summarizes the various design and detailing aids in the AISCM. 


Table 9-4 Connection design aids in the AISCM 


AISCM Table Connection Types 


All-Bolted, Double-Angle Connections 


Bolted/Welded, Double-Angle Connections 


All-Welded, Double-Angle Connections 


Bolted/Welded Shear End-Plate Connections 


All-Bolted Unstiffened Seated Connections 


All-Welded Unstiffened Seated Connections 


All-Bolted Stiffened Seated Connections 


Bolted/Welded Stiffened Seated Connections 


Single-Plate Connections 


All-Bolted Single-Angle Connections 


Bolted/Welded Single-Angle Connections 


all-bolted 


single plate shear 
connection 


top angle for 
a stability 


a angle 


a. beam-to-beam b. beam-to-column c. beam bearing 


Figure 9-29 Common types of framed beam connections. 
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Each table noted above is actually a compilation of several tables for nearly every com- 
mon connection type. For connections with single plates or angles, the length of the plate 
or angle should be at least one-half the throat, or T distance, of the beam in order to provide 
adequate stability. The amount of cope in the connected beam will have to be checked; how- 
ever, it generally does not govern the design unless the amount of cope is excessive (see 
Chapter 11 for further discussion of coped beams). 


All-Bolted Double-Angle Connections 


An all-bolted double-angle connection is shown in Figure 9-30. For this type of connec- 
tion, the failure modes that must be considered are shear in the bolts, bearing of the bolts, 
direct shear and block shear in the angles, and direct shear and block shear in the beam. 
AISCM, Table 10-1, should be used for these types of connections. 


o Oo 90 90 


o o°0 0 


Figure 9-30 All-bolted double-angle 
connection. 


EXAMPLE 9-9 


All-Bolted Double-Angle Connection 


Determine the capacity of the connection shown in Figure 9-31 using AJSCM, 
Table 10-1. The bolts are F1852N in standard holes. The angles are ASTM A36 and 
the beam is ASTM A992, grade 50. 


(2)-L4X 4x % 


Figure 9-31 Connection details for Example 9-9. 
(continued) 
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SOLUTION 


From AISCM, Table 10-1, with N = 4 for %-in.-diameter bolts and an angle thickness 
of % in., the design strength is 127 kips. The capacity of the bolts bearing on the beam, 
and the block shear on the beam also must be checked. 

With reference to Figure 9-32, the L,, term is reduced by / in. for fabrication tol- 
erances. The capacity of the bolts bearing on the beam web is 


Figure 9-32 Bolt bearing and block 
shear in beam. 


30. A 
Ly = 1.75 in. — os(3 A ‘) = 1.31 in. 
Ley = Leg = Leg = 35 - (342) =2n1 
2 a ih in. mn 8 2 iia, 


For bolt 1, 


oR, = o1.2L,tF,, = b2.4dtF,, (AISC eq., J3.6a) 
= (0.75)(1.2)(1.31 in.) (0.3 in.)(65 ksi) 
< (0.75)(2.4)(0.75 in.)(0.3 in.)(65 ksi) 
= 22.9 kips < 26.3 kips 
= 22.9 kips. 


For bolts 2, 3, and 4, 


oR, = (0.75)(1.2)(2.12 in.) (0.3 in.)(65 ksi) 
< (0.75)(2.4)(0.75 in.)(0.3 in.)(65 ksi) 
= 37.2 kips > 26.3 kips 
= 26.3 kips. 


The total strength, considering all of the bolts in bearing, is 
oR, = 22.9 kips + (3)(26.3 kips) = 101 kips. 


Note that since the web thickness for the W24 x 55 is 0.395 in., the bolt bearing on 
the W18 x 35 will control. 
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Block shear in the W18 x 35: 
Aj = [2 in. + (3)(3 in.)]0.3 in. = 3.3 in? 
: 3 1 ; 2D 
An = || Qi a? (BG in) = 3S A + 3 0.3 in. = 2.38 in. 
A,, = (1.75 in. — 0.25 in.)(0.3 in.) = 0.45 in. 
3 1 
An = [crs 0 on 03(3 ch +) los in. = 0.318 in2 


Using AISCM, equation J4-5, to determine the block shear strength, 


OR, = O(0.6F Any + UpF An) = P(0.6F,Ag, + UpsF Ant) 
= 0.75[ (0.6)(65)(2.38) + (1.0)(65)(0.318) | 

= 0.75] (0.6)(50)(3.3) + (1.0)(65)(0.31) | 

= 85.2 kips = 89.3 kips 


= 85.2 kips < 101k (block shear controls over bolt bearing). 


Alternatively, the bottom of Table 10-1 could be used to determine the bolt bearing 
and block shear strength of the beam web. Using L,, = 1.75 in. and L,, = 2 in., the 
design capacity for a beam web coped at the top flange is 284 kips/in. Since the web 
thickness of the W18 x 35 is ¢,, = 0.3 in., the capacity is 


(0.3 in.)(284 kips/in.) = 85.2 kips, which agrees with the value calculated above. 


Bolted/Welded Shear End-Plate Connections 


A bolted/welded shear end-plate connection is shown in Figure 9-33. For this type of con- 
nection, the failure modes that must be considered are shear in the bolts, bearing of the 
bolts, direct shear and block shear in the end plate, and shear in the weld (welds are cov- 
ered in Chapter 10). AISCM, Table 10-4, should be used for these types of connections. 


Figure 9-33 Bolted/Welded shear end- 
plate connections. 
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EXAMPLE 9-10 


Bolted/Welded Shear End-Plate Connection 


Determine the capacity of the connection shown in Figure 9-34 using AJSCM, Table 
10-4. The bolts are %-in.-diameter A325N in standard holes. The end plate is ASTM 
A36 and the beam and column is ASTM A992, grade 50. 


W12 X 65 


W21 x 44 


Wee iat 
end plate 


Figure 9-34 Connection details for Example 9-10. 


From AISCM Table 10-4, the design strength of the connection, using /-in.-diameter 
A325N, n = 5, with 4, = 5/16 in., is 155 k. The strength of the weld will be dis- 
cussed in Chapter 10. The strength of the bolts bearing on the column flange should 
also be checked. From Part 1 of the AJSCM, the flange thickness for a W12 x 65 is 
ty = 0.605 in. 

The bearing strength is the same for each bolt. 


L. = 3 in. — (K+ 4) = 2.0 in. 
oR, = $1.2L.tF, < 62.4dtF, (AISC, eq. J3.6a) 
= (0.75)(1.2)(2.0 in.)(0.605 in.) (65 ksi) 
< (0.75)(2.4) (0.875 in.)(0.605 in.) (65 ksi) 
= 70.7k > 61.9k 
oR, = 61.9 k (for all bolts) 


The total strength, considering all of the bolts in bearing, is 


oR, = (10)(61.9k) = 619k. 
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Alternatively, AJSCM, Table 10-4, is a design aid for the available strength of the 
bolts bearing on the support. From AJSCM, Table 10-4, the available strength per 
inch of thickness is 1020 kips/in. The strength of the bolts bearing on the flange of 
the W12 x 65 is 


oR, = (1020 kips/in.)(0.605 in.) = 617 kips, 


which is approximately equal to the calculated value of 619 k. 


Single-Plate Shear Connections 


A single-plate shear connection is shown in Figure 9-35. The failure modes for this connec- 
tion are shear in the bolts, bearing of the bolts, direct shear and block shear in the plate, 
weld to the connecting elements, and direct shear and block shear in the beam. AJSCM, 
Table 10-9, should be used for these types of connections. The dimensional limitations for 
this connection type when using AJSCM, Table 10-9, are noted in Figure 9-32. 


weld size = % tp 


Figure 9-35 Single-plate shear connection. 


Single-Plate Shear Connection 


Determine the capacity of the connection shown in Figure 9-36 using the AISCM, 
Table 10-9. The bolts are %-in.-diameter A490N in short-slotted holes transverse to 


(continued) 
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W14 x 22 


Figure 9-36 Connection details for Example 9-11. 


the direction of the load (SSLT). The plate is ASTM A36 and the beam is ASTM 
A992, grade 50. 

From AISCM, Table 10-9a, with n = 3, L = 84 in. A490N SSLT, and ip = % in., 
the design strength of the connection is OR, = 57.5 kips. To check the strength of the 
beam web for block shear, AISCM, Table 10-1, can be used (similar to Example 9-9). 

From AISCM, Table 10-1, with n = 3, L,, =3 in., L,, = 1% in. (SSLT), the de- 
sign strength is 246 kips/in. The web thickness of a W14 x 22 is 4, = 0.23 in. The 
strength of the beam in block shear is 


bR, = (246 kips/in.)(0.23 in.) = 56.6 kips. 
The bolt bearing on the beam also must be checked. 


| 
iy = lhe = he = = (2 + 1) = Oe in 
Tas 


For bolts 1, 2, and 3, 
oR, = 1.2L,tF, = b2.4dtF, 
= (0.75)(1.2)(2.12 in.)(0.23 in.) (65 ksi) 
< (0.75) (2.4)(0.75 in.)(0.23 in.)(65 ksi) 


= 28.5 kips < 20.1 kips 
= 20.1 kips. 


The total strength, considering all of the bolts in bearing, is 


oR, = (3)(20.1 kips) = 60.3 kips. 


The strength of the single plate controls, so the capacity of the connection is 
oR, = 56.6 kips. 
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9.10 PROBLEMS 


connections. Engineering Journal (AISC) 29 (4): pp. 
145-149. 


9-1. Determine whether the connection shown in Figure 9-37 is adequate in bearing. Check the edge 
and spacing requirements. The steel is ASTM A36 and the bolts are in standard holes. 


Ys" A325N 
bolts 


%" gusset 
plate = 


Figure 9-37 Details for Problem 9-1. 


9-2. Determine the maximum tensile force, P,,, that can be applied to the connection shown in 
Figure 9-38 based on the bolt strength; assume ASTM A36 steel for the following bolt types 


in standard holes: 


1. %-in.-diameter A325N, 
2. %-in.-diameter A325SC (Class A faying surface), and 
3. ¥%-in.-diameter A490X. 
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Figure 9-38 Details for Problem 9-2. 


9-3. Determine the maximum tensile force, P,,, that can be applied to the connection shown in 
Figure 9-39 based on the bolt strength; assume ASTM A36 steel for the following bolt types 
in standard holes: 

1. 1-in.-diameter A325N, 
2. 1-in.-diameter A325SC (Class B faying surface), and 
3. %-in.-diameter A490X. 


7" plate 
Figure 9-39 Details for Problem 9-3. 


9-4. Determine the required bolt diameter for the connection shown in Figure 9-40. The steel is 
ASTM A36 and the bolts are in standard holes. Check the edge and spacing requirements. Use 
the following bolt properties: 

1. A490N, and 
2. A490SC. 
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two L4x4xh 


——pe T, = 90 kips || 


Figure 9-40 Details for Problem 9-4. 


9-5. Determine whether the connection shown in Figure 9-41 is adequate to support the applied 
moment considering the strength of the bolts in shear and bearing. The steel is ASTM A36 and 


the holes are standard (STD). 


7s" A325 SC a 
4" 
W12 X 26 


A" x Th" x 8" plate 


M,, = 30 ft-kips 


Figure 9-41 Details for Problem 9-5. 


9-6. Determine the capacity of the connection shown in Figure 9-42, considering the strength of 
the bolts only. Assume that each bolt takes an equal amount of shear and tension. The bolts are 
“-in.-diameter A325N in standard holes. 


9-7. Determine the capacity of the connection shown; in Figure 9-43, considering the strength of the 
bolts only assume %-in.-diameter A325X bolts in standard holes. Use the following methods and 


compare the results: 
1. Instantaneous center (IC) method, 
2. Elastic method, and 
3. AISC design aids. 
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Figure 9-42 Details for Problem 9-6. Figure 9-43 Details for Problem 9-7. 


9-8. Determine the capacity of the connection shown in Figure 9-44, considering the strength of 
the bolts only. Assume %-in.-diameter A490N bolts in standard holes. Use the following 
methods and compare the results: 

1. Case I, 
2. Case II, and 
3. AISC design aids. 


1'-0" 


(2)-L3% xX 34 x% 
Figure 9-44 Details for Problem 9-8. 


9-9. Determine whether the moment connection shown in Figure 9-45 is adequate considering the 
prying action on the angle, shear in the bolts, and bearing in the bolts. The steel is ASTM A36 
and the holes are oversized (OVS). 

Student Design Project Problems: 

9-10. Select the following connections from the appropriate AISCM Table; check block shear and 
bolt bearing as required: 
1. Beam-to-girder connections at the second floor (use single-plate shear connections), and 


2. Beam-to-column and girder-to-column connections (use all-bolted, double-angle). 
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9-11. Check the bolted connections for the X-braces (designed in Chapter 4) for the appropriate lim- 
its states. 


%" A490 SC 


W14 x 30 


M,, = 35 ft-kips 


Figure 9-45 Details for Problem 9-9. 
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10.1 INTRODUCTION 


Welding is a process in which two steel members are heated and fused together with or 
without the use of a filler metal. In structural steel buildings, connections often incorporate 
both welds and bolts. The use of bolts or welds in any connection is a function of many fac- 
tors, such as cost, construction sequence, constructibility, and the contractor’s preference. 
Welded connections offer some advantages over bolted connections, although they do have 
some disadvantages. The following lists summarize the advantages and disadvantages of 
welded connections: 


Advantages of welded connections 


1. Welded connections can be adapted to almost any connection configuration in which 
bolts are used. This is especially advantageous when construction problems are en- 
countered with a bolted connection (e.g., misaligned bolt holes) and a field-welded 
connection is the only reasonable solution. Connections to existing steel structures 
are sometimes easier with welds because greater dimension tolerances are often 
needed that might not be possible with bolts. 

2. The full design strength of a member can be more easily developed with a welded 
connection with an all-around weld. For example, a beam splice would need to de- 
velop the shear and bending capacity of the member in question. Although a bolted 
connection would be possible for this condition (see Chapter 11), a welded connection 
requires less material and space to develop the design strength of the beam and would 
create a beam splice that is completely continuous across the joint. A beam that is fab- 
ricated too short and that needs additional length to accommodate field conditions 
would often be a welded splice instead of a bolted splice for just that reason. 

3. Welded connections take up less material and space. Consider a bolted moment con- 
nection from a beam to a column. The beam would have a top plate, as well as bolts 
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protruding into space that would normally be occupied by a metal deck and concrete 
for a floor slab. The floor deck and slab would have to be modified and reinforced in 
this area to allow for the placement of the bolted connection. A welded moment con- 
nection in this case would allow the floor deck to align flush with the top of the 
beam. 


4. Welded connections are more rigid and are subject to less deformation than bolted 
connections. 


5. Welded connections are often preferred in exposed conditions where aesthetics are of 
concern because they can be modified to have a more smooth and cleaner appearance. 


Disadvantages of welded connections 


1. Welded connections require greater skill. A welder is often certified not just for 
welding in general, but also for certain welding techniques (e.g., overhead welding). 


2. Welded connections often require more time to construct than equivalent bolted con- 
nections. A greater amount of time equates to more cost because of the labor, espe- 
cially for welds that have to be performed in the field. In many cases, contractors 
prefer to avoid field-welded connections as much as possible because of the associ- 
ated labor cost, even if the result is to use rather large and seemingly oversized 
bolted connections. 


3. The inspection of welded connections is more extensive than that of bolted con- 
nections. Discontinuities and other deficiencies in welds cannot easily be found 
by visual inspection. A variety of inspection methods are available, such as pene- 
trant testing, magnetic particle testing, ultrasonic testing, and radiographic testing 
[1]. Each of these methods requires labor and equipment, which adds to the cost 
of the connection. Some welds, such as full-penetration welds, require continuous 
inspection, which would mean that a welding inspector would have to be on the 
site whenever this type of welding was occurring—also adding to the cost of the 
connection. 


4. In existing structures, welded connections may be difficult or even impossible due to 
the use of the structure. For example, welding in a warehouse with paper or other 
flammable material has an obvious element of danger associated with it. Special pro- 
tective measures would then be required that might interrupt the regular business op- 
eration of the facility, in which case an alternate bolted connection might have to be 
used. With other structures, such as hospitals, a special permit might be required to 
ensure the safety of the occupants during the welding operation. 


The heat energy needed to fuse two steel members together could be electrical, mechanical, 
or chemical, but electrical energy is normally used for welding structural steel. The most com- 
mon welding processes are shielded metal arc welding (SMAW) and submerged arc welding 
(SAW). In each case, electric current forms an arc between the electrode and the steel that 
is being connected. An electrode is essentially a “stick” that acts as a conductor for the elec- 
tric current. This arc melts the base metal as it moves along the welding path, leaving a bead 
of weld. As the steel cools, the impurities rise to the surface to form a layer of slag, which 
must be removed if additional passes of the electrode are required. The basic welding process 
is shown in Figure 10-1. 

The shielded metal arc welding process, also called stick welding, is a manual process 
and is the most common type of weld. In this process, a coated electrode is used to heat both 
the base metal and the tip of the electrode, whereby part of the electrode is deposited onto 
the base metal. As the coating on the electrode dissolves, it forms a gaseous shield to help 
protect the weld from atmospheric impurities. 
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molten / solidified 
base metal 


base metal 


weld (bead) 


Figure 10-1 Basic welding process. 


The shielded arc welding process can be either automatic or semiautomatic. This process 
is similar to SMAW, but an uncoated electrode is used. Granular flux is placed over the joint 
while submerging the electrode and the arc. This process is usually faster and results in a 
weld with a deeper penetration, which results in a higher weld strength. 

There are several other types of welding processes, such as flux cored arc welding 
(FCAW), gas metal arc welding (GMAW), electroslag welding (ESW), electrogas welding 
(EGW), and gas tungsten arc welding (GTAW), but they are beyond the scope of this text 
(see ref. 2). 


10.2 TYPES OF JOINTS AND WELDS 


There are numerous possible joint configurations but the most common are the lap, butt, cor- 
ner, and tee joint (see Figure 10-2). In Section 8 of the AJSCM, these joints are designated 
as B (butt joint), C (corner joint), and T (T-joint). The following combinations are also rec- 
ognized: BC (butt or corner joint), TC (T- or corner joint), and BTC (butt, T-, or corner 
joint). These designations are a shorthand form for specifying certain weld types. 

There are several weld types shown in Figure 10-3. There are a variety of factors that 
determine what type of weld to use, but the most common weld is the fillet weld. Fillet 
welds are generally triangular in shape and join together members that are usually at right 
angles to each other. Fillet welds are usually the most economical since they require very 
little surface preparation and can be used in virtually any connection configuration. 

Plug and slot welds are used to transmit shear in lap joints or to connect components 
of built-up members (such as web doubler plates) to prevent buckling. They are also used 
to conceal connections for steel that are exposed for architectural reasons. In addition, they 
can be used to add strength to connections with fillet welds (see Example 10-5). Neither plug 
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a. lap b. butt 
c. corner d. tee 


Figure 10-2 Joint types. 


nor slot welds should be used where a tension force is normal to the plane of the faying sur- 
face. Nor should they be used to support cyclical loads. Plug welds are placed in round 
holes and slot welds are placed in elongated holes. In each case, the weld metal is placed in 
the hole up to a certain depth (partial penetration or full penetration). The penetration depth 
of a plug or slot weld is difficult to inspect visually, so such welds are not often preferred. 

Groove welds are used to fill the groove between the ends of two members. Groove 
welds can be made in joints that are classified as square, bevel, V (or double-bevel), U, J, 
or flare V (or flare bevel) (see Figure 10-4). In order to contain the weld metal, a backing 
bar is used at the bottom of groove welds. In some cases, the backing bar should be re- 
moved so that the weld can be inspected. In other cases, the backing bar is removed so that 
additional weld metal can be added on the other side of the joint. In this case, any part of 
the weld that is incomplete is removed prior to adding additional weld. This process is called 
back gouging and is generally limited to connections for joints specially detailed for seis- 
mic resistance. The backing bar for groove welds can also be left in place where special 
seismic detailing is not required, but this decision is usually left to the engineer. 


Figure 10-3 Weld types. 
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CML Aa O/IMA (ZZZAIZZZA (ZL LLL LZZZ23LVZ7ZZ 


square (partial square (full Vv bevel 
penetration) penetration) 


WLLL OMIM SMI A (ZZ ZN ZZ Vz 


U J flare V flare bevel 


Figure 10-4 Groove welds. 


Groove welds can penetrate the connected member for a portion of the member thick- 
ness, or it can penetrate the full thickness of the connected member. These are called partial- 
joint penetration (PJP) and complete-joint penetration (CJP), respectively (see further 
discussion on weld strength in Section 10.4). Complete-penetration welds (also called full- 
penetration or “full-pen” welds) fuse the entire depth of the ends of the connected members. 
Partial penetration welds are more cost-effective and are used when the applied loads are such 
that a full-penetration weld is not required. They can also be used where access to the groove 
is limited to one side of the connection. 

Whenever possible, welds should be performed in the shop where the quality of the 
weld is usually better. Shop welds are not subjected to the weather and access to the 
joint is fairly open. Welds can be classified as flat, horizontal, vertical, and overhead 
(see Figure 10-5). It can be seen that flat welds are the easiest to perform; they are the 
preferred method. Overhead welds, which are usually done in the field, should also be 
avoided where possible because they are difficult and more time-consuming, and there- 
fore more costly. 


Figure 10-5 Weld positions. 
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10.3 WELD SYMBOLS 


Weld symbols are commonly used to identify the required weld properties used in the con- 
nection design. Symbols have been standardized by the American Welding Society (see 
ref. 3); they are summarized in Table 8-2 of the AJSCM. 

Fillet welds are the most commonly specified welds, and will be used as the basis 
for the following discussion (see Figures 10-6 and 10-7). The standard symbol is an 
arrow pointing to the weld or joint, with a horizontal line forming the tail of the arrow. 
The triangular shape indicates a fillet weld, but for all welds, the vertical line of the 
weld symbol is always to the left. Above and below the horizontal line, information 
about the weld is given. If the information is below the horizontal line, then the welded 
joint is on the near side of the arrow. If the information is above the horizontal line, 
then the welded joint is on the opposite side. The size of the weld is stated first on the 
left side of the weld-type symbol, then the length and spacing of the weld is placed to 
the right of the weld-type symbol. A circle at the intersection of the horizontal line and 
arrow indicates that the weld is around the entire joint. A flag at this location indicates 
that the weld is to be made in the field. The absence of the flag indicates that the weld 
should be performed in the shop. At the end of the horizontal line, any special notes can 
be added. 

Table 8-2 of the AJSCM also lists certain pre-qualified weld symbols that can be used 
to identify partial-joint or complete-joint penetration weld types. Table 10-1 below sum- 
marizes the basic notation used. 

As an example, in the designation BU-4a used in AISCM, Table 8-2, the B indicates a 
butt joint, and the U indicates that the thickness of the connected parts is not limited and that 
the weld is to have complete-joint penetration. The number 4 indicates that the joint has a 


Basic Weld Symbols Other Weld Symbols 
nile ana ke@rn shop weld 
plug / slot Ce] 
field weld 
square ZZ 
Vv weld all around Vo 
bevel 
U 
J (ZZZUZZZ 
flare V 
flare bevel Vz 
backing bar (ZZZALZZ 


Figure 10-6 Basic weld symbols. 
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Y, a. Y4" fillet weld, shop welded on near side 
Y, 
% b. 44" fillet weld, field welded on both sides 
E80 i 1 
/ c. “1" fillet weld, field weld all around, 
use E80 electrodes 


Y 3"@8" 
Nod. ue fillet weld, shop welded on far side, 


3"-long welds at 8" on center 


‘ \ e. single bevel weld, field welded with 


backing bar 
Figure 10-7 Weld symbol examples. 


single-bevel groove, which means that one connected part is flat or unprepared, whereas 
the other connected part has a beveled edge. The letter a indicates something unique about 
this joint, which, in this case, means that a backing bar is used. The letter a also differenti- 
ates this joint type from a BU-4b. The letter b, in this case, indicates that the underside of the 
joint in question must be backgouged and reinforced with additional weld metal. 


Table 10-1 Pre-qualified weld notation 


butt joint 

corner joint 

T-joint 

butt or corner joint 

T- or corner joint 

butt, T-, or corner joint 


Joint Type Symbols 


limited thickness, complete-joint penetration 
unlimited thickness, complete-joint penetration 
partial-joint penetration 


Base Metal Thickness 
and Penetration Symbols 


square groove 
single-V groove 
double-V groove 
single-bevel groove 
double-bevel groove 
single-U groove 
double-U groove 
single-J groove 
double-) groove 
flare-bevel groove 


Weld-lype Symbols 


1 
2 
3 
4 
5 
6 
7 
8 
9 
al 
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10.4 DIMENSIONAL REQUIREMENTS FOR WELDS 


There are minimum dimensional requirements for welds given in the AJSCM. Table 10-2 
gives the maximum and minimum fillet weld sizes, which are a function of the thickness of 
the connected parts. 

The minimum total length of a fillet weld must be at least four times the nominal size 
of the weld, or else the size of the weld used to determine its design strength shall be assumed 
to be one-fourth of the weld length. With reference to Figure 10-8, when longitudinal welds 
are used to connect the ends of tension members, the length of each weld shall not be less 
that the distance between the welds. This is to prevent shear lag, which occurs when not all 
parts of the connected member are fully engaged in tension (see Chapter 4). 

The maximum length of a fillet weld is unlimited, except for end-loaded welds. End 
loaded welds are longitudinal welds in axial-loaded members. End-loaded welds are permit- 
ted to have a length of 100 times the weld size. When the length-to-size ratio of an end-loaded 
weld exceeds 100, the design strength is adjusted by the following factor: 


L 
6B = 0.60 < 1.2 — 0.002{ =) = 1.0, (10-1) 
w 


where 


B = Weld strength adjustment factor (varies from 0.60 to 1.0), 
L = Weld length, and 


w = Weld size. 


The minimum diameter of a plug weld or width of a slot weld is the thickness of the part 
containing it plus % in. rounded up to the next larger odd %s in. (see Figure 10-9). The max- 
imum diameter of a plug weld or width of a slot weld is 24 times the thickness of the weld. 
The length of a slot weld shall be less than or equal to 10 times the weld thickness. Plug 
welds should be spaced a minimum of four times the hole diameter. Slot welds should be 


Table 10-2 Maximum and minimum fillet weld sizes 


Maximum Fillet Weld Size 


Connected part thickness, t' Maximum weld size, w 


Minimum Fillet Weld Size” 


Thickness of thinner connected part, t Minimum weld size, w 
Yo 


t=" 
y" ra t — y,!" 
AY <ts wh" 
t> 7" 


+The term tis the thickness of the thicker connected part. 
?Single-pass welds must be used. The maximum weld size that can be made in a single pass is 5/16 in. 
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Figure 10-8 Longitudinal welds. 


EG 
WN 


+ Aor (round up) s>4d 
St 


Thi —_er4 


a. plug welds 


b. slot welds 


Figure 10-9 Plug and slot weld dimensions. 


S>2L 
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spaced a minimum of four times the width of the slot in the direction transverse to their 
length. In the longitudinal direction, slot welds should be spaced a minimum of twice the 
length of the slot. 

For a connected part that is % in. thick or less, the minimum thickness of plug or slot 
welds is the thickness of the material. For material greater than % in. thick, the thickness 
of plug or slot welds should be at least half the thickness of the material, but not less than 
% in. 

Figure 10-9 shows the basic dimensional requirements for plug and slot welds. 


10.5 FILLET WELD STRENGTH 


The strength of a fillet weld is based on the assumption that the weld forms a right triangle 
with a one-to-one slope between the connected parts (see Figure 10-10). Welds can be loaded 
in any direction, but are weakest in shear and are therefore assumed to fail in shear. The short- 
est distance across the weld is called the throat, which is where the failure plane is assumed 
to be. Any additional weld at the throat (represented by the dashed line in Figure 10-10) is 
neglected in calculations of strength. 

Based on the geometry shown, the strength of the weld can be calculated as 


R, = (sin 45)wLF,, (10-2) 


n 


where 


R,, = Nominal weld strength, kips, 
w = Weld size, in., 
L = Weld length, in., and 

F,, = Nominal weld strength, ksi. 


The nominal weld strength, F,,, is a function of the weld metal or electrode used. The 
ultimate electrode strength can vary from 60 ksi to 120 ksi, but the most commonly used 


throat size 


area of weld ignored 
, for strength 


weld size, w 


weld size, w 
Figure 10-10 Fillet weld geometry. 
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electrode strength is 70 ksi. The designation for electrode strength is an E followed by two 
digits that represent the electrode strength and two additional numbers that indicate the 
welding process. The designation E70XX is commonly used to indicate electrodes with a 
nominal strength of 70 ksi. The first letter X indicates the weld position (such as over- 
head), and the second letter X indicates the welding current and other weld properties not 
directly pertinent to the weld strength. An example of a complete weld designation is 
E7028, where the 2 represents a horizontal and flat weld and the 8 represents an electrode 
with a low hydrogen coating. 
From AISCM, Table J2.5, the nominal strength of a fillet weld in shear is 


F, = 0.6Fexx (10-3) 


Ww 


where F;xx is the electrode strength. Therefore, the available strength of a fillet weld is 
found by combining equations (10-2) and (10-3): 


V2 
bR, = 0.6Fexx —— WL, (10-4) 


where ) = 0.75. 


The weld size is commonly expressed as a thickness that is a certain number of six- 
teenths of an inch. For example, a weld size of w = % in. could be expressed as four- 
sixteenths or simply as D = 4. From AJSCM, Table J2.5, the strength reduction factor for 
shear is @ = 0.75. Combining these with a commonly used electrode strength of Fgxy = 
70 ksi, equation (10-4) becomes 


oR, = (0.75)(0.6)(70)( 2 )(2.)o 
1.392DL, (10-5) 


where 


oR,, = Available weld strength, kips, 
D = Weld size in sixteenths of an inch, and 
L = Weld length, in. 


It should be noted that the strength of the connected part must also be checked for 
strength in shear, tension, or shear rupture, whichever is applicable to the connection 
(see Chapter 4). 

The above formulation for weld strength is conservative in that the load direction is 
not accounted for (1.e., shear failure, which has the lowest strength, was assumed). For a lin- 
ear weld group loaded in the plane of the weld, the nominal weld strength is 


F,, = 0.6Fpxx(1 + 0.5 sin'°6), (10-6) 


where 0 is given in Figure 10-11. Note that a linear weld group is one that has all of the welds 
in line or parallel. 
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Figure 10-11 Weld loaded 
at an angle. 


For weld groups where the welds are oriented both transversely and longitudinally to 
the applied load, the nominal weld strength is the greater of the following equations: 


oR,, = oR + OR: (10-7) 
0.85bR,, + 1.56R,,, (10-8) 


where 


R,, = Nominal strength of the longitudinal fillet welds using F,, = 0.6Fgxx, 


R,,, = Nominal strength of the transverse fillet welds using F,,, = 0.6F gxx, and 
o = 0.75. 


Fillet Weld Strength 


Determine the capacity of the connection shown in Figure 10-12 based on weld 
strength alone. Electrodes are E70XX. 


Figure 10-12 Detail for Example 10-1. 


SOLUTION 
The AISC requirements for weld size must be checked first. 
From Table 10-2, 
Minimum weld size = 7% in. (4 in. provided, OK) 
Maximum weld size = tax — “6in. = % in. — “6 in. = %o in. (4% in. provided, OK) 


(continued) 
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Spacing of longitudinal welds: 


Length = 4 in. 
Distance apart (b) = 4 in. 


Since the weld length is not less than the distance apart, the spacing is adequate. 


Weld capacity: 
Since E70XX electrodes are specified, equation (10-5) can be used: 


oR, = 1.392DL 
(1.392)(4)(4 + 4) = 44.5 kips. 


Fillet Weld Strength 


Determine the capacity of the connection shown in Figure 10-13 based on weld 
strength alone. Electrodes are E70XX. 


A" plate 


Figure 10-13 Details for Example 10-2. 


From Example 10-1, the AISC requirements for weld size are satisfied. 

Since both longitudinal and transverse welds are present, equations (10-7) and (10-8) 
are used. 

From equation (10-7), 


OR, = Ry + Ry 

OR, = 1.392DL = (1.392)(4)(4 + 4) = 44.5 kips 
bR,, = 1.392DL = (1.392)(4)(6) = 33.4 kips 
oR, = 44.5 + 33.4 = 77.9 kips. 
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From equation (10-8), 


oR, 


0.85bR,, + 1.56R,, 
(0.85)(44.5) + (1.5)(33.4) = 87.9 kips. 


The larger of these values controls, so the design strength of the weld is bR,, = 87.9 kips. 


Thus far, only the weld strength has been considered in the analysis of connections. 
We will now consider the strength of the connected elements. In some cases, the connec- 
tion is designed for the capacity of the connected elements in order to ensure that the con- 
nection doesn’t become a weak link in the load path. 

From Chapter 4, the strength of an element in tensile yielding is 


OR, = OF,A,, (10-9) 
where 
od = 0.90, 


F, = Yield stress, and 
A, = Gross area of the connected element. 


The strength of an element in tensile rupture is 


GK, = OF Az, (10-10) 
where 
o = 0:75 


F,, = Ultimate tensile stress, 
A, = Effective area of the connected element 
= A,U, 
A, = Net area of the connected element, and 
U = Shear lag factor calculated from AJSCM, Table D3.1. 


The strength of an element in shear yielding is 


oR, = 0.60F,A,,, (10-11) 
where 

= 1.0, and 
A,, = Gross area subject to shear. 
The strength of an element in shear rupture is 
oR, = 60.60F,A,,,, (10-12) 
where 

o = 0.75, and 


A,, = Net area subject to shear. 
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The block shear strength is 


oR, = (0.60F,A,, + UysF Ant) = (0.60F,A,, + UpysE,An)> (10-13) 
where 
6 = 0.75, 


A,, = Net area subject to shear, 
A,, = Net area subject to tension, 
A,, = Gross area subject to shear, and 


U,; = Block shear coefficient 


1.0 for uniform tension stress 


= 0.5 for nonuniform tension stress. 


For welded tension members, the second half of equation (10-13) can be ignored since 
the net shear area equals the gross shear area for this case. The equation then becomes 


oR,, = (0.60F,A,,, + Up yA). (10-14) 


Design Strength of a Welded Connection 


Determine the strength of the connection from Example 10-2 considering the strength 
of the connected elements. Assume that ASTM A36 steel is used. 

From Example 10-2, the design strength of the weld was found to be OR,, = 87.9 k. 
The strength of the connected elements in tension, shear, and block shear will now be 
considered. 

From the geometry of the connection, 


= (3/8 in.)(6 in.) = 2.25 in2 
A,, = (0.375)(4 in. + 4 in.) = 3.0 in? 
U = 1.0 (from AJSCM Table D3.1) 
A, = A,U = (3/8 in.)(6 in.)(1.0) = 2.25 in? 
U,,; = 1.0 (stress is assumed to be uniform; see AJSCM, Section CJ4.3) 


fi, = 36 ssi 
F, = 58 ksi 
Tensile yielding: 
oR, = bFyA, 


= (0.9)(36)(2.25) = 72.9 kips Controls 
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Tensile rupture: 


oR, a oF,A, 
(0.75)(58)(2.25) = 97.8 kips 


Shear yielding: 


bR, = 0.60F,A,, 
(1.0)(0.6)(36)(3.0) = 64.8 kips 


Shear rupture: 


oR,, aa 0.60F,,A,, 
(0.75) (0.60)(58)(3.0) = 78.3 kips 


Note that shear yielding and shear rupture are not a valid failure mode for this con- 
nection since there is a transverse weld. The above calculations regarding shear 
failure are provided for reference. 


Block shear: 


oR,, (0.60F,,A ar Uae, 


0.75[ (0.60)(58)(3.0) + (1.0)(58)(2.25)] = 176 kips 


The critical failure mode is tensile yielding on the connected member where 
oR,, = 72.9 kips. 


10.6 PLUG AND SLOT WELD STRENGTH 


The strength of a plug or slot weld is a function of the size of the hole or slot. The cross- 
sectional area of the hole or slot in the plane of the connected parts is used to determine the 
strength of the weld. 

The strength of plug and slot welds is as follows: 


oR, = bF,,Ay, (10-15) 
where 
= 0.75, 


F, = 0.6F gxx, and 


A,, = Cross-sectional area of weld. 


The dimensional requirements for plug and slot welds are given in Section 10.4. 
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EXAMPLE 10-4 


Plug Weld Strength 


Determine the strength of the plug weld in the built-up connection shown in Figure 10-14 below considering 
the strength of the weld only. Electrodes are E70XX. 


1A"O-K ; ~" plate 
Za" plate, top 
and bottom 


W 18x65 


a. section b. top view 
Figure 10-14 Details for Example 10-4. 

SOLUTION 
Weld Dimensions 
Minimum weld diameter: 

Polat = Ws in. 

flange thickness, t; = % in. (W18 X 65) 

Ohm = far Ao i, = 10/6 0), 
This should be welded up to the next odd cs in.; therefore, d,,;,, = 1%6in. < 14 in., OK 


Maximum weld diameter: 


d, 


max 


= 2.25w = (2.25) Kin.) = 1.41 in. > 14 in. OK 


Minimum thickness: 


E 
Larger of % in. or 3 


3 . 
i fein, oS See 
5 = <5 = %in.; therefore, the minimum thickness is % in. 


(% in. provided) 
Minimum spacing: 


Sin = 4 X weld diameter 
= (4) (1.25) = 5in. < 6in. OK 


The dimensional requirements are all met. 
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Weld Strength 
From equation (10-15), 


oR, = oF,,A,, 


= (0.75) (0.6)(70 ri | "| = 38.6 kips. 


EXAMPLE 10-5 


Slot Weld Strength 


Determine the strength of the connection shown in Figure 10-15 considering the 
strength of the weld and the steel angle. Electrodes are E70XX and the steel is ASTM 


A36. 


Figure 10-15 Detail for Example 10-5. 


SOLUTION 


Weld dimensions 


Minimum weld width: 


Xin = t + Yoin. = Yo in. 


min 


This should be welded up to the next odd sc in.; therefore, x,,,,, = ‘6 in. ('%o in. provided). 
OK 


Maximum weld width: 


Xmax = 2.25w = (2.25)(% in.) = 0.85 in. > '%o = 0.82 in. OK 


max 


(continued) 
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Minimum thickness: 


Use the thickness of the material since t < % in. 
Minimum thickness = % in. 
Maximum length = 10¢ = (10)(3/8) = 3.75 in. > 3 in., OK 


The dimensional requirements are all met. 


Weld Strength 
From equation (10-15), 


oR,, am: TAN 
= (0.75)(0.6)(70 ksi) (3 in.) (‘% in.) 
= 76.7 kips(strength of the slot weld). 


From Equation 10-5, 


bR, = 1.392DL (D = 3 for 3/16-in. weld) 
(1.392)(3)(3 + 3) = 25.0 kips 


Total weld strength: 76.7 + 25.0 = 101.7 kips. 
Angle Strength 
Tensile yielding: 


bR, = OFA, 
(0.9)(36)(2.11) = 68.3 kips 


Tensile rupture: 


U=1- 7 (from AISCM Table D3.1) 
= ee 0905 
3 in. 
A, = A,U 
= [2.11 — (%e in. )(% in.)](0.705) = 1.27 in? 
bR, = FA, 


= (0.75)(58)(1.27) = 55.3 kips Controls 


Tensile rupture controls the design of the connection. Note that the strength of the 
fillet welds alone would not be adequate to match the tensile rupture strength of the 
angle. More fillet weld could also be added, but the use if a slot need is shown here 
for illustrative purposes. 
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10.7 ECCENTRICALLY LOADED WELDS: SHEAR ONLY 


The analysis of eccentrically loaded welds follows the same principles used for eccentrically 
loaded bolts (see Chapter 9). With reference to Figure 10-16, eccentrically loaded welds 
must resist the direct shear from the applied load, P, plus additional shear caused by the mo- 
ment resulting from the eccentric load, Pe. There are two methods of analysis that can be 
used—the instantaneous center of rotation (IC), method and the elastic method. 


weld group 


Figure 10-16 Eccentrically loaded weld. 


The IC method is more accurate, but requires an iterative solution. As was the case with 
bolted connections, an eccentrically loaded weld will rotate about a point called the instan- 
taneous center (see Figure 10-17). The IC has to initially be assumed for analysis. The weld 
must also be broken down into discrete elements of equal length for the analysis. It is rec- 
ommended that at least 20 elements be selected for the longest weld in the group in order 
to maintain reasonable accuracy in the solution [1]. 

Using a load—deformation relationship, the nominal strength of the weld group is 


Rix = BE iA and (10-16) 
R = DFyiyAwis (10-17) 


element i in weld group 
Figure 10-17 Eccentrically loaded weld: IC method. 
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where 


R,, = x-component of the nominal weld strength, 


R,y = y-component of the nominal weld strength, 


A,,; = Effective weld throat area of element i, 
F,,; = Weld stress for element i 
= 0.60Fpxx(1 + 0.5 sin'°0)[p(1.9 — 0.9p)]°°, (10-18) 


Fj. = x-component of the weld stress, F,,;, 


F,,iy = y-component of the weld stress, F',,;, 
a (10-19) 
: Ay 
rA, 
A; = —, (10-20) 


r; = Distance from the IC to the weld element i, in., 
Tei, = Distance from the IC to the weld element with minimum A,,/7; ratio, in., 


A, = Deformation of weld element at ultimate stress, usually the weld element 
located the farthest from the IC (maximum value of 7;), in. 


= 1.087w(8 + 6)~°% <0.17M, (10-21) 


A, = Deformation of weld element at maximum stress, in. 


= 0.209w(@ + 2)~%%2, (10-22) 


8 = Load angle measured from the longitudinal axis of the weld, degrees, and 


w = Weld leg size, in. 


The resistance of each weld element calculated above is assumed to act perpendicular to a 
line drawn from the IC to the weld element (see Figure 10-17). When the location of the IC 
is correct, then all of the equilibrium equations will be satisfied (ZF, = 0, ZF, = 0, 2M = 0). 
It is evident that the above analytical process is quite tedious and is not practical for common 
use. Tables 8-4 through 8-11 are provided in the AISCM as design aids that use the IC method 
(see Examples 10-7 and 10-8). 

In lieu of the more tedious IC method, the elastic method can be used. This method is 
more conservative because it ignores the ductility of the weld group and the redundancy, or 
load redistribution, of the weld group. 

When a weld is subject to an eccentric load in the plane of the weld as shown in Figure 
10-18, the weld is subjected to a direct shear component and a torsional shear component. 
Considering the direct shear component, the shear in the weld per linear inch is 


r= ss (10-23) 


where 


r, = Shear per linear inch of weld with components r,, and r,,, 
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arbitrary linea 
inch of weld 


= Pe 
centroid of 
weld group 
Figure 10-18 Eccentrically loaded weld: Elastic method. 
Py 
= > (10-24) 
P; 
hy = 7 (10-25) 
P = Applied load with components P, and P,, and 
L = Total weld length. 
Considering the torsional component, the shear in the weld per linear inch is 
Pec 
r, = —, (10-26) 
I, 
where 
Tm = Shear per linear inch of weld with components r,,, and /,n,, 
Pec, 
Tnx = — (10-27) 
[, 
Pec, 
ly (10-28) 


Pp 


P = Applied load, 
e = Distance from the applied load to the centroid of the weld group, 


c = Distance from the center of gravity of the weld group to a point most remote 
from the centroid of the weld group with components c, and c,, and 


I, = Polar moment of inertia (also commonly noted as J); see Table 10-3 
=1, +1, 


Table 10-3 Polar moment of inertia for weld groups 


Section Modulus, in.° 
Center of Gravity, 
Weld Group in. x, y 1, (or J), in.* 


(b + d)* — 6b7d?) 
12(b + d) 


(206+ d)> bb 4 
12 (2b + d 


(b + 2d)? = a*(b + d)? 
12 (b + 2d) 


(b + d)° 
6 


(b + 2d)>— d?(b + d)? 
12 (b + 2d) 


Aba? + a 


b> + 3bd? + a? 
6 


2b? + 6bd? + & 
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The polar moment of inertia, /,, can be found by summing the rectangular moments of iner- 
tia (I, + J,); however, Table 10-3 is provided as a reference. In calculating the polar moment 
of inertia, the thickness of the weld is ignored and the weld group is treated as line elements 
with a unit thickness. 

Once all of the shear stress components are found (r,,, r,,), they are added together to 
determine the point at which the shear stress is the highest, which is usually the point most 


remote in the weld group: 


r= V (roe + Tnx)? + Ces oe (10-29) 


This resultant shear stress is then compared to the available strength of the weld. 


EXAMPLE 10-6 


Eccentrically Loaded Weld: Shear Only 


Determine whether the weld for the bracket connection shown in Figure 10-19 is 
adequate to support the applied loads. Electrodes are E70XX. 


WA et P=40 kips 


centroid of 
weld group 


Figure 10-19 Connection detail for Example 10-6. 


SOLUTION 
From Table 10-3, 


Center of gravity (x, y): 


Be d 
Ce > yeaa 
52 10 
- 22 2 (125.5 
Io) 2 ( ) 
e = 8in. + Sin. — 1.25in. = 11.75 in. 


(continued) 


478 CHAPTER 10 


Polar moment of inertia: 


(2b 2d) bb + a) 


a ime One) 
TQS oF VT IGiIG =) y Fees 
12 [(2)(5) + 10)] 
c, = Sin. — 1.25 in. = 3.75 in. 
Gy = S ii, 
c= Vez +o? 


V 3.757 + 57 = 6.25 in. 


Weld stress due to direct shear: 


From equations (10-24) and (10-25), 


| 


; P, = 0; therefore, r,. = 0. 


mje mi 


40 kips nee 
Si ee : —~ = 2kips/in. 
(Sin. + 10in. + 5 in.) 


Weld stress due to torsional component: 


From equations (10-27) and (10-28): 


nee, 


Tnx = 
I, 
40)(11.75)(5 
Bie Joes 6.10 kips/in. 
385 


tay = ime 


(40) (11.75) (3.75) ds 
= Bes = 4.57 kips/in. 


Total weld stress: 


From equation (10-29), 


le VG F eos ar (7 oF ee 


= V(0 + 6.10)? + (2 + 4.57) = 8.97 kips/in. 
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Available weld strength: 


From equation (10-5), 


oR, = 1.392DL(D = 4 for a % inch weld) 


= (1.392)(4)(1) = 5.57k/in. < 8.97k/in. Not good 


The applied stress is found to be greater than the available strength, so the weld size 
would have to be increased (by inspection, a %-in. weld would be adequate). Note that 
in the above calculation, the weld length, L, is 1 in., since the applied stress was cal- 
culated per unit length. 


EXAMPLE 10-7 


Eccentrically Loaded Weld: Shear Only, Using the A/SCM 
Design Aids 


Determine whether the weld in Example 10-6 is adequate using the appropriate 
design aid from the AISCM. 


D = 4 (for /-in. weld) 
From the AJSCM, Table 8-8, 8 = 0°, 


ce —aliys 
Oi 
11.75 
nis 


= 1.175 


= 1.175 and k = 0.5, 


1.45 (by interpolation) 
ty 
~ bCC\l 
= 1.0 for E70XX, see AISCM, Table 8-8) 
40k 
mn (0.75) (1.45)(1.0)(10) 


= 3.68 < D = 40K 


Using Table 8-8, it is found that the “4-in. weld is, in fact, adequate. Example 10-6 uses 
the elastic method, whereas Example 10-7 and the corresponding AISC table use the 
instantaneous center (IC) method. As discussed previously, the elastic method is more 
conservative because simplifying assumptions are made. 
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10.8 ECCENTRICALLY LOADED WELDS: SHEAR PLUS TENSION 


A load that is applied eccentrically to a weld group that is not in the plane of the weld group (see 
Figure 10-20) produces both shear and tension stress components in the weld group. The eccen- 
tric load is resolved into a direct shear component equal to the applied load, P, and a moment 
equal to Pe. Using a unit width for the weld thickness, the stress components are as follows: 


Direct shear component: 
Ls (10-30) 


Tension component due to moments: 


me 


ve -° (10-31) 


where 


P = Applied load, 

e = Eccentricity, 

1 = Total weld length in the group, and 

S = Section modulus of the weld group (see Table 10-3). 


The resulting weld stress is found by adding the shear and tension components as follows: 


§= Viti (10-32) 


ty 


ASS! AA 
NN 
N 


ANAS ES 


S 


e 
\ \ P P 
= + ; ip M = Pe 
WT . 


Figure 10-20 Eccentrically loaded weld in shear plus tension. 


EXAMPLE 10-8 


Eccentrically Loaded Weld: Shear Plus Tension 


Determine the required fillet weld size for the bracket connection shown in Figure 
10-21 considering the strength of the weld only. Compare the results with the appro- 
priate table from the AJSCM. Electrodes are E70XX. 
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See 


steel angle with 
stiffener plate 


Figure 10-21 Connection details for Example 10-8. 


SOLUTION 


e = 4in. 
i 8 in. + 8in. = 12 in. 


From Table 10-3, 


= 213 in 


Weld stress due to direct shear: 


From equation (10-30), 


£= 


ic = 1.5 kips/in. 


Weld stress due to tension from applied moment: 


From equation (10-31), 


Pe 
if “a “S 
@ 


= oxy) = 4.5 kips/in 
23 oi eee 
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Combined weld stress: 
From equation (10-32), 
iS Vip ae iy 

ip 


oR, = 1.392DL 


V(1.5)? + (4.5)? = 4.74 kips/in. 


Required weld thickness: 


Therefore bR,/L = 1.392D = 474 kips/in. 


1D) = BAo2 


= four sixteenths .. 


use % in. weld 


Note that the elastic method is more conservative. We will now compare these 
results with the design aids in the AJSCM, which are based on the inelastic method. 


From AISCM, Table 8-4, 8 = 0°, 


e = 4in. = al 
a= alee 0.5 
8 
k = 0 (see AISCM, Table 8-4) 
C = 2.29 
= Py 

Prin = bCCl 
(C, = 1.0 for E70XX, see AISCM, Table 8-3) 
a 24k 


min“ (0.75) (2.29) (1.0) (8) 


= 1.75 =~ two-sixteenths, ... Use -in. weld. 


Note that while a 1/8-in. fllet weld is the minimum size reqired for strength, the 
weld size may have to be increased in the basis of the thickness of the connected 
parts (see Table 10-2). 
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10.10 PROBLEMS 


10-1. Determine the weld required for the connection shown in Figure 10-22. The steel is 
ASTM A36 and the weld electrodes are E70XX. 


Figure 10-22 Details for Problem 10-1. 


10-2. Determine the maximum tensile load that may be applied to the connection shown in 
Figure 10-23 based on the weld strength only. The steel is ASTM A36 and the weld 
electrodes are E70XX. 


(2)-L3X3x% 


Figure 10-23 Details for Problem 10-2. 


10-3. Determine the fillet weld required for the lap splice connection shown in Figure 10-24. The steel 
is ASTM A36 and the weld electrodes are E70XX. 


Yn x 6" 


—=i— 
—t P,, = 25 kips 


Figure 10-24 Details for Problem 10-3. 


484 CHAPTER 10 


10-4. Determine the length of the plate required for the moment connection shown in Figure 10-25. 
The steel is ASTM A36 and the weld electrodes are E70XX. Ignore the strength of the W12 X 26; 
consider the strength of the plate in tension. 


L L 


W12 X 26 


M,, = 55 ft-kips 


AR" x 6" plate top 
& bottom 


Figure 10-25 Details for Problem 10-4. 


10-5. Determine the capacity of the lap splice connection shown in Figure 10-26. The steel is ASTM 
A36 and the weld electrodes are E70XX. 


a. plan view 


Eb section 


Figure 10-26 Details for Problem 10-5. 


10-6. Determine the required length of the slot weld shown in the connection shown in Figure 10-27. 
The steel is ASTM A572 and the weld electrodes are E70XX. 


Figure 10-27 Details for Problem 10-6. 
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10-7. Determine the capacity of the bracket connection shown in Figure 10-28 below using the IC 
method and the elastic method. Compare the results. Weld electrodes are E70XX. 


Figure 10-28 Details for Problem 10-7. 


10-8. Determine the required weld size for the bracket connection shown in Figure 10-29. Weld elec- 
trodes are E70XX. 


M,, = 30 ft-kips 


Figure 10-29 Details for Problem 10-8. 


10-9. Determine the required weld length for the seat connection shown in Figure 10-30. Weld elec- 
trodes are E70XX. Ignore the strength of the bracket. 


steel angle with 
stiffener plate 


Figure 10-30 Details for Problem 10-9. 
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10-10. Determine the maximum eccentricity for the connection shown in Figure 10-31. Weld elec- 


trodes are E70XX. 
e 
P,, = 40 kips 
x typ. 
W8 X 24 


Figure 10-31 Details for Problem 10-10. 


Student Design Project Problem: 


10-11. Design a welded seat angle connection for the typical roof joist and joist girders, using the de- 
tail shown in Figure 10-32 as a giude. 


2h" at joist | 
4" at joist girder steel joist or 


steel angle with 


joist girder 
stiffener plate J. 


Figure 10-32 Joist seat connection detal. 


10-12. Design the X-brace connections to be welded connections. Check the appropriate limit states 
for block shear on the gusset plates. 


ire a | CHAPTER 


Special Connections and Details 


11.1. INTRODUCTION 


In Chapters 9 and 10, we considered basic bolted and welded connections, including an in- 
troduction to the use of the AISC selection tables for standard connections. In this chapter, 
we will consider the design of connections and details that are not specifically covered in 
the AISC selection tables, but are very common in practice. The connections that we will 
consider use a combination of bolts and welds, and many of these connections will have de- 
sign components that are covered in the AISC selection tables. Below is a summary of the 
connections and details that will be considered in this chapter: 


11.2 Coped Beams 

11.3 Moment Connections: Introduction 

11.4 Moment Connections: Partially Restrained and Flexible 
11.5 Moment Connections: Fully Restrained 

11.6 Moment Connections: Beams and Beam Splices 

11.7 Column Stiffeners 

11.8 Column Splices 

11.9 Holes in Beams 


11.10 Design of Gusset Plates in Vertical Bracing and Truss Connections 


11.2 COPED BEAMS 


Coped beams occur on virtually every steel-framed project, and it is therefore essential 
for any designer to understand the analysis and design parameters for coped connections. 
The geometry of a beam cope will generally be a function of the shape of the connected 
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ue plate 


plan view 


bottom flange coped 
to avoid interference 
with shear plate 


Figure 11-1 Coped bottom flange due to construction sequence. 


member. In some cases, field conditions may dictate the requirement of a cope. For 
example, Figure 11-1 shows a beam framing into the web of a column. When this beam 
is erected into its final position, it is dropped down in between the column flanges. This 
particular beam would require a coped bottom flange in order to be placed without an 
obstruction. Other common coped beam connections are shown in Figure 11-2. 

Additional beam modifications for connections are shown in Figure 11-3. A beam 
cope is defined as the removal of part of the beam web and flange. A block is the removal 
of the flange only, and a cut is the removal of one side of a flange. In each of these cases, 
it is common to refer to any of them as copes since the analysis and design procedures are 
similar. 

When beams are coped, the load path of the end reaction must pass through a reduced 
section of the connected beam (see Figure 11-4). The strength of the beam in block shear 
was covered in Chapter 9, and we will now consider the effect of bending stresses at the crit- 
ical section due to the eccentric load. The eccentricity, e, is the distance from the face of the 
cope to the point of inflection. In some connections, the point of inflection may not be at 
the face of the support, but it is conservative to assume that the point of inflection is at the 


oO, = 
al 
a) reinforced cope b) top flange cope c) cope at both flanges 


Figure 11-2 Types of beam copes. 
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BS oS 
ooo 


a. cope b. block c. cut 


Figure 11-3 Cope, block, and cut. 


face of the support or at the line of action of the bolt group. A lower value of e can be used 
if justified by analysis. 

When the geometry of the beam cope is such that the localized stresses exceed the design 
strength, the beam can be reinforced at the cope. In Figure | 1-5a, a web doubler plate is shown; 
in Figure 11-5b, a longitudinal stiffener is shown. In these two cases, the reinforcement should 
be extended a distance of d, past the critical section, where d, is the depth of the beam cope. 
In Figure 1 1-5c, both transverse and longitudinal stiffeners are shown. The given geometry of 
a connection will dictate the type of reinforcement to use where reinforcement is required. 

For beams coped at either the top or bottom flange, or both flanges, the design strength 
for flexural rupture is 


bp,M), a Dil Snes (1 1-1) 
where 
bp, = 0.75, 


F,, = Tensile rupture strength, and 


Ser = Net section modulus at the critical section. 


critical section 


yp € oy for bending 


| critical section 
for bending 


Figure 11-4 Reaction at a coped beam. 
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Cc > c/3 


doubler plate longitudinal stiffeners 
stiffener 
a. web doubler plate b. longitudinal stiffener c. longitudinal and 


transverse stiffeners 


Figure 11-5 Reinforcement of coped beams. 


The net section modulus, S,,,, for various beams and cope depths is provided in AJSCM, 
Table 9-2. In this table, the cope depth is limited to the smaller of 0.5d and 10 in. 

For beams coped at either the top or bottom flange, or both flanges, the design strength 
for flexural local buckling is 


6M, = bpFrSner (11-3) 
where 


o, = 0.9, and 
F 


¢ 


, = Available buckling stress. 


For beams coped at one of the flanges only, the available buckling stress when c = 2d and 


d, = 0.5d is 
t.\2 
F,o= 26210( 2) fk, (11-3) 
1 
where 


f = Plate buckling model adjustment factor 


2c é 
= —when-— = 1.0 11-4 
d w en ( ) 
c c 
=1+ h > 1.0, 11-5 
d when d ( ) 
k = Plate buckling coefficient 
h, 1.65 Cc 
= 22(“) when — = 1.0 (11-6) 
Cc hy 


2. 
= when — > 1.0, (11-7) 
C h 
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hy 


neutral 
axis 


a. local buckling for b. local buckling for 
one coped flange both flanges coped 


Figure 11-6 Dimensional parameters for local buckling in a coped beam. 


t,, = Beam web thickness, 


h, = Distance from the horizontal cope edge to the neutral axis (Note: The AISC 
specification also allows the more conservative value of iy = d—d, to be used 
in lieu of h, for beams coped at one flange. For beams coped at both flanges, 
the reduced beam depth, 4p, shown in Figure 11-6b, is used.) 


c = Cope length (see Figure 11-6), 
d = Beam depth, and 
d. = Cope depth (see Figure 11-6). 


When beams are coped at both flanges, the available buckling stress when c = 2d and 


d, = 0.2d is 
2 
F,. = o.6one( Vi (11-8) 
0 
where 
d, 
fa = 35 - 75 a , and (11-9) 
E = 29 X 10° psi 


When beams are coped at both flanges, the available buckling stress when d, > 0.2d is 
ee = F,Q, (11-10) 
where 


Lye Yield stress, 
Q = 1.0 for\ = 0.7 
1.34 —0.486d for 0.7<\ = 1.41 
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1. 
= i for \ > 1.41, and 
2 


hoVF, 


n= (11-11) 


I \2 
101,../475 + 280| 2 
Cc 


EXAMPLE 11-1 


Beam Coped at the Top Flange 


For the beam shown in Figure 11-7, determine whether the beam is adequate for flex- 
ural rupture and flexural yielding at the beam cope. The steel is ASTM A992, grade 50. 


5" 


ae} wiexa oe 


a | 


R,=5 


Figure 11-7 Details for Example 11-1. 


930" 


S 
neutral 2 


axis 


3.63" 
F 
S 


5 kips 


From AISCM, Table 1-1, 


d= 16 0in. ee = 0,505 10) 
Da oO inne te — 0.50510 
h, = d — d, = 16.0 — 3 = 13.0in. 


Section properties at the critical section: 


Web component is (13.0 in. — 0.505 in.) by 0.305 in. 
Flange component is 7.0 in. by 0.505 in. 


Table 11-1 Section properties at the beam cope 


Inet = 127.1 
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TAy 26.6 
3.63 in. 
SS ee os 
hp = 180 363) =o s7 a 
ie 17 
Sue = tt = = 13.6in2 
DO Oy <p 


Alternatively, using AISCM, Table 9-2 with d, = 3 in., confirm that S,,,, = 13.6 in.’. 
M, = R,e = (55 kips)(5 in.) = 275 in.-kips 
Flexural rupture strength: 


GS UTE 

(0.75)(65)(13.6) = 663 in.-kips > 275 in.-kips OK 
c <2d > 4.5in. < (2)(16.0in.) = 32in. OK 

d, < 0.5d — 3in. < (0.5)(16.0in.) = 8 in. OK 


Spee ea ees ee NE) Osea 

aes = Oe =r = = = 0.563 in. 

d 16.0 d 16.0 

@ 45 a es 
Ses c= 10 = 22 =) = 7.38 
h, 9.37 ae c S 


> 
II 


Ne 0.305 \? 
a 26210( #) pk = 26210( 33 | (0.563)(7.38) = 115.4 ksi 
h, 9.37 
byM, = b4F Spor = (0.9)(115.4)(13.6) = 1412 in.-kips > 275 in.-kips, OK 
Shear strength (from Chapter 6): 


o,V,, a ,0.6F,A,,C, 
(0.9)(0.6) (50) [(13.0)(0.305) ](1.0) = 107 kips > V, = 55 kips OK 


The coped connection is adequate in shear and in flexural rupture and flexural yielding. 


Beam Cope with Reinforcing 


For the beam shown in Figure 1 1-8, determine whether the beam is adequate for flexural 
rupture and flexural yielding at the beam cope. The steel has a yield strength of 50 ksi. 
This is a common connection condition when W-shaped beams are used in the 
same framing plan as open-web steel joists that have a seat depth of 2.5 in. at the 
bearing ends. For the connection shown, the depth of the cope, dc, is 5.49 in. (greater 
than 0.5d = 4.0 in.) and therefore must be reinforced as shown with the %-in. by 
2-in. plates. Note that the plates extend beyond the face of the cope at least 5.49 in. 


(the depth of the cope; see Figure 11-5). 
(continued) 
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sy" 


255" 


74 plate Le 
each side 4.0" |S 


Je 


0.23" 


Ws X 13 end view 


R,, = 12 kips 
Figure 11-8 Details for Example 11-2. 


The capacity of this connection must be checked for flexural rupture. The section 
properties of the critical section are summarized as follows. 


From AISCM, Table 1-1, 


d = 7.99 in. t, = 0.23 in. 


De 20 er 0255 10 


Section properties at the critical section: 


Web component is (2.5 in. — 0.255 in.) by 0.23 in. 
Flange component is 4.0 in. by 0.255 in. 
Plate component is 4.0 in. by 0.375 in. 


Table 11-2 Section properties of reinforced beam cope 


Element 
Top flange 
Web 
Plates : 
y= WB on 
Ug 3.14 


_— - = 221i, 
25—y 2.5 — 1.08 


Flexural rupture strength: 


by,.M, = byF,Srer = (0.75)(65)(2.21) = 107 in.-kips 
M, = R,e = (12 kips)(4in.) = 48 in.-kips < 107 in.-kips OK 
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Shear strength (from Chapter 6): 


,0.6F,A,C, 
(0.9)(0.6)(50)[(2.5)(0.23)](1.0) = 15.5 kips > V, = 12 kips OK 


b, Vi 


Beam Cope at Both Flanges 


For the beam shown in Figure 11-9, determine the maximum reaction that could occur 
based on flexural rupture and flexural yielding at the beam cope. The steel is ASTM 


A992, grade 50. 


“lial 
Z se W16 X 40 0.305" 
N 


2" 
12.0" 


" 


os end view 
R,=? 
Figure 11-9 Details for Example 11-3. 


From AISCM, Table 1-1, 


Go 160s) ee = 030511 
= hs f=) 0505 mi 


h, = d — dy — d» = 16.0 — 2in. — 2in. = 12.0in. 
th2  (0.305)(12.0)? 
Snet = - =i : one 7.32 in2 


Flexural rupture strength: 


6,M, = b5-FSner = (0.75)(65)(7.32) = 356 in.-kips 
,,M,, 356 
R = = 89.2 ki 
: 4 89 ps 
c S2d > 3.5in. < (2)(16.0in.) = 32 in. OK 
d. = 0.2d > 2in. < (0.2)(16.0in.) = 3.2 in. OK 


d. 5) 
= 35 = 75 — | — 35.— 75) — 2. 
Sa (<) (25) 36 


u,max ~_ 


(continued) 
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1,2 0.3052 
F., = 0.620E| ~ |f, = (0.62) (ar) (29,000) 2.56 = 320ksi 
cho (3.5) (12.0) 
6M, = b4FySrer = (0.9)(320)(7.32) = 2112 in.-kips OK 
dike PAL: ; 
Rena a % = 4 me 528 kips 
@ 


Shear strength (from Chapter 6): 


,V, = ,0.6F,A,C, = (0.9)(0.6)(50)[ (12.0) (0.305) ](1.0) = 98.8 kips 


Flexural rupture controls, so Ry, na, = 89.2 kips. 


11.3 MOMENT CONNECTIONS: INTRODUCTION 


A moment connection is capable of transferring a moment couple or reaction across a joint or 
to a support. Beam support conditions that are assumed to be fixed are considered moment con- 
nections; however, most steel moment connections that occur in practice do not have absolute 
fixity in that some rotation will occur at the connection. Keep in mind that a purely fixed end 
condition is one in which the end has zero rotation. Support conditions that are assumed to be 
pinned have connected ends that are completely free to rotate. Virtually all steel connections 
have some degree of fixity such that they are neither perfectly fixed nor pinned; they have a 
degree of fixity somewhere between these two extremes. For simplicity, connections designed 
to transfer shear only are considered to be pinned even though some degree of rotation is lim- 
ited. Connections designed to resist some moment are considered to be moment connections 
with a relatively smaller degree of rotation occurring at the joint (see Figure 11-10). 

The AISC specification in Section B3.6 identifies three basic connection types: simple 
connections, fully restrained moment connections (FR), and partially restrained moment 
connections (PR). 

Simple connections are assumed to allow complete rotation at a joint and will therefore 
transmit a negligible moment across the connection. Standard shear connections that con- 
nect to the webs of beams are the most common type of simple connection. 

Fully restrained (FR) moment connections transfer a moment across a joint with a neg- 
ligible rotation. FR connections are designed to maintain the angle between the connected 
members at the factored load level. 

Partially restrained (FR) connections will transfer some moment across a connection, but 
there will also exist a corresponding rotation at the connection as well. The use of PR connec- 
tions is only permitted when the force versus deformation characteristics of the connection are 
known either by documented research or analysis. However, the deformation characteristics 
of a PR connection cannot be easily determined because such behavior is a function of the se- 
quence in which the loads are applied. Since the actual load sequence for any structure can- 
not truly be known, engineering judgment must be used to identify the possible load sequences 
in order to properly design such a connection in accordance with ASCE 7. 

A more simplified and conservative approach to PR connection design is to use a flex- 
ible moment connection (FMC). In the past, FMCs have been refered to as Type 2 with 
wind, semi-rigid, or flexible wind connections [2]. 

With FMC design, the gravity loads are taken in the shear connection only and any end re- 
straint provided by the moment connection is neglected for gravity loads. For lateral loads, the FMC 
is assumed to have the same behavior as an FR connection and all of the lateral loads are taken 
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oo 90 0 


a. pinned b. fixed 
Figure 11-10 Pinned and moment connections. 


by the moment connection. It has been shown that this type of connection is adequate for resist- 
ing lateral loads provided that the plastic moment capacity of the connection is not exceeded [2]. 
Therefore, the full plastic moment capacity of the beam is available to resist lateral loads. 

The general moment versus rotation curve for each of the above-mentioned connec- 
tion types is shown in Figure 11-11. Each of the three curves (1, 2, and 3) represents a dif- 
ferent connection type. 


fully rigid 


LLL 


FR 
connections 


PR, FMC 
connections 


End moment 
© 


simple 
connections 


fully flexible 


Rotation os 


Figure 11-11 Moment versus rotation curve for various types of connection. 


498 


CHAPTER 11 


a. FR (fully restrained) connections 


b. PR (partially restrained) connections 


Figure 11-12 FR and PR connections. 


It is also important to note that some moment connections might provide little or no ro- 
tation even though an assumption has been made that an FMC has been used when, in fact, 
a more rigid connection exists. For this reason, the designer should select a known flexible 
connection when one is required. Figure 11-12 shows common FR and PR connection types. 
FR connection behavior would resemble curve 3 in Figure 11-11 and PR connection behav- 
ior would resemble curve 2 in Figure 11-11. 


11.4 MOMENT CONNECTIONS: PARTIALLY RESTRAINED 


AND FLEXIBLE 


As discussed in the previous section, the use of PR connections requires knowledge of the 
moment versus rotation curve, as well as the load sequence. Since very little data is avail- 
able for PR connections, most designers will use an FMC, which allows conservative and 
simplifying assumptions to be made. It is important to note that the use of a PR connection 
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stiffeners 
(if required) 


no weld 
J also ref. [3]) 
1.5 


Figure 11-13 Flange-plated FMC. 


or an FMC requires that the seismic response modification factor, R, be taken as less than 
or equal to 3.0. When R is greater than 3.0, the moment connections must be designed as 
an FR connection and must include the gravity load effects. 

Common FMCs are shown in Figure 11-12, and the reader is referred to Example 9-8 
for an analysis of a flange-angle FMC. For flange-plated FMCs, the flange plate has an un- 
welded length equal to 1.5 times the width of the plate in order to allow for the elongation 
of the plate, thus creating flexible behavior (see Figure 11-13). 


Determine whether the FMC shown in Figure 11-14 is adequate to support the fac- 
tored moment due to wind loads. The beam and column are ASTM A992, the steel 
plate is ASTM A36, and the weld electrodes are E70XX. 


From AISCM, Table 1-1, 


d = 12.2 in., and 
ty = 0.38 in. 


Flange force: 


M 
ot = 49.2 kips 


le, 
Te (continued) 
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A" x 5" X 13" plate 


W12 X 26 
W8 X 40 


M,, = 50 ft-kips 


ye Ty," 5" 


Figure 11-14 Details for Example 11-4. 


Tension on gross plate area: 
oP, = bA,F, = (0.9)(0.375)(5)(36) = 60.7 kips > 49.2 kips OK 


Compression: 


K = 0.65 (Figure 5-3) 


L = 0.5in. + 7.5in. = 8.0 in. 
t 0.375 
r= = = 0.108 in. 
WY i 2 
FL, 0.65)(8.0 
_ (0.65)(8.0) _ 
iP 0.108 


From AJSCM, Table 4-22, b.F... = 28.7 ksi. 

OP, = oF,,A, = (28.7)(0.375)(5) = 53.8kips > 49.2 kips OK 
Weld strength: 

b = Sin.(*f-in. by 5-in. plate)(L = b) OK 
From Table 10-2, 


Minimum weld size = */6 in. 2°. Dinin = 3 


Maximum weld size = t — Ye = Ae” ’: Dna, = 5(h-in. weld OK) 
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From equation (10-7), 


oR,, = oR ar OR: 
= 1392DL, + 1.392DL, 
= [(1.392)(3)(5 + 5)] + [(1.392)(3)(5)] = 62.6 kips > 49.2 kips. OK 


Alternatively, from equation (10-8), 


bR, = 0.856R,, + 1.56R,, 
= (0.85)1.392DL, + (1.5)1.392DL, 

= [(0.85)(1.392)(3)(5 + 5)] + [(1.5)(1.392)(3)(5)] 
66.8 kips > 49.2 kips. OK 


11.5 MOMENT CONNECTIONS: FULLY RESTRAINED 


As discussed in Section 11.3, fully restrained (FR) connections are sufficiently rigid to 
maintain the angle between the connected members. FR connections are designed to carry 
both gravity and lateral loads. For seismic loads, when the seismic response modification 
factor, R, is less than or equal to 3.0, the design approach is the same as for FMCs and the 
connection type must be one that provides adequate rigidity (see curve 3 in Figure 11-11 and 
the details in Figure 11-12a). 

When the seismic response modification factor is greater than 3.0, additional design re- 
quirements must be met for supporting seismic loads [4]. These additional requirements are 
a combination of strength and stability design parameters, depending on the type of moment 
connections used. The AISC seismic provisions identify three basic moment frame types with 
R > 3.0: ordinary moment frames (OMFP), intermediate moment frames (IMF), and special 
moment frames (SMF). The seismic response modification factors are 4.0, 6.0, and 8.0, respec- 
tively. Each of these moment frame types requires varying degrees of additional strength and 
stability requirements; the OMF has the least stringent requirments and the SMF has the most 
stringent requirments. Generally speaking, each of these connections types is designed for a 
certain moment and rotation. These connections are generally designed around the concept of 
creating a plastic hinge away from the beam—column joint and a strong column/weak beam 
scenario, which is the preferred failure mode [5]. Figure 11-15 illustrates this concept. 

There are several connections that have published analysis and testing data that can be 
used for OMF, IMF, and SMF connections (see refs. 4 and 5). Using these pre-qualified 
connections is generally preferred since a rigorous analysis would be required for other connec- 
tions that have not been tested. Figure 11-16 illustrates some of the basic types of connections 
that can be used for OMF, IMF, and SMF frames. Note that only Figures 11-16d and 11-16e 
are recognized in the AISC seismic provisions (see ref. 4), the other connection types are found 
in reference 5. 

The prescriptive requirements for the above connection types are found in their respec- 
tive standards (see refs. 4 and 5) and are beyond the scope of this text. It can be observed 
that using a seismic response modification factor equal to or less than 3.0 is highly desir- 
able in that the analysis and design procedure is more simplified than a procedure that uses 
the OMF, IMF, or SMF requirements. In general, buildings with a Seismic Design Cate- 
gory of A, B, or C can usually be economically designed with R = 3.0. This approach is rec- 
ommended where possible. 
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plastic hinge located away 
from beam-—column joint 


Figure 11-15 Plastic hinge formation in FR connections. 


a. welded flange b. welded flange c. free flange 
(OMF) plate (OMF, SMF) (OMPF, SMF) 


d. reduced beam section e. bolted end plate f. bolted flange plate 
(IMF, SMF) (IMF, SMF) (OMF, SMF) 


Figure 11-16 Pre-qualified FR connections. 
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Bolted FR Moment Connection 


Determine whether the FR connection shown below is adequate to support the factored moment due to wind loads. 
The steel plate is ASTM A36, the beam is ASTM A992, and the bolts are %-in. A325N in standard (STD) holes. 


DES plate 
(top & bottom) 


Figure 11-17 Details for Example 11-5. 


From AISCM, Table 1-1, 


W16 x 45 

d = 16.1 in. 
= Fain 
ty = 0.565 in. 
SS aiiine 


Flange force: 


M 150 
d  16.1/12 


= 112 kips 
When the flanges of moment connections are bolted, the flexural strength of the beam is reduced due to the pres- 
ence of the holes at the connection. The following provisions apply (AISC specification, Section F13): 

When F,Ap, = Y,FyApy (11-12) 
the reduced flexural strength does not need to be checked. When F,A,, < Y,F)A,,, the design flexural strength at 


the moment connection is 


Af 
6,M, = burs 3"), (11-13) 
Arg 


(continued) 
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where 


ob, = 0.9, 
F,, = Tensile rupture strength, 
S, = Section modulus, 
Aj, = Gross area of tension flange, 
Aj, = Net area of tension flange, and 
Y, = 1.0 for F,/F, = 0.8 
1.1 for all other cases. 


Check the reduced flexural strength of the W16 X 45: 


P/F 50/65. 00 = O80. 010 
Ag = (7.04)(0.565) = 3.98 in? 
Af, = Ajfe 7 DAhotes 


= 3.98 — (2 + +) (056s) | = 100 s02 


FAs, = (65)(2.99) = 194 kips 
Y,F,A,, = (1.0)(50)(3.98) = 199 kips 
194k < 199 k — Reduced flexural strength must be checked. 
ASD) 


fn 
B98) 


baat, = o4F.5,(5") = (09)(65)(72.7)( 


£8 


= 3195 in.-kips = 266 ft.-kips > 150 ft.-kips OK 


Check shear on bolts: 
From AJSCM, Table 7-1, ,r,, = 15.9 kips/bolt. 


N, uf i 7.05 < 8 bolt vided OK 
i 3 Oits provide: 

b,required Tn 1 5.9 Pp 

Check bolt bearing: 


Since the thickness of the plate is less than the flange thickness, and since F,, for the plate is less than F,, for the 


beam, the bolt bearing on the plate will control. Figure 11-18 illustrates the failure modes for bearing, tension, 
and block shear. 


QQ © @ © 


ey ©) © © 


a. bolt bearing b. tension on net area c. block shear 
Figure 11-18 Bolt bearing and block shear. 
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3 1 
iL Di, = 05(2 AP 1) = 1.56 in 
Lo = Lg = Le = 31 - (3+ 2) =2131 
Py 3 Hh in. fee alesine 


For bolt 1, bR, = 61.2L,tF,, = 62.4dtF, 
= (0.75)(1.2)(1.56 in.) (0.5 in.)(58 ksi) < (0.75)(2.4)(0.75)(0.5 in.)(58 ksi) 
= 40.7 kips > 39.2 kips 

Bo Wake 


ok, 


For bolts 2, 3, and 4, bR, = (0.75)(1.2)(2.13 in.)(0.5 in.)(58 ksi) < (0.75)(2.4)(0.75)(0.5 in.) (58 ksi) 
= 55.4 kips > 39.2 kips 
39.2 kips 
R,, = [(2)(39.2 kips) ] + [(6)(39.2 kips) ] = 313 kips > P,, =112 kips OK for bearing 


Check tension on gross and net area of the flange plate: 


A, = (Osi iG) = Ane 


oe al 
A, =A, = 2A = ja(2 + +)(os)| = 24 


Ae = 085 4) — (0185 )(4)) — 34m OK 
AS Ae SS (Gin) = a 


Strength based on gross area is 

bP, = bF,A, = (0.9)(36)(4 in.) = 129kips > Py = 112 kips OK 
Strength based on effective area is 

bP, — (br, A, — (0.75)(58)(3.13 an; = 136) kips = Py = 112 kips OK 


Block shear: 


> 
II 


(QiSines Sane Gane) 2 in, (05 in.) — Ian? 
Ag = (1.75in. + 1.75 in.)(0.5 in.) = 1.75 in” 


al i 

A AA | a.sya(3 + +)os)| = 7 oon 
3 el en 
Ae AP Aprer WIS Nie (05) | a tet 


The available block shear strength is found from equation (4-11) (U,, = 1.0): 


oP, s (0.60F,,A,, te U,.F, A — (0.60F,A ar WEI I) 


u nt ‘daa 3 1a 


= 0.75[(0.60)(58)(7.93) + (1.0)(58)(1.31)] 


< 0.75[(0.60)(36)(11) + (1.0)(58)(1.31)] (continued) 
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263 kips > 235 kips 
oP, = 235 kips > Py, = 112 kips OK 


Compression: 


K = 0.65 (Figure 5-3) 
L = 3in. 

t 0.5 
iD, ie 
KL _ (0.65)(3) _ 
r 0.144 


= 0.144 in. 


Since KL/r < 25, F., = F, (AISC specification, Section J4.4). 


bP, = F.,A, = (0.9)(36)(0.5)(8) = 129kips > Py, = 112 kips OK 


The connection is adequate for the applied moment. Note that the column should also be checked for the need 
of stiffeners to support the concentrated flange force (see Example 11-8). 


11.6 MOMENT CONNECTIONS: BEAMS AND BEAM SPLICES 


In the previous sections, we considered moment connections as they related to connections 
used in moment frames. In this section, we will consider moment connections for beam 
elements supporting mainly gravity loads. 

The simplest type of moment connection is one in which welds are used to connect 
one beam to another beam or other element. Figure 1 1-19a shows a small beam cantilevered 
from the face of a column. The flanges and web have a groove weld to the column. Note that 
the flanges are welded to develop the flexural strength and the web is welded to develop shear 
capacity. Figure 11-19b indicates the welds used at a beam splice. In each of these cases, 
the welds could be partial or full penetration, or fillet welds, depending on the shear and mo- 
ment loads at the connection. 


[fe OS 


a. welded moment b. welded moment 
connection (stub) connection (splice) 


Figure 11-19 Basic beam moment connections. 
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existing conditions 
prevent placement of 
new beam in one piece 


b. welded splice 


existing 
beams 


a. framing plan (placement c. bolted splice 
of new beam) 


moment connection 


e. welded through moment connection 


.S_———_a 


d. framing plan with cantilever 


f. bolted through moment connection 


stiffener plates to transfer 
load to bolts below flange 


g. bolted end-plate splice 


Figure 11-20 Beam splices. 


There are various types of connections where moment transfer occurs in a beam. 
Figure 11-20 indicates two types of moment connections that occur in beams. Figure 11-20a 
shows a new beam added to an existing floor framing plan. The existing conditions would usu- 
ally make it impossible to place this beam in one section, and so one solution is to cut the 
beam at midspan and place the beam in two sections. The splice that is created would then 
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beam splice 


moment diagram 


ideal beam 
splice location 


=0.25L 


Figure 11-21 Beam splice location. 


be designed for the shear and moment that is required at the splice. The top and bottom 
plates would be designed for the moment, and the web plate would be design for the shear 
(see Figures 11-20b and 11-20c). Figure 11-20d shows a cantilever condition where one 
beam frames through another. In a similar manner, the connection is designd to transfer 
shear and moment across the intermediate beam (see Figures 11-20e and 11-20f). 

In each of these cases, the connection can be made with either bolts or welds, but not 
with bolts and welds in the same plane of loading. In many cases, the splice or moment 
connection is designed for the full moment capacity and full shear capacity for simplicity 
in the design. The location of the beam splice is also a design consideration. When a splice 
is located at midspan of a simply supported beam, the design moment is generally at a max- 
imum, but the shear is generally at a minimum. The location of the splice may also have a 
practical significance. Figure 11-21 shows a two-span beam, which is common in bridge con- 
struction. The basic moment diagram for this beam is such that the moment reaches zero at 
about the one-quarter point of each span measured from the center support. It is ideal to 
place a beam splice at this location since localized bending stresses are minimized. 


EXAMPLE 11-6 


Welded Beam Splice 


A simply supported W16 X 36 beam requires a beam splice at midspan. Design the 
splice for the full moment capacity of the beam using welded plates. The beam is 
ASTM A992, the plates are ASTM A36, and the welds are E7OXX. 


SOLUTION 

From AISCM, Table 1-1, 
d = 15.9 in. T = 13-% in. 
i) O43" by = 6.99 in. 


= 
lI 


Wea 0-295 10, 
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From AISCM, Table 3-6, b,M, = 240 ft kips 
Flange force: 


M 240 , 
lig = = = 182 kips 
d 15.9/12 


Tension on gross plate area: 


bP, = A,F, = (0.9)(A,)(36) = 182k — Solving for A,, yields 5.59 in.”. 


A" X 112" 


%" Xx QO" é < Select 


3" x 16k? 


Weld strength: 
b = 6.99 in.(b; = 6.99 in.)(L > b) 
From Table 10-2, 


Minimum weld size = '/, in. °. Dyin = 4 
Maximum weld size = t — ‘6 = 0.43 — ‘A, = 0.367 in. 
7D, = 5-1 weld) OK 


From equation (10-7), 


oR,, = oR ats OR: 
182 = 1.392DL, + 1.392DL, 
(1.392)(4)(2L,) + (1.392)(4)(6.99) > L, = 12.84 in. 


Alternatively, from equation (10-8), 


OR, = 0.85bRy + 1.5dRy 
182 = 0.85(1.392DL,) + 1.5(1.392DL,) 


Use L; = 13 in. 


Shear strength: 


(0.85)(1.392)(4)(2L,) + (1.5)(1.392)(4)(6.99) > L, = 13.05 in. 
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The amount of shear at midspan of a simply supported beam is usually close to zero; 
however, heavy concentrated loads could be present on any given beam in a building, 
so engineering judgment will be needed to select the necessary amount of shear 


capacity. In this case, we will assume that 50 kips is the required shear capacity. 


Since the throat length, T, is 13.625 in., this is the maximum depth of the shear 


plate. 


(continued) 
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Solving for the plate thickness, assuming that the height of the plate is 13 in., 


bv, = ,0.6F,A,, 
50) = (1O)(OO) 36) Ge a. — O178 in: 
For practical reasons, a plate that has a thickness equal to or greater than the web 


thickness should be used. Therefore, use t, = % in. 
From Table 10-2, 


Minimum weld size = */\, in. (Table 10-2) .. Dirin = 3 
Maximum weld size —¢— jj, — 0.295 — /, — 0.232... DD — 3 


Assume that b = 3 in. (see Figure 11-22): 


b? 
= Table 10- 
CG ae 7 see able 10-3) 
22 
= = 0.473 in. 
(2)(3) + 13 e 
er on OATS in. ey) ime (30 O47 aan.) 9 5.55n, 


From AISCM, Table 8-8, 


S55 
Sg ey 7 
Sea meeris 
an? 
ey) 
Fe 0280 
€ = 2.10 
P. 
D,, === a0 = 46 = 30K 


CC (0.75)(2.10)(1.0)(13) 


Note that the final design detail includes a 4-in. gap between the ends of the beam 
added for construction tolerances. 


*" x 9" x 26H" plate 
top & bottom 


Figure 11-22 Details for Example 10-6. 
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Bolted Beam Splice 


Repeat Example 11-6 for a bolted moment connection assuming M,, = 195 ft-k and 
V,, = 50k. Use %-in.-diameter A490 SC bolts in STD holes and a Class B faying surface. 


SOLUTION 

From AISCM, Table 1-1, 
d = 15.9 in. T = 13-% in. 
fe = OAS in. (he = OL!) iin. 


t, = 0.295 in. S, = 56.5 in? 
From AISCM, Table 3-6, 6,M,, = 240 ft-kips. 
Flange force: 


M 195 
d 15.9/12 
Bolts in Top and Bottom Flanges: 


Pig = = 148 kips 


In this case, slip is a strength limit state since slip at the joint would cause additional 
beam deflection (see discussion in Chapter 9). 
From AISCM, Table 7-4, o,R,, = (1.43)(16.5) = 23.6 kips/bolt. 

Pg 148 
oR, 23.6 
Check the reduced flexural strength of the W16 X 36: 

F,/F,, = 50/65 = 0.77 < 0.80 — Y, = 1.0 
Ag = (6.99)(0.43) = 3.00 in.” 
Af, = Afe > DAT ie. 


N 6.24 .. Use 8 bolts. 


1 
= 3.00 — a2 a *) 043) | = 2.14 in? 
F,Am = (65)(2.14) = 139 kips 
Y,F,Ay = (1.0)(50)(3.00) = 150 kips 
Ay, 2.14 ; 
b)M, = b5F,S:| — } = (0.9)(65)(56.5)| <— | = 2357 in-k 
Ay 3.0 
= 196 ftk > 195 ft.k,OK 


Plates 


Assume that the top and bottom plates are still % in. by 9 in. Tension on the gross 
area was checked in the previous example; now we will check tension on the net area 
(see Figure 11-23). 


Tension on the net plate area: 


(0/625 in) )(9 in.) — 9.62 in 


> 
II 


7 1 ? 
An Al 2ApiG — 5.02 = (2 ap +)(0.25)| = 4.38 in? 
(continued) 
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a 
v. 
= 


1.49" 


a. bolt bearing b. block shear 
Figure 11-23 Bolt bearing and block shear for Example 11-7. 


A, = 0.85A, = (0.85)(5.62) = 4.78 in”. Use A, = 4.38 in”. 
A A SEC 


Strength based on the effective area is 
bP, = bF,A, = (0.75)(58)(4.38 in.2) = 190 kips > Py = 148 kips OK 


Check bolt bearing (see Figure 11-23): 
Since tf, = (0.43)(65) = 27.9 kips/in. < t,F,,, = (0.625)(58) = 36.2 kips/in., bearing 
on the beam flange will control. 


ee jos(2 AF +) | = 1.501 
i = 2 ie \e 8 = 1.50 in. 
: ine ' 
Lo = Lg = La = 3in. - (2 + 1) = 2.0 in. 


For bolt 1, 6R, = 61.2L,tF, = 62.4dtF,, 
= (0.75) (1.2)(1.50 in.) (0.43 in.)(65 ksi) 
< (0.75) (2.4)(0.875) (0.43 in.) (65 ksi) 
= 37.7kips < 44.0 kips 
oR, = 37.7 kips 


For bolts 2, 3, and 4, bR, = (0.75)(1.2)(2.0 in.) (0.43 in.) (65 ksi) 
< (0.75)(2.4) (0.875) (0.43 in.) (65 ksi) 
= 50.3 kips > 44.0 kips. 
44.0 kips. 


oR, 
bR,, = (2)(37.1k) + (6)(44.0 k) = 338 kips > P,, =148 kips OK for bearing 
Block shear: 


A,, = (2)(3in. + 3in. + 3in. + 2in.)(0.43 in.) = 9.46 in? 
Ag = (1.49 in. + 1.49 in.)(0.43 in.) = 1.28 in? 
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i 
An = An = YA = 946 = aoe 4 + )(0.43)| = 6.45 in? 


> 
II 


ol : 
nt Ag = DA jcies = Ie = (2 ar +)(043) | = 0.85 in.” 


The available block shear strength is found from Chapter 4 (U,, = 1.0): 


bP, = o(060F A, + U,!A,,) = 6(000F,A,, + U;.F,4,.) 
0.75| (0.60)(65)(6.45) + (1.0)(65)(0.85) | 

= 0.75[ (0.60)(50)(9.46) + (1.0)(65)(0.85) | 

230 kips < 254 kips 

bP, = 230kips > P,r = 148 kips OK 


Compression: 


K = 0.65 (Figure 5-3) 


L = 2in. + 0.5in. + 2in. = 4.5 in. 
ii 0.625 
r= = = 0.180 in. 
NEO A 
KL 0.65)(4.5 
(0.65)(4.5) _ ae 
r 0.180 


Since KL/r < 25, F,, = F, (AISC, Section J4.4). 


bP, = bF A, = (0.9)(36)(0.625)(9) = 182kips > Py = 148 kips OK 


Shear strength: 

A %-in. by 13-in. plate will be used (same size used for previous example). Assum- 
ing that a shear strength of 50 kips is needed, AJSCM, Table 7-7 can be used to check 
the capacity of the bolt group (see Figure 11-24): 


e = 1.5in. + 0.5in. + 1.5 in. = 3.5 in. 
Using N = 4 ands = 3in., C = 2.58. 


Assuming (4)- %-in.-diameter A490 bolts, b,R,, = 27.1 kips/bolt. 
The strength of the bolt group is (2.58)(27.1) = 69.9 kips > 50 kips. OK 


Check bearing on beam web: 


eet ; 
L(all bolts) = 3 in. — (2 + ) = 2.0in. 
R, = (0.75) (1.2)(2.0 in.) (0.295 in.) (65 ksi) 


< (0.75)(2.4) (0.875) (0.295 in.) (65 ksi) 


(continued) 
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= 34.5 kips > 30.2 kips 
= 30.2 kips 
(4)(30.2) = 120 kips > 50 kips OK for bearing 


oR, 
Block shear in plate: 
From AISCM, Table 10-1, Z,, = 2 in. and L,,, = 1.5 in.; the available strength, con- 


sidering block shear and bearing, is 256 kips/in. Multiplying by the plate thickness 
yields 


(256)(0.375) = 96kips > 50 kips OK 


26%" 


(8)-4" 


ae A490SC bolts 


%" x 9" x 26/4" plate 
top & bottom 


(4)-4" A490N 
bolts 


C2 62 oa a —_d_foa fo 
Siesta 


AR" x 6A" X 13" plate 


Figure 11-24 Details for Example 11-7. 


11.7 COLUMN STIFFENERS 


In Chapter 6, we considered the design of beams for concentrated forces. In this sec- 
tion, we will expand on this topic as it applies to concentrated forces in columns. In the 
previous sections, we considered the design of moment connections at the ends of beams. 
When these connections are made to column flanges, there are several localized failure 
modes that need to be investigated. When an end moment from a beam is applied to the 
flanges of a column as shown in Figure 11-25, the flange force due to the moment is 
transferred to the column through the flanges and to the web. This force could be either 
tension or compression and could cause localized bending of the flange and localized 
buckling of the web. To prevent such behavior, stiffener plates can be added to the flange 
and the web. In some cases, these stiffeners might be added even if the column were ad- 
equate to support the concentrated forces as a means of providing redundancy to the 
connection. However, the addition of these plates can create constructibility issues in 
that the stiffeners might conflict with a beam framing into the web of the column. The 
stiffeners could be field applied, but this adds cost to the connection since field welds are 
more expensive than welds applied in the shop. Figure 11-26 shows several possible col- 
umn stiffening details. 
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JEL: 


a. forces on flanges b. local flange bending 


Figure 11-25 Concentrated forces on columns. 


c. local web buckling 


plate welded 


[och TS 


a. flange stiffener b. flange stiffener 
(one side) (full-depth) c. web doubler plate 


d. web doubler plate 


e. diagonal stiffeners 
and flange stiffeners 


f. extended shear plate 


Figure 11-26 Column stiffeners for concentrated forces. 
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stiffener 
plates 


extended 
shear plate 


moment 
connection 
—_ 
stiffener 
plates 
moment connection 
extended beyond (not shown 
shear plate for clarity) 
a. end view b. side view 


Figure 11-27 Extended shear plate. 


Another possible solution is to use an extended shear plate connection for the beam 
framing into the web of the column as shown in Figure 11-27. This connection increases 
the bending moment to the column due to the increased eccentricity of the shear con- 
nection of the beam to the column web, and therefore the column would have to be de- 
signed accordingly. A simpler solution might also be to increase the size of the column 
such that it has adequate capacity to support these localized concentrated forces with- 
out the use of stiffener plates. 

The various failure modes for concentrated forces on column flanges will now be de- 
scribed in greater detail. 

Flange local bending occurs when a concentrated tension force is applied to the flange. 
The design strength for flange local bending when the concentrated force is applied at a 
distance greater than 10t, from the end of the member is 


bR, = 6.251/7F, for y = 10b, (11-14) 


When the location of the concentrated force occurs at a distance less than 104, from the end 
of the member, the design strength is 


by Rk, = /p3.125t°F, fory < 10b,, (11-15) 
where 


by = 0.9 for flange local bending, 
R,, = Nominal design strength, 
t, = Flange thickness, 
by = Flange width, and 
F, = Yield strength of flange. 


When the concentrated force exceeds the design strength for flange local bending, transverse 
stiffeners are required (stiffener design will be covered later). When the loading across the 
flange is less than 0.155,, then flange local bending does not need to be checked. 
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Web local yielding applies to concentrated compression forces. The design equations 
for this case were discussed in Chapter 6 (beam bearing), but will be repeated here for 
clarity. 


The design strength for web local yielding is 


buyR, = yy (5k + N)E ty for y > d, and (11-16) 
byyR, = ,,(2.5k + NPE, for y <d, (11-17) 
where 


,,, = 1.0 for web local yielding, 
R,, = Nominal design strength, 
t,, = Column web thickness, 
N = Bearing length, 
d = Column depth, 
y = Distance from the end of the column to the concentrated load (see Figure 11-28), 
k = Section property from AISCM, Part 1, and 
F,, = Yield strength, ksi. 


When the concentrated force exceeds the design strength for web local yielding, either trans- 
verse stiffeners or a web doubler plate is required. 


Figure 11-28 Dimensional parameters for 
concentrated forces. 
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Web crippling occurs when the concentrated load causes a local buckling of the web. 
The design strength for web crippling is 


; N i. 1.5 d 
GyeRy = Pyc0-8t,2| 1 + (%)() | Ettfory = & (11-18) 
d/\% t 2 


Ww 


N\(t,\'°]_ | d N 
b,, Ry = >,0.4t,,7] 1 + (2) =) EE tony <—-and—=0.2,and (11-19) 


Ww 


, 4N ty te d N 
bycRy= by 0A a ( — 02)(*) F ET tes y < —and— > 0.2, (11-20) 


Ww 


where 


Dye = 0.75 for web crippling, and 
E = 29 X 10° psi. 


When the concentrated force exceeds the design strength for web crippling, either trans- 
verse stiffeners or a web doubler plate extending at least d/2 is required. 

Web compression buckling can occur when a concentrated compression force is applied 
to both sides of a member at the same location. This occurs at a column with moment con- 
nections on each side. The design strength for web compression buckling is 


241,°'V EF, d 


Pwo, h for y = 2’ and (11-21) 
124,°VE i d 

b,,R, = =a for y < » a 1-22) 

where 


,,» = 0.90 for web buckling, and 
h = Clear distance between the flanges, excluding the fillets (see Figure 11-28). 


When the concentrated force exceeds the design strength for web buckling, a single trans- 
verse stiffener, a pair of transverse stiffeners, or a full-depth web doubler plate is required. 

The concentrated force on a column flange could also cause large shear forces across 
the column web. The region in which these forces occur is called the panel zone. The 
shear in the panel zone is the sum of the shear in the web and the shear due to the flange 
force, Pip. 

The design strength for web panel zone shear assumes that the effects of panel zone de- 
formation on frame stability are not considered: 

When P,. = 0.4P.., 


Digg hy = Dey. OF ah, 5 (11-23) 


when P,. > 0.4P., 


P, 
byR, = 0.6F, de 1.4 - 2) (11-24) 


Cc 
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where 


Pew 7 0.9, 
P,. = Factored axial load in column, P,, 
P.. = Yield strength of the column, Py, yA, and 


A = Area of the column. 


When the effects of panel zone deformation on frame stability is considered, the reader is 
referred to the AISC specification, Section J10.6. 

When the shear strength in the web panel zone is exceeded, a full-depth web doubler 
plate or a pair of diagonal stiffeners are required. 

For all of the previous design checks for concentrated forces, stiffener plates are required 
when the applied forces are greater than the design strength for each failure mode. When trans- 
verse stiffeners are required, the force is distributed to the web or flange and the stiffener plate 
based on their relative stiffnesses. However, the AISC specification allows a more simplified 
approach where the size of the plate is based on the difference between the required strength 
and the available strength of the failure mode in question, which is expressed as follows: 


Ruse = Pup — PRa nino (11-25) 
where 
R,,, = Required strength of the stiffener (tension or compression), 


P.¢ = Flange force, and 


RK, min = Lesser design strength of flange local bending, web local yielding, web 
crippling, and compression buckling. 


The transverse stiffeners are then designed to provide adequate cross-sectional area as 
follows: 


Ryo < OF pg Agr (11-26) 


yst 


Solving for the plate area yields 
A, >“ (11-27) 


where 


& = 0.9 (yielding), 
A, = Area of the transverse stiffeners, and 


Fy s, = yield stress of the transverse stiffeners. 
Web doubler plates are required when the shear in the column exceeds the web panel zone 


shear strength. The required design strength of the web doubler plate or plates is expressed 
as follows: 


Vu ap = V, _ Dow Rns (11-28) 
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Figure 11-29 Dimensional requirements for 
column stiffeners. 


where 


Vay = Required strength of the web doubler plate or plates, 
V,, = Factored shear in the column web at the concentrated force, and 


&,,,&, = Design shear strength of the web panel zone (eq. (11-23) or (11-24)). 
With reference to Figure 11-29, column stiffeners are proportioned to meet the following 
requirements per the AISC specification. 

The minimum width of a transverse stiffener is 
* 11-29 
> ( ) 
where 


b,, = Width of the transverse stiffener, 


b, = Width of the beam flange or moment connection plate, and 
t,, = Column web thickness. 


The minimum thickness of the stiffener is the larger of the following: 


a (11-30) 
5 é 
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or 
= (11-31) 


where 


b,, = Width of the transverse stiffener, 
t,, = Thickness of the transverse stiffener, and 


t, = Thickness of the beam flange or moment connection plate. 


Transverse stiffeners are required to extend the full depth of the column when there are 
applied forces on both sides of the column. For concentrated forces, the length of the trans- 
verse stiffener should extend to half of the column depth. 

Transverse stiffeners are welded to both the web and the loaded flange. The weld to the 
flange is designed for the difference between the required strength and the design strength 
of the controlling limit state (eq. (11-25)). 

When web doubler plates are required, they are designed for the shear in the column 
that exceeds the web panel zone shear strength (eq. (11-27)). This force in the doubler plate 
could be compression, tension, or shear, and therefore the doubler plate must be designed 
for these limit states. The web doubler plate is welded to the column web based on the force 
in the doubler plate (eq. (11-27)). 


EXAMPLE 11-8 


Column with Concentrated Flange Forces 


Determine whether the W8 X 40 column in Example 11-4 is adequate for the applied 
concentrated flange forces. Assume that the beam connection occurs at a location re- 
mote from the ends (i.e., y > d and y > 10b,) and that P, = 0.4P.. 

From Example 11-4, 


Py = 49.2 kips, and 
N 


*/, in. (flange plate thickness, t,). 


From AISCM, Table 1-1, fora W8 X 40, 
@) = RDS iim, t, = 0.36 in. 
f= 0.56 in. k = 0.954 in. 


Flange local bending: 


oR, = 66.25t;°F, = (0.9)(6.25)(0.56)7(50) = 88.2 kips > Py 
49.2 kips OK 


Web local yielding: 


Ott, = Oplok + NPE. — 10/(5)(0.954) + 10:375)](50) (036) 
= 92.6kips > P,, = 49.2 kips OK 


(continued) 
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Web crippling: 


NE GN | EEG 
ah, = b,,0.81| 13 ~ ,|[— 
QD n Dye Ww (7) ) | ii, 


ote (29,000)(50)(0.56) 
8.25 )\ 0.56 0.36 


125 kips > Py = 49.2 kips OK 


(0.75)(08)0.36) | ate ( 


Web panel zone shear: 


boy Ri = 0e0.6F, dt, = (0.9)(0.6)(50)(8.25)(0.36) 
= 80.2 kips > P,rp = 49.2 kips OK 


The W8 X 40 column is adequate for concentrated forces. Note that web compression 
buckling does not need to be checked since the concentrated forces are applied to one 
side of the column only. 


11.8 COLUMN SPLICES 


In buildings less than four stories in height, it may be advantageous from a constructibility 
standpoint to use a single column for all of the stories instead of using smaller column sizes 
for the upper levels, even though it is more economical from a design standpoint to use 
smaller columns for the upper levels. In multistory buildings, columns could be spliced 
every two, three, or four floor levels depending on the design and construction parameters. 
The OSHA (Occupational Safety and Health Administration) safety regulations for column 
erection require that a steel erector have adequate protection from fall hazards of more than 
two stories or 30 ft. above a lower level, whichever is less [6]. It is therefore recommended 
to avoid column splices at every third level and allow column splices at every second or 
fourth level in order to meet safety requirements. 

An additional safety requirement related to column splices is that perimeter columns 
should have holes or other attachment devices sufficient to support a safety cable or other sim- 
ilar rail system. The holes or attachment devices are located 42 to 45 in. above the finished 
floor and at the midpoint between the top cable or rail and the finished floor. The column splice 
is therefore required to be a minimum of 48 in. above the finished floor or at a higher dis- 
tance in order to avoid interference with the safety attachments. The safety regulations do allow 
for exceptions to the above requirement where constructibility does not allow such a dis- 
tance, but overall safety compliance would be left to the steel erector to resolve [6]. 

The simplest column splice is one in which only compression forces are transferred 
between columns of the same nominal depth (Figure 11-30). The design strength in bear- 
ing between the area of contact is 


oR, > 61,8F,A,,, (11-32) 
where 
b = 0.75, 


Fo= Yield strength, and 


A,» = Contact area. 
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Figure 11-30 Column splice 
(bearing). 


By inspection, it can be seen that the bearing strength for a column with full-contact area 
will not be more critical than the design strength of the column in compression. 

The AJSCM provides column splice details for several framing conditions in Table 14-3. 
This table, which is actually a series of tables for various column splice configurations, is 
used mainly for splices that support compression load only. Load conditions that have ten- 
sion, shear, bending, or some combination of the three would have to be designed accord- 
ingly using the procedures previously discussed (see Chapter 4 for tension members and this 
chapter for shear and bending). 


Column Splice 


A column splice design between a W12 X 65 from a lower level and a W12 X 53 
above will be investigated. The steel is ASTM A992, grade 50 and the floor-to-floor 
height is 15 ft. 


Compression: 
The depth of the W12 X 65 is equal to the depth of the W12 X 53, so there will be 
full contact for transferring the compression load. The design strength in bearing is 


oR, = b1.8F,A,, = (0.75)(1.8)(50)(15.6) = 1053 kips. 


This value far exceeds the design strength in compression, even at a very small un- 
braced length, so bearing is not a concern. 


Tension: 
The design strength in tension fora W12 X 53 is 


bP, = bF,A, = (0.9)(50)(15.6) = 702 kips. 


While it is likely that the column does not experience that magnitude of tension under 
an actual design condition, the design strength in tension would likely have to be de- 
veloped with a welded splice plate instead of bolts. Assuming that a plate on either side 


(continued) 
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of the column web is provided with a cross-sectional area equal to the area of the 
column, a /%-in.-thick plate would be required on each side with a width less than or 
equal to the T distance of the column (T = 9% in. for the W12 X 65) 


Ay = (2) 89) = 15751n- = 15.610. OK 


Assuming a %o-in. fillet weld and a 42-in.-long plate (21 in. on each side of the splice), 
the weld strength is 


oR, = (1.392 k/in)(5)(2)(21 in. + 9in. + 21 in.) 
709 kips > 702 kips. OK 


Shear and Bending in the W12 x 53: 


From A/SCM, Table 3-6, bV, = 125 kips. 
From AISCM, Table 3-10, b,M,,. = 258 ft-kips (L, = 15 ft.). 


Mny = My = FyZy = LOF,Sy 
= (50)(29.1) < (1.6)(50)(19.2) = 1455 in.-kips < 1536 in.-kips 
(0.9)(1455) ; 
6M, = 0 = 109 ft.-kips 


The splice detail for shear and for the bending moments in the strong and weak axes 
will not be developed here; however, Examples 11-6 and 11-7 provide the procedure 
for designing these splice plates (welded or bolted). 


11.9 HOLES IN BEAMS 


Holes in any steel section are generally not desirable, especially if the holes are made after 
construction and were not part of the original design. In many connections, bolt holes are 
intentional and necessary, and are always considered in the original design. In other cases, 
field conditions might dictate the need for an opening in a steel beam, usually for the pas- 
sage of mechanical, electrical, or plumbing ducts that conflict with a steel member. Care- 
ful attention to coordination among all of the construction trades could avoid such a conflict, 
but it is sometime unavoidable. The use of open-web steel joists or castellated beams would 
provide a framing system that allows for the passage of moderately sized ducts through the 
framing members (see Figure 11-31). 

Other references provide more detailed coverage of beams with web openings [7], but 
the approach taken here will be similar to a common approach taken in practice. When an 
opening needs to be made through a steel member, the following general guidelines apply: 


1. Provide reinforcement above and below the opening so that all of the original section 
properties are maintained. For example, if an opening is required in a W-shaped 
beam, provide a steel angle or plate so that the addition of the angles or plates will 
yield a composite steel section that has a cross-sectional area, section modulus, and 
moment of inertia that is equal to or greater than the original section. This will help 
to ensure the same behavior of the beam with respect to the applied loads. For beams 
that are to be left unreinforced, refer to reference 8. 
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a. open-web steel joist beam is welded 
together from 
the cut shapes 

beam is cut 
along this line 


b. castellated beam 


c. wide flange beam 


Figure 11-31 Beams with web openings. 


2. Concentrated loads should not be permitted above the opening, nor should the open- 
ing be within a distance d from the bearing end of the beam. 


3. Circular openings are preferred because they are less susceptible to stress concentra- 
tions. Square openings should have a minimum radius at the corners of 24,, or % in., 
whichever is greater. 


4. Openings should be spaced as follows: 
a. Rectangular openings: 
S=h, (11-33) 


V,/OV, 
sea( 0 - (11-34) 
1 - V,/oV, 
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b. Circular openings: 


§ = 15D; (11-35) 
V,/V, 


1 — V,/oV, er 


s=p,( 


c. Openings in composite beams: 


S =a, (11-37) 
S = 2d, (11-38) 
where 


S = Clear space between openings, 


SS 


> = Opening depth, 
> = Opening width, 


g 


D, = Opening diameter, 
d = Beam depth, 
V, 


& = 0.9 for noncomposite beams 


= Factored shear, 


= 0.85 for composite beams, 


V, = Plastic shear capacity 
PhS 
= (11-39) 
V3 
F, = Yield stress, 
t,, = Web thickness, and 
s = Depth of the remaining section. 
5. The weld strength within the length of the opening should be as follows: 
Ryr = o2P,, (11-40) 
where 
R,,, = Required weld strength, 
& = 0.9 for noncomposite beams 
= 0.85 for composite beams, 
FytyAo 
P, = BA, = , and (11-41) 


A, = Cross-sectional area of the reinforcement above or below the opening. 


r 


6. The length of the extension beyond the opening should be as follows: 
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a 
L=—2 11-42 
a aa)? aks 
7. The weld strength within the length of the extension should be as follows: 
Rye = OFA, (11-43) 
The design parameters indicated above are illustrated in Figure 11-32. 
a. rectangular opening 
D, S 
5; 
Sp 
b. circular opening 
ty 
{| A, 
1 


c. reinforcement 
Figure 11-32 Web opening design parameters. 
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EXAMPLE 11-10 


Beam with Web Opening 


Determine the required reinforcement for the noncomposite beam shown in Figure 11-33. 
The 6-in. opening is centered in the beam depth and is at midspan of a simple-span beam 
away from any significant concentrated loads. The steel is ASTM A992, grade 50. 


Le 


d = 16" 


ah 


1224 


Li = AG TA = SAL 
Figure 11-33 Details for Example 11-10. 


From AISCM, Table 1-1, 


d = 16.0 in. Oe he 
A= Use je = sale 
So = 64.7 ia 


The area of the web that has been removed is (6 in.)(0.305 in.) = 1.83 in.” 
Assuming that a pair of angles are provided on the top and bottom of the opening, 
the required area for each vertical leg is 


1.83 in.?/4 = 0.46 in.”. 


AnL2 X 2 X angle is selected that has an area of (2)(0.25) = 0.50 in.’ per vertical 
leg. This ensures that an equivalent amount of shear strength is provided to replace the 
portion of the web that has been removed. By inspection, the amount of area provided 
is greater than the area removed and the location of the angles is such that the com- 
posite section properties will be greater than the original section properties. 


Required weld length within the opening: 


Fytwa OOO (50)(0.305) (12) 
oy r = f sS 
j 2V3 2V3 

46.9 kips < 52.8 kips 

R,, = 62P, = (0.9)(2)(46.9) = 84.4 kips 


Assuming a %-in.-long weld, the weld strength is 


(1.392)(3)(2)(12) = 100kips > 84.4 kips OK 
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Required extension length: 


GAN a 0.038473 
= > = => = 3 > VSG 
oe 4 ~ (2)(0.305) 


Required weld strength within the length of the extension: 


Ry, = oF,A, = (0:9)(50)(0.938) = 42.2 kips 
Assuming a %c-in.-long weld, the weld strength is 
(1.392)(3)(2)(3) = 25.1 kips < 42.2 kips. Not good 


The weld size could be increased, but a simpler solution would be to increase the 
extension length so that a /o-in.-long weld could be used throughout: 


42.2 F ; 
L, = ( Je in.) = 5.05 > Use L; = 54 in. 


Bp 


11.10 DESIGN OF GUSSET PLATES IN VERTICAL BRACING 
AND TRUSS CONNECTIONS 


Gusset plates are flat structural elements that are used to connect adjacent members meet- 
ing at truss panel joints and at diagonal brace connections as shown in Figure 11-34 and 
Figures 11-35a through 11-35d. Gusset plates help transmit loads from one member to 


Gusset plate with 
thickness, t 


Unbraced length of 
gusset plate, 

Lz = distance between 
adjacent bolt lines 


Figure 11-34 Gusset plate at a diagonal brace. 
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Slotted holes 
in HSS 


Gusset plate with 
thickness t¢ 


HSS web 
member 


Whitmore section effective width, 
ly = b + 2L,, tan 30° 


W-shaped truss Stiffeners (where 
bottom chord required) 
Figure 11-35a Gusset plate at a truss panel point (bottom chord). 


another. Their design is covered in Part 9 of the AJSCM, where the gusset plate is part of a 
seismic force-resisting system with a seismic response modification factor, R, greater than 3. 
The requirements of the AJSC seismic provisions for steel buildings must also be satisfied 
[4]. The gusset plates may be bolted or welded to the members meeting at the joint, and 
the practical minimum thickness of gusset plates used in design practice is usually % in. 
For diagonal brace connections with gusset plates, the gusset plate helps to transfer the 
diaphragm lateral forces from the beams or girders to the diagonal brace and the adjoining 


WT truss 


Work point top chord 


(WP) 


Gusset plate 


Double angles 


Figure 11-35b Gusset plate at a truss panel point (top chord). 
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Whitmore section 
effective width, Jy, 


W-shape truss 
top chord 


Gusset plate (near 
side and far side) 


W-shaped truss 
web members 


(typical) 
Figure 11-35c Gusset plate at a truss panel point. 


column. Several connection interfaces must be designed: the diagonal brace-to-gusset con- 
nection, the gusset-to-beam connection, the gusset-to-column connection, and the beam- 
to-column connection. At truss joints, the gusset plates connect the web members to the 
chord members and at the diagonal brace connections. The gusset plates are connected to 
the adjoining members with welds or bolts. At truss panel joints or diagonal brace connec- 
tions, it is common practice to choose the geometry of the joint such that the centroidal axes 
of the members meeting at the joint coincide at one point, called the work point (WP), in 


Whitmore section 
effective width, J, 


Figure 11-35d Gusset plate at a truss support. 
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order to minimize bending moments in the gusset plate and the adjoining members. Where 
it is not feasible to have a common work point for all the members meeting at a joint, there 
will be moments induced in the gusset plate and the connecting members, in addition to 
other stresses. In addition to bending moments, gusset plates are usually subjected to shear 
and axial tension or compression stresses. For direct axial stresses (i.e., tension and com- 
pression), the effective cross-section is defined by the Whitmore effective width, /,, (typical 
throughout), at the end of the connection, and this is obtained by projecting lines at an angle 
of spread of 30° on both sides of the connection starting from the first row of bolts to the 
last row of bolts in the connection. For welded connections, the lines are projected on both 
sides of the longitudinal weld and at the spread-out angle of 30° starting from the edge of 
the longitudinal weld to the end of the weld. (see Figures 11-35a, 11-35c, and 11-35d). The 
effective gross area of the plate is the Whitmore effective width, /,,, times the plate thick- 
ness, f. 

To ensure adequate out-of-plane rotation of the gusset plate when the bracing or 
truss web member is subjected to out-of-plane buckling under cyclic loading (e.g., seis- 
mic loads), Astaneh-Asl recommends that the end of the bracing member or truss web 
member be terminated at least a distance of 2t away from the re-entrant corner of the 
gusset plate at the gusset-to-beam and gusset-to-column interfaces [9] (see Figures 11-34 
and 11-35a). This requirement can be relaxed for connections subject to monotonic or 
static loading. Although gusset plates may appear to be small and insignificant struc- 
tural elements, it is important that they be adequately designed, detailed, and protected 
against corrosion to avoid connection failures that could lead to the collapse of an entire 
structure. 

In this section, only the design of the gusset plate itself is covered. The determination 
of the forces acting on gusset plate interface connections is discussed, but the design of the 
welds and bolts at these connection interfaces is not covered in this section because this 
matter has already been covered in previous chapters. The observed failure modes of gus- 
set plates include the following [9]: 


1. Out-of-plane buckling of the gusset plate due to the axial compression force 
The unbraced length, L,, of a gusset plate is taken as the larger of the length of the 
plate between adjacent lines of bolts parallel to the direction of the axial compression 
force, or the length of the plate along the centroidal axis of the diagonal brace or 
truss web member between the end of the brace or truss web member and the con- 
nected edge of the gusset plate (see Figures 11-34 and 11-35a). The gusset plate will 
buckle out of plane about its weaker axis; the buckling is assumed to occur over a 
plate width equal to the Whitmore effective width, /,,. To determine the design com- 
pression load, determine the slenderness ratio, KL,/r, where r is approximately 0.3¢ 
and the effective length factor, K, is conservatively taken as 1.2. The critical buckling 
stress, bF,,, is obtained from AJSCM, Table 4-22, and the design compressive 
strength of the gusset plate is calculated as 


oP. = OF ep Lyts (11-44) 
where 


l,, = Whitmore effective width, 


t = Thickness of the gusset plate, and 
b = 0.9. 
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2. Buckling of the free or unsupported edge of the gusset plate 


To prevent buckling at the unsupported edges of gusset plates, the minimum gusset 
plate thickness (without edge stiffeners) required in the American Association of 
State and Highway Transportation Officials (AASHTO) code [10] and commonly 
used in design practice for monotonic or static loading is 


F, 
f= OSL Fe (11-45a) 


Lig 
For F, = 36ksi,t = 56" and 


For F, = 50 ksi se 
7 7 48” 


where 


Ly, = Length of the free or unsupported edge of the gusset plate (see Figure 11-36), 
F, = Yield strength of the gusset plate, and 
E = Modulus of elasticity of the gusset plate. 


For gusset plates subjected to cyclic (or seismic) loading, the minimum required gus- 
set plate thickness is 


F, 
t = 1.33L py, i (11-45b) 


3. Tension or compression failure of the gusset plate due to yielding within the Whit- 
more effective area 
Tension yielding is the most desirable form of failure because of the ductility associ- 
ated with this failure mode. 


L 


, ‘fg , 


Free edge 


Gusset plate 


Use the largest free unbraced length, 
Ly = larger of Ly, or Ligo- 


Figure 11-36 Free or unsupported edge length of gusset plates. 
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The design tension or compression yield strength is 


bP,, = Gross area of the Whitmore section X oF, 
= OF)l,t, (11-46) 


where 


b = 0.9, 
L,, = Whitmore effective width (see Figure 11-35a), and 
t = Thickness of the gusset plate. 


4. Tension failure of the gusset plate due to fracture at a bolt line within the Whitmore 
effective area 
This is the least desirable form of failure and should be avoided for structures 
subjected to cyclic loading (e.g., seismic loads, traffic loads, and crane loads) be- 
cause of the sudden and brittle nature of this failure mode. 


The design tension strength, bP,, = Net area of the Whitmore section X oF’, 
= OF,(W — ndjoie)t, (11-47) 


where 


F, = Tensile strength of the gusset plate, 
ob = 0.75, 


n = Number of bolt holes perpendicular to the applied axial force for each 
line of bolt, and 


dnole = Diameter of the bolt hole = d,,,, + in. (see Chapter 4). 


5. Tension failure of the gusset plate due to block shear 
The calculation of the tensile strength of a plate for this failure mode has been dis- 
cussed in Chapter 4. 


6. Fracture of the connecting welds and bolts 
The design of bolts and welds has been discussed in Chapters 9 and 10. 

7. Yielding failure of the gusset plate from combined axial tension or compression 
load, bending moment, and shear 
The applied loads on a diagonal brace or truss connection may result in a combina- 
tion of shear, V,, bending moment, M,, and tension or compression force, P,,, acting 
on a critical section of the gusset plate. These forces are determined from a free-body 
diagram of the gusset plate using equilibrium and statics principles. The following 
interaction equation from plasticity theory is recommended for the design of gusset 
plates under combined loads [9, 11, 12]: 


M, + (Ze) + (2) 210 (11-48) 
bm, | \oP, ov,) 
where 

b = 0.9, 


M,, = Plastic moment capacity of the gusset plate at the critical section 
2 
‘g,cr 


4°” 
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t = Thickness of gusset plate, 


L,, cr = Length of the gusset plate at the critical section, 


, = Yield strength of the gusset plate, 
oP, = Axial yielding capacity = A, ., Fy, 
Ag cr = the cy, and 
oV, = Shear yielding capacity of the gusset plate = (0.6A, ., F,). 


Gusset Plate at a Symmetrical Truss Joint 


For the truss joint shown in Figure 11-37, determine the following, assuming a %-in. gusset plate, %-in.-diameter 
bolts and grade 50 steel: 

a. Whitmore effective width for the gusset plate on diagonal web members A and B, 

b. Compression buckling capacity of the gusset plate on diagonal member A, and 

c. Tension capacity of the gusset plate on diagonal member B (assume that block shear does not govern). 


align plate with 
slope of brace 


%-in. thick plate 
near side and far 
side 


Figure 11-37 Gusset plate details for Example 11-11. 


SOLUTION 
1. From Figure 11-38, the effective width of the gusset plate on diagonal web members A and B is 


La = ILS i, ar By <P J6q tama @) 
= 15 in. + 3.08 in. + (6)(tan 30) 


L,4 = 8.04 in. (the part of the Whitemore section that falls outside of the 
gusset plate is ignored), and 

Log = bg + 2L,g,tan® = 3.08in. + (2)(6)(tan 30) 

l.g = 10in. 


(continued) 
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ss 


a= Vin. +b, + (L,, tan 30°) 


Edge of 


gusset plate 


% < 
30° y a 


bp — 5, + (2L,,, tan 30°) 
Figure 11-38 Whitmore effective width of gusset plate in Example 11-11. 


2. The maximum unbraced length of the gusset plate is the larger of the distance between bolt lines (3 in.) 
or the maximum unsupported distance of the gusset plate measured along the centroid of the brace or 
diagonal member from the end of the diagonal member to the connected edge of the gusset plate (0 inches 
in this case since the W6 diagonal members have been extended to the point where they abut other W6 
members at the joint; see Figure 11-38). 


Therefore, the maximum unbraced length of gusset plate, L, = 3 in. 


KL, 1.2(3 in.) 
r _ 0.3(0.625 in.) 


= 19.2 < 25 


Therefore, according to AJSCM, Section J4.4, buckling can be neglected. Note that for cases where 
KL/r > 25, the buckling capacity, P,,, is determined from F,,A,, where pF, is obtained from AISCM, 
Table 4-22. 


a. The tension yielding capacity of the gusset plate on diagonal member B is 
oP, = OFyl,st = (0.9)(50 ksi)(10 in.)(0.625 in.) = 281 kips. 
b. The tension capacity of the gusset plate on diagonal member B due to fracture of the gusset plate is 


oP, = bF (lip a NA noe )t 
(0.75) (65 ksi)[10 in. — (2)(% in.) ](0.625 in.) 
251 kips, 
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where 
Lp = 10 in., 
n = 2 bolts per line, 


Dott a ns in., 
dnote = (A ate va) =%h in., and 
t = % in. = 0.625 in. 


The smaller of the above two values will govern for the tension capacity of the gusset plate on diagonal 
member B. Therefore, the design tension strength, bP, = 251 kips. 


Gusset Plate at a Nonsymmetrical Truss Joint 
The gusset plate for a truss bridge is subjected to the factored loads shown in Figure 11-39, assuming grade 50 steel: 


1. Determine the combined moment, M,,, shear, V,,, and axial load, P,,, acting on the gusset plate at point ‘c’ 
along the critical section C-C just below the work point. 


: 100" ; 


Work point 


(1430 kips) cos 53.5° (1235 kips) cos 46.3° 


we gusset plate 


(1235 kips) sin 46.3° 
46.3° 


Figure 11-39 Gusset plate details for Example 11-12. . 
(continued) 
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2. Using the plasticity theory interaction formula, determine whether the gusset plate is adequate to resist 
the combined loads. 


3. Determine whether the gusset plate is adequate for free-edge buckling. 


SOLUTION 


1. Summing the forces in the horizontal direction (i.e., }F,, = 0) yields 
1430 cos 53.5° + 1235 cos 46.3° — V, = 0. 
Therefore, V,, = 1704 kips. 
oV, = (0.6A, .,F,) = (0.9)(0.6)(50 ksi)(100 in.)(0.75 in.) = 2025 kips > V,OK 
Summing the forces in the vertical direction (i.e., 2F, = 0) yields 
—338 + 1430 sin 53.5° — 1235 sin 46.3° + P, = 0. 


Therefore, P,, = 81 kips. 


bP, = oA, oF, = (0.9)(100 in.) (0.75 in.)(50 ksi) 


3375 kips > P, OK 


Summing the moments about a point C’ on the critical section C-C just below the work point 
(i.e., }M = 0) yields 


[(1430 sin 53.5°)(14/tan 53.5°)] + [(1235 sin 46.3°)(14/tan 46.3°)] — M, = 0. 


Therefore, M,, = 23,854 in.-kips. 


jee (0.75 in.)(100 in.)? 
OM, = oF, = (0. | 7 ](soxsi) 


= 84,375 in.-kips > M, OK 


From equation (11-48), the interaction equation for a gusset plate under combined loading is 


My, = ) e ( Vi ) 23,854 ( 81 i ‘ ) See 
6M, bP, bv, 84,375 3375 2025 a 


2. The maximum unbraced length of the free (unsupported) edge of the gusset plate, L;, = 30 in. From 
equation (11-45a), the required minimum gusset plate thickness to avoid unsupported edge buckling is 


F, 50 ksi 
OU se = WSUS eral 


= 0.62 in. <% in. provided. OK 


If this gusset plate were subjected to cyclic (i.e., seismic) loading, the minimum required thickness of the 
gusset plate, without edge stiffeners, would be 1.66 in. from equation 11-45b. 
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Gusset Plate Connection Interface Forces 


The determination of the gusset plate connection interface forces is a complex indetermi- 
nate problem and the most efficient connection design method for calculating the shear, 
axial tension or compression forces, and moments acting on gusset plate connections is the 
so-called uniform force method (UFM) illustrated in Figure 11-40 [9, 13-17]. For economic 
reasons, it is desirable to select a connection geometry that will avoid, or at least minimize, 
the moments acting on the gusset-to-beam, gusset-to-column, and beam-to-column con- 
nection interfaces, but in order to successfully avoid these moments and thus have only axial 
and shear forces on the gusset connection interfaces, the UFM requires that the gusset plate 
connection satisfy the following conditions: 


a — Btan@ = 0.5d,tan@ — 0.5d., (11-49) 
r= Va + 05d)? + (B + 0.5d,), (11-50) 
0.5d, 
VB = r Pryrace> (11-51) 
Q 
Hp = ~—Paraces (11-52) 
f 
_ 86 
Ve ~ 7 Poraces and (11-53) 
0.5d, 
He = —Pirace (11-54) 
r 
where 


@ = Angle between the diagonal brace and the vertical plane, 


a = Ideal distance from the face of the column flange or web to the centroid 
of the gusset-to-beam connection (Note: The setback between the gusset 
and the face of the column flange can typically be assumed to be approxi- 
mately 0.5 in.), 


8 = Ideal distance from the face of the beam flange to the centroid of the gusset- 
to-column connection (where the beam is connected to the column web, set 
B= 0), 

d, = Depth of beam, 


d, = Depth of column (where the diagonal brace is not connected to a column 
flange, set 0.5d. ~ 0 and He = 0), 


V,z, Hz = Vertical and horizontal forces on the gusset-beam connection interface, 
Vo, Hc = Vertical and horizontal forces on the gusset—column connection interface, 
X = Horizontal length of the gusset plate = 2(a — 0.5-in. setback), and 
Y = Vertical length of the gusset plate = 28. 


The design procedure for a new gusset plate connection, with the beam and column sizes 
already determined, is as follows: 


1. Knowing the beam and column sizes and the brace geometry, determine 0.5d,, 0.5d., 
and 0. 
Note: If the brace is connected to a column web, set d. = 0 and H; = 0. 
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column face gusset-to-column 
connection column & 


( ¥-in. setback from centroid of 


| H, 
| 
| 
mR beam & 
—— WP 
centroid of H =H. +H, 
gusset-to-beam V=aKe+S, 
ce + connection 
b. gusset plate 
R.+R,-V free-body diagram 


a. diagonal bracing connection 
and applied forces 


WP 
HyH, A, 
=; — beam @ | 
R,- V, Ry 
Ar +h (4K) 
c. column free-body diagram d. beam free-body diagram 


Figure 11-40 Gusset connection interface forces using the uniform force method. Adapted from reference [1]. 
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Table 11-3 Gusset connection interface design forces 
Connection Shear Force Axial Force 
Gusset-to-beam Vp Assuming that a 


and 8 satisfy 
Gusset-to-column He equation (11-49) 


Beam-to-column Ag + (H — Hp) 


R = Factored or required end reaction in the beam, 
Ag = Factored or required horizontal axial force from the adjacent bay (due to drag strut action), and 
H = Horizontal component of the factored or required diagonal brace force = Pryce SiN 0. 


If the gusset is connected only to the beam and not to a column, set dc = 0, B = 0, 
Vo = 0, and H; = 0. 

2. Select a value for Y, the vertical dimension of the gusset plate, and determine 
6B = 0.5Y. 

3. Substitute B, 6, 0.5d,, and 0.5d, into equation (11-49) to determine a. 


4. Knowing a, with the centroid of the gusset-to-beam connection interface assumed to 
be at the midpoint of this interface, the horizontal length of the gusset plate can be 


xX 
determined from the relationship a = 5 + 0.5 in. where 0.5 in. is the gusset 


setback from the column face. 


5. Determine the horizontal and vertical forces on the gusset plate connection inter- 
faces, Vz, Hg, Vc, and He, using Equations (11-50) to (11-54). 


The forces on the gusset connection interfaces are given in Table 11-3. 

For new connection designs, it is relatively easy to select a gusset geometry with 
values of X and Y or a and B that satisfy equation (11-49) and thus ensure that there are no 
moments on the gusset connection interfaces. However, for existing gusset plate connections 
or where constraints have been placed on the gusset plate dimensions, it may not be possi- 
ble to satisfy equation (11-49), and therefore, moments may exist on one or both gusset 
connection interfaces or on the beam-to-column connection interface. It is usual design 
practice to assume that the more rigid gusset connection interface will resist all of the 
moment required to satisfy equilibrium [20]. 

The procedure for the analysis of existing gusset plate connections is as follows: 


1. Determine 0.5d,, 0.5d,, X, Y, and 6 from the geometry of the connection. 
Note that where the brace is not connected to a column flange, set 0.5d. ~ 0 and 
He = 0. 

2. Using the known horizontal and vertical lengths of the gusset plate, determine the ac- 
tual a and B values as follows: 


a= > + 0.5 in. (0.5 in. is the assumed setback between the gusset plate and 


the face of the column flange), 
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a = Actual distance between the face of the column flange or web and the cen- 
troid of the gusset-to-beam connection, and 
8 = Actual distance between the face of the beam flange and the centroid of the 


gusset-to-column connection. 


. If the gusset-to-beam connection is more rigid than the gusset-to-column connec- 


tion (e.g., if a welded connection is used for the gusset-to-beam connection and a 
bolted connection is used for the gusset-to-column connection), set the ideal B 
equal to the actual B (i.e., 8 from step 2) and calculate the ideal a using equation 


(11-49). These ideal values of a and £ are used in equation (11-50) to calculate the 
parameter, r. 

If the ideal a calculated in step 3 equals the actual a (i.e., a from step 2), 
then no moment exists on the gusset-to-beam connection interface. If not, the 
forces and moment on the gusset-to-beam connection interface are calculated as 
follows: 


Qstep3 
Ay a we hraces (11-55) 
V step3 
0.5d, 
Vp = Brees and (11-56) 
V step3 
Myg+ = Valo — al, (11-57) 
where 
r = Vises + 0.5)? + (Beeps + 0.5d,). (11-58) 


. If the gusset-to-column connection is more rigid than the gusset-to-beam connec- 


tion (e.g., if a welded connection is used for the gusset-to-column connection and 
a bolted connection is used for the gusset-to-beam connection), set the ideal a 
equal to the actual a (i.e., a from step 2) and calculate the ideal B using equation 
(11-49). These ideal values of a and £ are used in equation (11-50) to calculate 
the parameter, r. 

If the ideal B, calculated in step 4, equals the actual B (i.e., B from step 2), 
then no moment exists on the gusset-to-column connection interface. If not, the 
forces and moment on the gusset-to-beam connection interface are calculated as 
follows: 


0.5d, 

Ae a ——Poraces (11-59) 
r step4 
Bytepa 

Vo = ——Porace, and (11-60) 
r step4 

Muse = HdB — Bl, (11-61) 

where 


r= V(Gyep2 + 0.5d.2 + (Boepa + 0.5d,). (11-62) 
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Design of gusset plate connection 


Determine the dimensions of the gusset plate and the gusset connection interface forces for the diagonal brace 
connection shown in Figure 11-41. 


¥,-in. setback from 
column face XG 


— 


\ 


ae — 150 kips 
centroid of 
gusset-to-colu 
connection 
Gusset plate 
—__— 
7 
t 
=> I 
centroid of | 
gusset-to-beam = 
connection 
W14 x 90 re 


d. = 14.0" 


Figure 11-41 Diagonal brace connection design example. 


SOLUTION 
1. d(W14 X 90) = 14.0 in.; d,(W24 x 94) = 24.30 in. 


0.5d.(W14 X 90) = 7.0 in.; 0.5d,(W24 x 94) = 12.15 in. 


@ = 45° from the geometry of the connection 


2. Assume Y = 18 in. 


2 2) (continued) 
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3. Using equation (11-49), we have 
a — Btan® = e,tan®@ — e,. Then, 
a — (9in.)(tan 45°) = (12.15 in.)(tan 45°) — 7.0 in. 


Therefore, a = 14.15 in. 
4. Hence, the horizontal length of the gusset plate, X, is obtained from 


x F 
@ == 7 OS im, 
2) 


x 
That is, 14.15 in. = 5 sr OS tim, 


Thus, X = (14.15 — 0.5)(2) = 27.3 in. = 2 ft. 4 in. 
From step 3, Y = 18 in. = 1 ft. 6 in. 


5. Use equation (11-50) to determine 


r= V(a + 05d)? + (B + 0.5d,2 = V(14.15 in. + 7.0 in)? + (in. + 12.15 in.’ 
29.92 in. 


Using equations (11-51) to (11-54) the gusset connection interface forces are determined as 


follows: 
0.5d, (Osan 
Vee = OTe) = GOs 
B p Pbrace = 59 99 in, 190 ) PS 
ee 14.15 I. 159 4) ne 
EF Sah De 
6) 9 in. ’ 
Ve 150k) = 45.0 ki 
Oo = PS 
0.5d, Tin 
a= = ioe) = Saute 
c oe ry PS 


EXAMPLE 11-14 


Analysis of Existing Diagonal Brace Connection 


Determine the force distribution at the gusset plate connection interfaces for the existing diagonal brace connec- 
tion shown in Figure 11-42, assuming that 


a. The gusset-to-beam connection is more rigid than the gusset-to-column connection, and 


b. The gusset-to-column connection is more rigid than the gusset-to-beam connection. 


Assume a 4-in. setback between the gusset plate and the face of the column. 
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¥-in. setback from 


column face 2'-6" 
P ice = 150 kips 
x y 
rA| 
UL; 
oy 
es Ox ‘ 
S50 . re hn gusset plate 
4 -— ——_+ 
YP A S 
i oO 
a en 
® so 
ll 
3 
W14 x 90 
—__- 
W24 X 94 
, de = 14.0" 


Figure 11-42 Analysis of diagonal brace connection example. 


SOLUTION 
1. d.(W14 X 90) = 14.0 in.; d,(W24 X 94) = 24.3 in. 


0.5d.(W14 X 90) = 7.0 in.; 0.5d,(W24 x 94) = 12.15 in. 
@ = 55° from the geometry of the connection 
X = 30 in. and Y = 18 in. (see Figure 11-42) 


2. The actual centroidal distances are calculated as follows: 


on xe ; 30 in. F ¢ 

a = — + 05in. = + 0.5in. = 15.5 in. 
2 2) 

= W 18 

ae oe: 
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(continued) 
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. If the gusset-to-beam connection is more rigid than the gusset-to-column connection (e.g., if a welded 


connection is used for the gusset-to-beam connection and a bolted connection is used for the gusset-to- 
column connection), 


8 (from step 2) = 9 in. Substituting this in equation (11-49) yields 


B 
a — Btan®@ = e,tan®O — e, 


a — (9in.)(tan 55°) = (12.15 in.)(tan 55°) — 7.0 in. 


Therefore, set a = 23.2 in. = a from step 2. Thus, we find that a moment exists on the gusset-to-beam 
connection interface; the moment and forces on this interface are calculated as follows: 


r= V(csep3 + 0.5. + (Boepr + 0-5d;) 


V(23.2 in. + Tin)? + Qin. + 12.15 in.’ = 36.9 in. 


The forces on the gusset-to-beam interface are 


Fee oe iyi, ora ea 
Vstep3 36.9 in. 

al ee ee Eis eon kine 
Vstep3 36.9 in. 


Mug» = Vala — @| = (49.4k)(23.2 in. — 15.5 in.) 
= 380.4 in.-kips = 31.7 ft.-kips 


The forces on the gusset-to-column interface are 


i ee, ee (ehieay) = GIs 
= race S)) = Ay. S 
(e brace 36.9 in. p p 
9 in. 
Ve = ao = a (150 kips) = 36.6 kips 


r 36.9 in. 
M,¢-- = 0 ft.-kips 


. If the gusset-to-column connection is more rigid than the gusset-to-beam connection (e.g., if a welded 


connection is used for the gusset-to-column connection and a bolted connection is used for the gusset- 
to-beam connection), seta = a(from step 2) = 15.5 in. Substituting this in equation (11-49) yields 


15.5 in. — B(tan 55°) = (12.15 in.)(tan 55°) — 7.0in. 


Therefore, 8 = 3.6 in. # B from step 2. Thus, we find that a moment exists on the gusset-to-column 
connection interface; the moment and forces on this interface are calculated as follows: 


r= V(Gsep. + 0.54)? + (Beeps + 0-5d;)° 


V(15.5 in. + 7.0 in.)? + (3.6 in. + 12.15 in.’ = 27.5 in. 


The forces on the gusset-to-column interface are 


0.5d, 7.0 in. 


He =a brace ~ : 
irene PTS) Wl 


(150 k) = 38.2 kips 


Bytepd 3.6 in. 
Vip = a 150k) = 19.6 ki 
ee Ts moo 
Mug = HdB — Bl = (38.2 k)(3.6 in. — 9 in.) 


206.3 in.-kips = 17.2 ft.-kips 


The forces on the gusset-to-beam interface are 
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ee ee BEs0 tips om 845 kine 
pee 7 San, 

each a NE eee ee 

B y brace 27.5 in. ps G ps 


Mi.» = 0 ft.-kips 


The available strength of the gusset plate connection is determined using the methods presented in 
Chapters 9 and 10 for calculating bolt and weld capacities. 

For more information and detailed design examples of gusset-plated connections, the reader should 
refer to Chapter 2 of reference 18. 
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11-1. 


Determine whether the W14 X 34 beam shown in Figure 11-43 is adequate for flexural rup- 


ture and flexural yielding at the cope. The steel is ASTM A992, grade 50. 


1" 


4" 


W14 x 34 


R, = 40 kips 


Figure 11-43 Details for Problem 11-1. 


11-2. Determine the maximum reaction, R,, that could occur, considering flexural rupture and flex- 
ural yielding at the cope for the beam shown in Figure 11-44. The steel is grade 50. What is the 
required plate length for the transverse stiffener? 


ah" | 2 


Hn x DAL 
plate each 
side 


W10 X 22 


—==3 


Figure 11-44 Details for Problem 11-2. 
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11-3. Determine whether the W21 X 44 beam shown in Figure 11-45 is adequate for flexural rup- 
ture and flexural yielding at the cope. The steel is ASTM A306. 


4" 


ea W211 x 44 


2" 


R,, = 75 kips 
Figure 11-45 Details for Problem 11-3. 


11-4. Design the top and bottom plates for the moment connection shown in Figure 11-46, including 
the welds to the beam. The beam is ASTM A992 and the welds are E70xx. 


M, = 215 ft-kips 


Figure 11-46 Details for Problem 11-4. 


11-5. Repeat Problem 11-4 assuming that the plates are bolted to the beam flange. Use /-in.-diameter 
ASTM A490N bolts. 


11-6. Design a beam splice for a W21 X 44 beam assuming that the top and bottom plates and the 
shear plate are welded. The steel is ASTM A36 and the welds are E70XX. Assume that the 
required design bending strength is the full plastic moment capacity (¢,M,,) and that the re- 
quired shear strength is one-third of the design shear strength (,V,,). 


11-7. Determine whether the column in Problem 11-4 is adequate for the concentrated forces due to 
the applied moment. Assume that the beam connection occurs at a location remote from the ends. 


11-8. For a W16 X 50 beam with the top and bottom flanges fully welded to the flanges of a 
W10 X 54 supporting column, determine the maximum end moment that could be applied 
without the use of stiffeners, taking into consideration the strength of the column in 
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11-10. 


11-11. 


supporting concentrated forces. Assume that the beam connection occurs at a location re- 
mote from the ends. The steel is ASTM A992. 


. A diagonal brace in Chevron vertical bracing is connected to a W12 X 72 column and a 


W21 X 44 beam with a gusset plate in a connection similar to that shown in Figure 11-40. The 
factored brace force is 100 kips and the diagonal brace is inclined 60° to the horizontal. De- 
termine the dimensions of the gusset plate and the forces on the gusset-column and gusset—beam 
interfaces. Assume a 4-in. setback between the gusset plate and the face of the column. 


A diagonal brace in Chevron vertical bracing is connected to a W12 X 72 column and a 
W21 X 44 beam with a gusset plate in a connection similar to that shown in Figure 11-41, 
but with a gusset horizontal length, X-2 ft. 4 in. and a vertical length, Y-1 ft. 2 in. The factored 
brace force is 90 kips and the diagonal brace is inclined 35° to the horizontal. Determine the 
force distribution in the gusset plate connection interfaces assuming that the gusset-to-beam 
connection is more rigid than the gusset-to-column connection. Assume a %-in. setback be- 
tween the gusset plate and the face of the column. 


Repeat Problem 11-10 assuming that the gusset-to-column connection is more rigid than the 
gusset-to-beam connection. 


Student Design Project Problems 


11-12. 


11-13. 


11-14. 


For the student design project, see Figure 1-22: 


a. Perform a lateral analysis of the building assuming that the X-brace locations are partially 
restrained moment frames where R = 3.0. 


b. Design a bolted moment connection to the column assuming a single top and bottom plate. 
Check the appropriate limit states for the beam and moment plates. 


c. Check the column for concentrated loads on the flange and web. Design stiffeners as 
required. 


For the shear connections designed for the design project problems in Chapter 9, determine 
which of the connections require a coped connection and determine whether the beam is 
adequate for the appropriate limit states for coped beams. 


For the vertical X-brace option in the design project problem, design the gusset plate con- 
nections between the diagonal brace, the ground-floor column, and the second-floor beam. 
Assume a 4-in. setback between the gusset plate and the face of the column. 
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Floor Vibrations 


12.1 INTRODUCTION 


Steel-framed floors are generally designed to satisfy strength and serviceability require- 
ments, as discussed in previous chapters. However, the topic of floor vibrations, as it relates 
to serviceability, deserves special attention. The regular activity of human occupancy can be 
annoying to other occupants, and thus a vibration analysis should be part of the design 
process. Steel-framed floors have traditionally been designed to satisfy a live load deflec- 
tion limit of L/360, as well as a span-to-depth ratio, L/d, not to exceed 24. These rules of 
thumb are still in use today and are usually sufficient for shorter spans. Floors framed with 
longer spans, or floors framed with open-web steel joists, are the most susceptible to vibra- 
tion problems. In this chapter, we will adopt the vibration analysis procedures presented in 
reference [1]. 

There are two basic types of floor vibrations: steady state and transient. Steady-state 
vibrations are due to continuous harmonic dynamic forces, such as vibration due to equip- 
ment or rotating machinery. These vibrations are best controlled by isolating the equipment 
from the structure. 

Transient vibrations are due to low-impact activities such walking and dancing, and 
high-impact activities such as aerobics, jumping, concerts, and athletics. This type of vibra- 
tion decays or fades out eventually due to damping (i.e., friction or viscous forces). Tran- 
sient vibrations are best controlled by relocating the activity, increasing the damping, 
increasing the mass of the structure, stiffening the structure, or a combination of these 
options. In this chapter, we will discuss the basic design process for controlling transient 
vibrations in a floor structure. 
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12.2 VIBRATION TERMINOLOGY 


Several basic terms that will be referred to later need to be defined: 


Damping (B): Damping in a structural system is usually expressed as a percentage of 
critical damping. Critical damping is that which is required to bring the system to 
rest in one-half cycle. See Table 12-2 for typical damping values. 


Period (T): Time, in seconds, for one complete cycle of oscillation. 


Frequency (f): Number of oscillations per second in hertz (Hz) or cycles per second, f = 1/T. 
A person walking at a pace of two steps per second is said to walk at a frequency of 2 Hz or 
two cycles per second. 


Forcing Frequency (f;): The frequency, in hertz, of the applied dynamic force. 


Harmonic: An integer multiple of a forcing frequency, f;. Any forcing frequency can have an 
infinite number of harmonics, but human activities are generally limited to a maximum of 
three harmonics. For example, for an applied forcing frequency of 2 Hz, the first harmonic is 
2 Hz, the second harmonic is 4 Hz, and the third harmonic is 6 Hz. 


Natural Frequency (f,,): The frequency at which a structure vibrates when it is displaced and 
then suddenly released from an at-rest state. This is also called free vibration since no other 
external forces are applied. The natural frequency of a structure is proportional to its stiffness. 


Resonance: A phenomenon where the forcing frequency, f; (or a harmonic multiple of the 
forcing frequency), of the dynamic activity coincides with one of the natural frequencies, f,, 
of the structure. This causes very large displacements, velocity, acceleration, and stresses. For 
a person walking at a pace of two steps per second, the floor will have to be checked for the 
first three harmonics of this forcing frequency (i.e., 2 Hz, 4 Hz, and 6 Hz). 


Mode Shape: The deflected shape of a structural system that is subjected to free vibration. 
Each natural frequency of a structure has a corresponding deflected or mode shape. 


Modal Analysis: Analytical method for calculating the natural frequencies, mode shapes, and 
responses of individual modes of a structure to a given dynamic force. The total structural 
system response is the sum of all individual mode responses. 


12.3 NATURAL FREQUENCY OF FLOOR SYSTEMS 


The most critical parameter in a vibration analysis of a floor system is the natural frequency 
of the floor system. There are several factors that impact the natural frequency of a floor sys- 
tem, so a simplified approach will be used here. The floor system will be assumed to be a 
concrete slab with or without a metal deck supported by steel beams or joists that are sup- 
ported by some combination of steel girders, walls, or columns. 

The natural frequency of a beam or joist can be estimated as follows, assuming a uni- 
formly loaded, simple-span beam: 


aw |gkl 
i= DV wi (12-1) 


where 


S, = Natural frequency, Hz, 
g = Acceleration due to gravity (386 in./s”), 
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E = Modulus of elasticity of steel (29 x 10° psi), 
IT = Moment of inertia, in.*, 
= Transformed moment of inertia, /,, for composite floors, 
w = Uniformly distributed load, Ib./in. (see discussion below), and 


L = Beam, joist, or girder span, in. 


Equation (12-1) can be simplified as follows: 


= & z 
f, = 0.18), (12-2) 


where 
A = Maximum deflection at midspan 
_ 5wL' 
384ET 


For a combined beam and girder system, the natural frequency can be estimated as follows: 


ares a9 
a oe 
where 


f; = Frequency of the beam or joist, and 


f, = Frequency of the girder. 


Combining equations (12-2) and (12-3) yields the natural frequency for the combined 
system: 


& 
AA, ve 


J & 


f, = 0.18 


where 


A; = Beam or joist deflection, and 
A, = Girder deflection. 


The effect of column deformation must be considered for taller buildings with rhythmic 
activities. For this case, the natural frequency of the floor system becomes 


f, = 0.18 . (12-5) 
A,+A,+A 


where 


A. = Column deformation. 
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Table 12-1 Recommended sustained live load values 


Occupancy Sustained Live Load 


Office floors 


Residential floors 


Footbridges, gymnasiums, shopping center floors 


The uniform load, w, in the above equations represents the actual dead load plus the sus- 
tained live load that is present. Table 12-1 lists recommended values for the sustained 
live load, but the actual value should be used if it is known. The above equations are also 
based on the assumption that the beams and girders are uniformly loaded, which is typ- 
ically the case. The exception to this assumption are the girders that support a single 
beam or joist at midspan, in which case the deflection should be increased by a factor 
of 4/n. 


EXAMPLE 12-1 


Frequency of a Floor System 


For the floor system shown in Figure 12-1, calculate the natural frequency of the floor 
system. The dead load of the floor is 40 psf. The moment of inertia of the beam is 
I, = 371 in. and the moment of inertia of the girder is i, = S00 in.*, Neglect the col- 
umn deformation. 


girder 


beam 
beam 


20'-0" 


girder 


18'-0" 


Figure 12-1 Floor framing plan for 
Example 12-1. 
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SOLUTION 


The free-body diagram of the beam is shown in Figure 12-2. 


w = 240 lb./ft. 
= 20 |b./in. 


R = 2400 Ib. 


20'-0" = 240" 


Figure 12-2 Free-body diagram of 
the beam. 


where 


w = (40 psf)(6 ft.) = 240 Ib./ft.(20 Ib./in.) 


20 ft. 
R = (240 Ib./ft.)| — } = 2400 Ib. 


The beam deflection is 


a 5wL* 
~ 384EI 

(5)(20)(240)* 
~ (384)(29 x 10°)(371) ea 


The natural frequency of the beam is 


= & 
poe 


386 
=o = 12.48 Hz. 
0.18.1 9.0803 ees 
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Using the beam reactions calculated previously, the free-body diagram of the girder 


is as shown in Figure 12-3. 
From AJSCM, Table 3-23, the maximum deflection in the girder is 


_ He 
8 24EI 


(Gia) 


(2400)(72) Per eee ee cee 
~ (24)(29 x 10°)(500) )(216)" — (4)(72)"] = 0.0592 in. 


(continued) 
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P = 2400 lb. | P = 2400 lb. 
a= 2h i= TQ" |. 

ais ce) 0” = 216" 


Figure 12-3 Free-body diagram of the 
girder. 


The natural frequency of the girder is 


& 
Foen le 


386 
= 01 SS idsste 
0.18.19 9592 Sie 


The natural frequency of the combined system is 


1 1 1 
iS Ra ae 
a 
toy! 1 
(1243)7 (14.53) 
f, = 9.47 Hz. 


Alternatively, the natural frequency can be calculated as follows 


g 
f= Oi) 
A,+ A, 


386 
=a ES Toa7 Hz, 
: 8 sans ROS ee 


It should be noted that the above calculation illustrates the application of the natural 
frequency equations to an isolated floor. The effects of continuity and other factors will 


be considered later. 


12.4 FLOOR SYSTEMS WITH OPEN-WEB STEEL JOISTS 


For wide-flange beams with solid webs, shear deformation is usually small enough to be neg- 
lected. For open-web steel joists, shear deformation occurs due to the eccentricity at the 
joints, which occurs as a result of the fabrication process (see Figure 12-4). For this reason, 
shear deformation must be considered for open web steel joists for serviceability. 
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shear deformation 
in chords 


Figure 12-4 Shear deformation in an open- 
web steel joist. 


For the purposes of vibration analysis, the effective moment of inertia of a simply supported 
joist is calculated as follows: 


1 Leomp 12-6 
jet OTe le) 
| i 
Tehords 
where 
Ig = Effective moment of inertia of the joist, in.* (accounts for shear deformation), 
L-omp = Composite moment of the joist, in.*, and 


Lnoras = Moment of inertia of the joist chords, in.*. 


Equation (12-6) is only valid for span-to-depth ratios greater than or equal to 12. 

For the case when open-web steel joists are supported by wide flange girders or joist 
girders, the girders do not act as a fully composite section because they are physically sep- 
arated from the floor slab by the joist seats (see Figure 12-5). 


gap between joist girder 
and floor slab due to the 
joist seats 


5" LH-series 


joist | 


Figure 12-5 Floor section at a joist girder. 
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For the purposes of vibration analysis, the effective moment of inertia of the girders sup- 
porting open-web steel joists is calculated as follows: 


Teo = Ince + ; (12-7) 


where 


I, = Effective moment of inertia of the girder, in.* (accounts for shear 
deformation), 
I,< = Noncomposite moment of inertia, in.*, and 


I, = Composite moment of inertia, in.*. 
The effective moment of inertia of the joists is modified as follows for this case: 


1 
ae (12-8) 
ae te 
I chords I comp 


Lett 


where 


Tg = Effective moment of inertia of the joist, in.*, 


I = Composite moment of the joist, in.*, 


comp 


L-nords = Moment of inertia of the joist chords, in.*, and 


Vos 


1 
L, 12-9 
e oe) 


where C,. is a parameter that is determined as follows: 


For open-web steel joists with single- or double-angle web members, 
L;\ \ 28 L; 
Cz o9( iis ety) for6 = 7 = 24. (12-10) 


For open-web steel joists with round web members, 


if i. 
C, = 0.721 + 0.00725( 5) for 10 < < 24. (12-11) 


12.5 WALKING VIBRATIONS 


Most common structures support live loads where the dynamic force is in the form of walk- 
ing. This motion could be annoying to other stationary occupants if the structure in ques- 
tion does not have adequate stiffness or damping. The perception of the floor vibrations can 
be subjective and is a function of the individual sensitivities of the building occupants. For 
example, individuals with a hearing impairment might have a higher degree of sensitivity 
to floor vibrations. Some common occupancy types that should be analyzed for walking 
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vibrations are office, residential, and retail space; footbridges; and hospitals. It should be 
noted that hospitals typically have sensitive equipment, which is subject to more stringent 
vibration criteria and will be covered later in this chapter. 

For a floor to satisfy the criteria for walking vibrations, the peak floor acceleration due 
to dynamic forces from walking should not exceed a specified limit, as shown in the follow- 
ing equation: 


ap Pe 9h) a, 
= =—, (12-12) 
BW g 
where 
a 


= Peak floor acceleration as a fraction of gravity, 


= Human acceleration limit as a fraction of gravity (see Table 12-2), 


& 
P, = Constant that represents the magnitude of the walking force (see Table 12-2), 
f, = Natural frequency of the floor system, 
B = Modal damping ratio (see Table 12-2), and 
W = Weighted average mass of the floor system (see equation (12-13)). 


The weight of the floor system, W, is equal to the total weight of the floor system for sim- 
ply supported floor systems. For other structures, the weight is a function of the beam or joist 
panel combined with the girder panel. The weight of the floor system is as follows: 


A; ( A, 
(x + x) “ Aj + x) = ( ) 


where 


A, = Midspan deflection of the beam or joist 
5wL,* 
= al 
384El, 


nd 


Table 12-2 Recommended vibration values for variables in equation (12-12) 


Acceleration Limit, 
Constant Damping 
Occupancy Force, P, Ratio, B 


a 
— x 100% 
g 


Offices, residences, churches 0.02-0.05' 


Shopping malls 0.02 


Footbridges—Indoor 0.01 


Footbridges—Outdoor 


18 = 0.02 for floors with few nonstructural components (e.g., paperless or electronic office) 
= 0.03 for floors with nonstructural components and furnishings and small demountable partitions 
= 0.05 for fixed full-height partitions between floors 

Adapted from Table 4.1, reference 1. 
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A, = Midspan deflection of the girder 
4 
_ SwL, 
384El, 


Note that the uniformly distributed load, w, is the dead load plus the sustained live load, 
which should not be confused with the occupancy live load used in the design of the floor 
system for strength. 


The weighted average mass of the beam panel, W, (or W; for a joist panel), is as follows: 


W; = yw,B.L;, Ib., (12-14) 
where 
y = 1.0 for all joists or beams, except 


1.5 for rolled steel beams that are connected to girders at both ends with sim- 
ple shear connectors (e.g., clip angles and shear plates) and the adjacent beam 
span is greater than 70% of the span of the beam being considered, 


w, = Dead plus sustained live load per unit area, psf, 
= Length of the beam or joist, 
B, = Effective width of the joist panel 


D. \025 
= o(?:) L, = % floor width (see Figure 12-7), (12-15) 
J 


ay 
| 


= 2.0 for most beams and joists 


1.0 for beams or joists parallel to an interior edge, 


D, = Transformed moment of inertia of slab per unit width 


3 


d a 
= —. in4/ft., (12-16) 
n 


Q 


= Average depth of concrete slab on metal deck (see Figure 12-6) 


e 


h, 
=t,+— 12-17 
5 ( ) 


c 


where ¢, = Concrete slab thickness above the deck ribs, 


Figure 12-6 Floor slab section. 
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n = Dynamic modular ratio 


es 12-18 
~ 1.35E, own 
E, = Modulus of elasticity of steel 
= 29,000,000 psi, 
E.. = Modulus of elasticity of concrete 
= 33w,! Vf", psi, (12-19) 
w, = Unit weight of the concrete, Ib./ft.°, 
f'. = 28-day compressive strength of the concrete, psi, 
D; = Transformed moment of inertia of beam or joist per unit width 
if 
= -—, in.*/ft., (12-20) 
S 
= Transformed moment of inertia of the beam or joist, and 
S = Beam or joist spacing, ft. 
The weighted average mass of the girder panel, W,, is as follows: 
W, = w,B,L,, lb., (12-21) 
where 
B, = Effective width of the girder panel 
D, \25 
= o(=) L,=% floor length (see Figure 12-7) (12-22) 
& 


C, = 1.8 for girders supporting rolled steel beams connected to the web 


1.8 for girders supporting joists with extended chords 


1.6 for girders supporting joists without extended chords (joist seats on the 
girder flange) 


D, = Transformed moment of inertia of girder per unit width 


I 
= 7 for all but edge girders (12-23) 
‘i 
21, 
= L for edge girders (12-24) 


J 
L, = Girder span 


With reference to Figure 12-7, the plan aspect ratio of the floor needs to be checked. If the 
girder span is more than twice the beam or joist span, L, > (2)(L; or L,), then the beam or 
joist panel mode, as well as the combined mode, should be checked separately. It should be 
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beam 


floor length 


floor width 


Figure 12-7 Floor width and length. 


noted that this is not likely to be the case since it is generally more economical to have beam 
or joist spans that are longer than the girder span in a typical steel-framed floor. 

When the girder span is less than the beam or joist panel width, L, < B;, the combined 
mode exhibits greater stiffness. To account for this, the girder deflection, A,, used in equa- 
tion (12-13) is modified as follows: 


L, 
A’, = TA, = 05A, (12-25) 
J 


Damping, B, in a floor system is a function of the amount of nonstructural components pres- 
ent, such as walls, furniture, and occupants (for rhythmic vibrations, see Section 12.6). Table 
12-2 lists recommended damping values. A value of B = 0.02 is used for floors with large, 
open areas with very few nonstructural components, such as a mall or an open office. A 
value of § = 0.03 is used for floors with some nonstructural components, such as an office 
area with demountable partitions (i.e., cubicles). For floors with full-height partitions (i.e., 
the partitions span from floor to floor), B = 0.05. 

For floor systems with a natural frequency, f,,, greater than 9 Hz, the floor stiffness also 
needs to be checked to ensure that the floor has a stiffness greater than 5700 Ib./in. The floor 
stiffness is calculated as follows: 


KkK.= 


1 
5 = A = 5700 bb./in., (12-26) 
Pp 
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where 


K, = Floor stiffness, 


A, = Total floor deflection under a unit concentrated load 


A 


gP 
> 


2 


A, + (1397) 


> 
| 


= Deflection of the more flexible girder under a unit concentrated load at 
midspan 


&P 


L3 


& 


48EI," 


(12-28) 


A,, = Joist panel deflection under a unit concentrated load 


oj 
= 12-29 
Ne ( ) 


A,; = Deflection of the joist or beam under a unit concentrated load at midspan 


L 


= ——, and 12-30 
48EI; ee 


Ng = Number of effective beams or joists 
d, L;* L,\? 
= 0.49 + ae + (9.0 x 10) = 0.00050) = 1.0. (12-31) 
t 


Equation (12-31) is only valid when the following conditions are met: 


d 
0.018 = — = 0.208, (12-32) 
Eo 
4.5 X 10° < a < 257 X 10°, and (12-33) 
t 
Lj 
p= 230. (12-34) 


The joist and girder deflections under a concentrated load at midspan, given in equa- 
tions (12-28) and (12-30), assume a simply supported condition, hence the 1/48 coeffi- 
cient. To account for the rotational restraint provided by typical beam connections, this 
coefficient may be reduced to 1/96. The 1/96 term is the average of the 1/48 coefficient 
for a simply supported beam and the 1/192 coefficient for a beam with fixed ends (see 
diagrams 7 and 16 in Figure 3-23 of the AJSCM). This reduction would not apply to open 
web steel joist connections. 
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12.6 ANALYSIS PROCEDURE FOR WALKING VIBRATIONS 


The analysis procedure for walking vibrations is outlined as follows: 


1. Determine the effective slab width, Deg and use this to calculate the composite mo- 
ment of inertia of the joists or beams and girders. Use the composite moment of iner- 
tia unless the upper flange of the beam, joist, or girder is separated from the concrete 
slab, or where the deck frames into the web of the beam or girder, in which case, use 
the noncomposite moment of inertia is used. (see Example 12-2). 


bey = 0.4 X Length of the member 


< Tributary width of the member 


Note: For footbridges that are supported by beams only, with no girders, calculate 
only the beam properties and the beam panel mode. 

2. Calculate the dead loads and sustained live loads supported by the joist, beam, or girder. 

3. Calculate the joist or beam and girder deflections and the natural frequency of the 
floor using equation (12-4). Ensure that the natural frequency of the floor is greater 
than 3 Hz; otherwise, stiffen the joist or beams and girders. 

4. Calculate the effective weight, W, using equation (12-13). 

5. Obtain the constant, P,, and the damping ratio, 8, from Table 12-2 and use equation 
(12-12) to calculate the acceleration of the floor system, a,/g. 

6. Ensure that the acceleration of the floor system, a,/g, is less than or equal to the 
human acceleration limit, ag, given in Table 12-2; otherwise, increase the floor 
stiffness and/or the floor dead load, and/or increase the floor damping (see Section 12.9 
for remedial measures). 


Walking Vibrations with Wide-flange Beam Framing 


The floor framing system shown in Figure 12-8 is to be used in an office building. The building has light, 
demountable partitions about 5 ft. in height. Check if the floor is adequate for walking vibrations. Assume nor- 
mal weight concrete with a density of 145 pcf and a 28-day compressive strength of 4000 psi. The floor loads 
are as follows: 

Floor dead load = 55 psf (includes weight of slab, deck, finishes, mechanical and electrical fixtures, and partitions) 


Sustained live load = 11 psf (see Table 12-1) 


SOLUTION 
Beam Section Properties and Deflection 
From Part 1 of the AISCM for a W16 x 26: 


dad — 15.7 in. 
A= 7.68 in. 
i 30 laini 
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W24 X 76 
Na 
S ela & 
x all is ! 
ec a 8 
= 

W24 X 76 


2" metal deck 
plus 2" concrete 


Figure 12-8 Floor framing plan for Example 12-2. 


Effective slab width, beg = 0.4 X Beam span = (0.4)(24 ft.) = 9.6 ft. 


<= Beam tributary width = 6 ft. = 72 in. — Governs 


t. = Concrete slab thickness above deck ribs = 2 in. 
h, = Depth of metal deck ribs = 2 in. 


Note: Only concrete above the deck ribs is used to compute the /,,,,,, for the beam 


E, = 29,000 ksi 
E, = 33wVf", 
= (33)(145)'5V4000 = 3644 ksi 


E, 
1.35E, 
29,000 


(1.35) (3644) 


= a0) 


(continued) 
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: 
! 


W16 X 26 
Figure 12-9 Section through composite beam. 


b, = Transformed effective width of the concrete slab 


Dey 


n 


72 in. ; 
= = 12.2 in. 
5.9 


The centroid (see Figure 12-9) is found by summing the moments of areas about the top of the slab. From 
statics, 


a 2Ay 
Sa 


: [2 in.)(12.2 in (23) | (768 in (2 meee sin.) 


[(2 in.)(12.2 in.)] + 7.68 in? 


= 3.6 in. 


The composite moment of inertia is 


Tee = Ad 
2 2 2 in. 2, 
= (122 iny(‘ ) + (12.2 in.)(2 in)(36 in. — | 
12 2 
15.7 in. 2 
+ 301 in’ + (7.68 in (BT + din. — 3.6 in.) 
= 996 in! 
w = (55 psf + 11 psf)(6 ft.) = 396 Ib./ft. 
= 33 Ib./in. 
5wL,* 
384, 
5)(33)(24 ft. x 12)* 
See) Y= 0.102 in. 


(384)(29 x 10°)(996) 
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Girder Section Properties and Deflection 
From Part 1 of the AISCM for a W24 x 76: 


d = 23.9 in. 
A = 224 in? 
I = 2100 in.* 


Effective slab width, b,g¢ = 0.4 x Girder span = 0.4 x 18 ft. = 7.2 ft. = 86.4 in. > Governs 
< Girder tributary width = 24 ft. 


t. = Concrete slab thickness above deck ribs = 2 in. 
h, = Depth of metal deck ribs = 2 in. 
1 
ih, = te a =l0- 
2) 
: ee : 
= (2in.) + 5 (2 in.) = 3 in. 


Note: Concrete within and above the deck ribs is used to compute the /,,,,,, for the girder. 


b. = Transformed effective width of the slab 
bin 
eff 


n 


86.4 in. ; 
= = 14.6 in. 
5.9 


The centroid (see Figure 12-10) is found by taking a summation of the moments of the areas about the top of the 
slab. From statics, 


_ _ ZAy 
a 


c in.)(14.6 in (2) | + | (224 in) (23 + sin.) 
7 [(3 in.)(14.6 in.)] + 22.4 in? 


= 64 in. 


beg 


‘eee 
( JE 
W24 X 76 


Figure 12-10 Section through composite girder. . 
(continued) 
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The composite moment of inertia is 


Leh Ads 


ee) eee 3a. 
= (14.6 in.)| —— } + (14.6 in.)(3 in.)| 6.4 in. — 
12 2 
23.9 in. ‘ 
+ 2100 in? + (22.4 in?)( a + 4in. — 64 i.) 
= 5230 in.* 
w = (55 psf + 11 psf)(24 ft.) = 1584 plf 
= 132 lb./in. 
5wL,* 
A, = 
384EI, 
S132) (18a 32)? 
eee ” = 0025 in. 


~ (384)(29 x 10°)(5230) 
Beam effective weight, W;: 
Wi = yw, Bil; 


The beams are likely to be connected to girders at both ends with simple shear connectors (e.g., clip angles and 
shear plates) and the adjacent beam span is greater than 70% of the span of the beam being considered (both spans 
are equal). Therefore, y = 1.5. 


d 3 
D, = — 
n 
Brine): 
= ( — = 46 in fit. 
of 
D — S 
996 
S = = 166 mii, 
eee a: 


C; = 2.0 (interior beam is being considered) 


D.\025 
[By = o( 3] L, = % floor width 
J 
46 0.25 
= 2.0| —— 24 ft.) = (4) (90 ft. 
[omens 
= 19.6 ft. < 60 ft. 
B, = 19.6 ft. 


W, = (1.5)(55 psf + 11 psf)(19.6 ft.)(24 ft.) = 46,570 Ib. 
Girder effective weight, W,: 
W 


g — WBL, 
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Since the span of the girder is less than the width of the beam panel (L, = 18 ft. < B; = 19.6 ft.), the girder de- 
flection has to be modified using equation (12-25): 


& 


L, 
Ae Sh Sek, 


J 


bs ( 18 ft. ) 002s in.) = (0.5)(0.025 in.) 


19.6 ft. 


= 0.023 in. > 0.013 in. 


A,’ = 0.023 in. 
i 
D,=— 
é ie 
5230 
Se 
2A ft. ny 


C, = 1.8 (girders supporting rolled steel beams) 


B 


& 


; 0.25 
(3) L, = % floor length 


D, 


il 0.25 
= re 18 ft. < ) (72 ft.) 


i, = 


W, 


g 


218 
30.3 ft. < 48 ft. 
30.3 ft. 


(55 psf + 11 psf)(30.3 ft.)(18 ft.) = 36,000 Ib. 


Effective weight of the floor system, W: 


From equation (12-13), 


W 


0.023 in. 


(or (gor 
= 4 
A, + A, Me (5 +A, We 
0.102 in. 
= 46,570 Ib.) + 
(= in. + 0.023 = ST) ( 
= 44,625 lb. 


0.102 in. + 0.023 in. 


(36,000 Ib.) 


The natural frequency of the floor system is determined from equation (12-4): 


f, = 0.18 


& 


(No a= AN 


i & 


386 
= 0.18,/ = 10.0 Hz (> 3 Hz, initially OK). 


0.102 in. + 0.023 in. 


From Table 12-2, 


Pp = 


oO 


B= 


65 lb., and 
0.03 (light, demountable partitions, less than 5 ft. 


in height). 


(continued) 
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The acceleration of the floor system due to walking vibrations is calculated using equation (12-12): 


Gp) ae) 
= < 
8 BW 8 
65e( ~ 0:35)(10.0) 
= = 0.00146, or 0.146%. 
(0.03) (44,625) Ms ‘ 


From Table 12-2, the recommended acceleration limit is a,/g = 0.5%, so this floor is adequate for walking 
vibrations. Since the natural frequency of the floor is greater than 9 Hz, the floor stiffness is required to be greater 
than 5.7 kips/in. (see equation (12-26)). This condition will now be checked. 

The number of effective floor beams is determined from equation (12-31), but we must first determine whether 
the aforementioned limitations are met (see eqs. (12-32) through (12-34)): 


d, 
0.018 < e < 0.208 
3) it, 
OO1S = —— = O42 = OD08 OR 
Wd, ie 
4 
45 < 10° = —— = 257 X 10° 
J 
Aa), 
AS << 1@? = => = 69 10? = 257 < id? OK 
996 
Lj 
2<—<=30 
S 
2A ft. 
2<—— = 4< 300K 
6 ft. 


If the above parameters calculated from equations (12-32) through (12-34) were not satisfied, the variables in these 
equations would have to be changed until the conditions were met. 
The number of effective beams is 
d, Ue Li\? 
0.49 + ohne + (9.0 x Oe = 0.00050( = 10 


J 


Neg 


0.49 + 34 2 ome + (9.0 x fee = 0.00050( =) = 1.0 
“\ 72 in. 996 ey ae 


= 1.97. 


The individual joist or beam deflection under a unit concentrated load is 


I? 
1M ABEL. (a factor of '/4g is conservatively assumed) 


fi 


_ (Ax ny 
48(29 x 10°)(996) 


= 17.2 X 10° in./Ib. (deflection under a unit load of 1 Ib.) 
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Beam panel deflection under a unit concentrated load: 


A 
eR 


@) 


0.0000172 
= a = 878 & 10 tia, lb, 
197 8.73 0° in./Ib 


oj 


The girder panel deflection under a unit concentrated load is 


i.,2 


A = a factor of '/,. is conservatively assumed 
gp 48 EI, ( /48 y ) 


(18 x 12)3 
~ 48(29 X 10°)(5230) 


= 1.38 X 10° in./Ib. (deflection under a unit load of 1 Ib.) 
Total floor deflection under a unit concentrated load: 


A, = A, + 


P JP. ® 


1.38 < lo-* 


5 = 9427. 105 in,/ Ib. 


= (8.73 x 10°) = 


The floor stiffness is then 


K, = — = 5700 bb./in. 


= 106,000 lb./in. = 5700 lb./in. Floor stiffness is OK 
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Walking Vibrations with Open-web Steel Joist Framing 


The floor framing system shown in Figure 12-11 is to be used for an office building. The building has full-height 
partitions. Determine whether the floor is adequate for walking vibrations. Assume lightweight concrete with a 


density of 110 pef and a 28-day compressive strength of 3500 psi. The floor loads are as follows: 


Floor dead load = 55 psf (includes weight of slab, deck, finishes, mechanical and electrical fixtures, and partitions) 


Sustained live load = 11 psf (see Table 12-1) 


SOLUTION 


Joist Section Properties and Deflection 
For a 24K5 open-web steel joist, 


(continued) 
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1" metal deck 
plus 24" concrete 
> ey, wl 
NS LEVEE 
ss 24K5 = Hitt 
: —l 
UL 
PT iy 


a ee ee 


Figure 12-11 Floor framing plan for Example 12-3. 


d 
A 
i 


= 24 in. 
= 2.0 in.’(1.0 in.” per chord) 


Effective slab width, b,; = 0.4 < Beam span = (0.4)(30 ft.) = 12 ft. 


= Beam trib width = 3 ft. = 36 in. — Governs 


t. = Concrete slab thickness above deck ribs = 2.5 in. 
h, = Depth of metal deck ribs = 1 in. 


Note: 


Only concrete above the deck ribs is used to compute the /,,,,, for the joist (see Figure 12-12) 


= 29,000 ksi 
SISO W ne 
= (33)(110)!°V 3500 = 2252 ksi 
— E, 
1.35E. 
29,000 
= = 95 
(1.35) (2252) 
De 
7 oo, Ee eee] t 
| y h, 
TW aT 
— 
24K5 
Jil JIL 


Figure 12-12 Section through composite joist. 


210 in.* (Note: Exact section properties for the joist would be provided by the joist supplier) 


» 1 2@it 
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b, = Transformed effective width of the slab 
be 
on 
36 in. 
= = = 38in. 


The centroid (see Figure 12-9) is found by summing the moments of areas about the top of the slab. From statics, 


ma ny, 
aa 


; [ies in.)(3.8 in) (73) | + (20 in + 3.5 in) | 


[(2.5 in.)(3.8 in.)] + 2.0 in? Sr 
The composite moment of inertia is 
leomp = (I + Ad?) 
= [os in (SS) sp [os in.) (2.5 in)(3.3 in. — a 


a Oly ep eee 
+ Qi iwa,” +e || (20 io,*) aap ar 3s) ti, = 3),7/3) ila, 


550in. . 


Since 6 < L/D = (30 x 12)/24 in. = 15 < 24, equation (12-10) is used to calculate C,: 


(5) 2.8 
Cc. = o9(1 = e-0a4n)) 
30x 12) \28 

= 0.9| 1 — enon SAO ) = 0.862 

eer 
Ue 

=—— -1=0.1 

0.862 o>? 


The effective moment of inertia of the joists is modified as follows for this case: 


me 1 
ii = aL 
Y Gee 
I chords I comp 
: 388 in.* 
= = in. 
0.159 1 
—— + — 
210 550 
w = (55 psf + 11 psf)(3 ft.) = 198 Ib./ft. 
= 16.5 lb:/in. (continued) 
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4 
SwL; 


A. = 
'  384€E]; 


_ (5)(16.5)(30 ft. x 12)* _ eee 
(384)(29 x 10°)(388) 


Girder Section Properties and Deflection 
From Part | of the AISCM for a W21 x 44, 


“aS 


A 
I 


20.7 in. 
13.0 in. 
843 in.’ 


Effective slab width, b,7 = 0.4 X Beam span = 0.4 X 21 ft. = 8.4 ft. = 100.8 in. > Governs 


~ 


iC 


=> 


r 


Note: Concrete within and above the deck ribs is used to compute the /,,,,,, for the girder. 


= Girder tributary width = 30 ft. 


= Concrete slab thickness above deck ribs = 2.5 in. 
= Depth of metal deck ribs = 1 in. 


. 1 in. ; 
= 2.5 in. ee 3 in. 


= Transformed effective width of the slab 


= bey 
n 
100.8 in. 
= ane = 10.6 in. (see Figure 12-13) 
3 
2 
Bz Deg 
a 


er x 44 


Figure 12-13 Section through composite girder. 
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The centroid (see Figure 12-13) is found by summing the moments of areas about the top of the slab. From 
statics, 


_  DAy 
ye 
Cr Yio (| 2 een ee ca 
= | ( 2 )| ( 2 )| 


= 578i 
[(3 in.)(10.6 in.)] + 13.0 in? 


The composite moment of inertia is 


Lh Ag”) 


comp 


= | (06 in) ] + [06 in.)(3 in) (5.78 in. — am) 


20.7 in. 


3 
+ 843 int + [a0 in?)( + 2.5 in. + 3.5 in. — 5.78 in.) 


2901 in.* 


The composite moment of inertia is reduced since the joist seats prevent the slab from acting fully compositely 
with the girder: 


~ 


geff — *nc 4 


(2901 — 843) 
= 843 + F = 1357 in! 


Girder deflection: 


w = (55 psf + 11 psf)(30 ft.) = 1980 lb./ft. 
= 165 lb./in. 
5wL,* 
A, = 
: 384EI, 
SUES VAI i, XK 12 
ieee) ) = 0.22 in. 


~ (384)(29 x 10°)(1356) 
Joist effective weight, W;: 


W; = 


j= yw BL; 


Since joists are used, y = 1.0. 


d 3h 
n 
(aie 


= = 2.84 in.*/ft. 
9.5 


pa 


S 


(continued) 
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= == = 129 in4/ft. 


C; = 2.0 (interior joist is being considered) 


D.\25 
B, = o(2) L= % floor width 
2) yal WO 
= e.0( >) (30 ft.) S % (90 ft.) = 60 ft. 
129 
= 23.1 ft. 
We = (1.0)(55 psf + 11 psf)(23.1 ft.)(30 ft.) = 45,738 Ib. 


Girder effective weight, W,: 


W, 


g — WBL, 


Since the span of the girder is less than the width of the beam panel (L, = 21 ft. < B; = 23.1 ft.), the girder 


deflection has to be modified using equation (12-25): 


L, 
NTN etsy 


& 
J 


“21 ft ; | 
5 a ft. (0.22 in.) = (0.5)(0.22 in.) 


= O20 me Otten 
Keo ae 
I 

D es 

& L 
1357 
Se = 1g I 

som Oe! 


C, = 1.8 (girders supporting rolled steel beams) 


a \ es) 


i, = o (>) L, = % floor length — Ignore since floor length is not given 
& 


~ c1.8)( 23)" ft.) 


49) 1 
W, = (55 psf + 11 psf)(49.1 ft.)(21 ft.) = 68,095 Ib. 


Effective weight of the floor system, W: 
From equation (12-13), 
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rere id eee 
= +f 
Mm A, + )™ A, + A, We 


( 0.321 in. 0.20 in. 


0.321 in. + 0.20 in. 


Ib. 
0.321 in. + 0.20 in. )(68.005 ) 


= 54320 Ib. 


)cas.n38 Ib.) + ( 


The natural frequency of the floor system is determined from equation (12-4): 


g 
A, + A, 
~YV 0.321 in. + 0.20in. ee ee z, initially 


From Table 12-2, 


aS 
lI 


65 l|b., and 
8 = 0.05 (floor with full-height partitions) 


The acceleration of the floor system due to walking vibrations is found by using equation (12-12): 


a Pel- 35h) g 
= = 
g BW g 
(65)(e! =P) 20)) 
- = 0.0043, or 0.43%. 
(0.05) (54320) aN 


From Table 12-2, the recommended acceleration limit is a,/g = 0.5%, so the floor is adequate for walking vibra- 
tions. Note that if partial-height or no partitions were used, then it can be seen by inspection that the floor would 
not be adequate for walking vibrations (a,/g = 0.72% and 1.07%, respectively). 


12.7 RHYTHMIC VIBRATION CRITERIA 


Rhythmic activities include dancing, jumping exercises, aerobics, concerts, and sporting 
events. To avoid floor vibration problems during rhythmic activities, the natural frequency 
of the floor system should be greater than a specified minimum value. For any given activ- 
ity, there can be several harmonics of vibration. For example, the participants in a lively 
concert might induce a forcing frequency of 2.0 Hz for the first harmonic and 4.0 Hz for the 
second harmonic. The floor would have to be checked for both harmonics. For most rhyth- 
mic activities, not more than three harmonics would need to be checked. 

The minimum required natural frequency of a floor supporting rhythmic activities is as 
follows: 


k QiW, 
Sn required = tr 1+ (=) rm ) (12-35) 
0. £ 


578 CHAPTER 12 


Table 12-3 Recommended rhythmic activity variables 


Forcing Frequency, Weight of Participants, Dynamic Dynamic 
Activity f,, Hz Woy psf? Coefficient, a, Constant, k 


Dancing: 
First Harmonic (i = 1) 


Lively concert, sporting event: 
First Harmonic (i = 1) 
Second Harmonic (i = 2) 


Jumping Exercises: 
First Harmonic (i = 1) 
Second Harmonic (i = 2) 
Third Harmonic (i = 3) 


+Based on maximum density of participants on the occupied area of the floor for commonly encountered conditions. For special events, the density of 
participants can be greater. 
Adapted from Table 5.2, reference 1. 


where 


Sn requirea = Minimum required natural frequency of the floor system, 

fy; = Forcing frequency (frequency of the rhythmic activity; see Table 12-3), 

i = Subscript indicating the harmonic number (see Table 12-3), 

k = Activity constant (see Table 12-3), 

a; = Dynamic coefficient (see Table 12-3), 

a,/g = Acceleration limit for rhythmic activity (see Table 12-4), 
= Weight of the participants, psf (i.e., sustained live load; see Table 12-3), and 
w, = Dead plus sustained live load per unit area, psf. 

If equation (12-35) is not satisfied, then a more accurate analysis can be performed. The peak 
floor acceleration for each harmonic of the specific rhythmic activity, using the more accu- 


rate analysis, is given as 


yj 13a,w, 
= (12-36) 


all) P+ PRP 


Table 12-4 Recommended floor acceleration limits for rhythmic activity 


Affected Occupancies (Rhythmic activities adjacent to ...) 


Office, residential 0.4%-0.7% 


Dining, weightlifting 1.5%-2.5% 


Rhythmic activity 4%-7% 


Adapted from Table 5.1, reference 1 and reference 9. 
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a 
— = Peak floor acceleration for each harmonic, and 


6B = Damping ratio 
= 0.06 for rhythmic activity. 
It should be noted here that the damping ratio, B, is higher than the values indicated in 


Table 12-2 since the participants contribute to the damping of the system. 
The effective maximum acceleration, taking all of the harmonics into consideration is 


given as 
13% 2 
apm Api 3 ay 
: = (= 7 . (19-37) 


1.5 1.5 15\ 42 
Apt An2 An 3 a 
&§ &§ § § 


For rhythmic vibrations, the natural frequency is calculated from either equation (12-4) or 
(12-5). The decision as to whether or not to include the effects of axial column deformation 
is left to the designer. Buildings fewer than five stories generally do not have a significant 
contribution from column deformation. 


EXAMPLE 12-4 


Rhythmic Vibrations 
Determine the adequacy of the floor framing shown in Figures 12-14 and 12-15 for jumping exercises. The slab 
properties are as follows: 

Dead load = 120 psf 

I = 1400 in.*/ft. 

tf’. = 5000 psi 

y. = 145 pef 


SOLUTION 
Slab Deflection: 
From Table 12-3, w, = 4.2 psf 


E, = 33wl°V¥f", 


33(145)!°\/5000 = 4074 ksi 


w = (120psf + 4.2 psf) 124.2 Ib./ft. 


10.35 Ib./in. 


(continued) 
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10" precast concrete plank 
with 2" concrete topping 


E=On 


AYR Ah Doo Doi 


Figure 12-14 Floor framing plan for Example 12-4. 


i S5wL* 
* 384 ET 
(SVAOLI (22 < IDF ; 
= = 0.111 in. 
(384) (4,074,000) (1400) 
Girder Deflection: 


w = (120 psf + 4.2 psf)(22 ft.) = 2732 Ib./ft. 


a) Sale ine 
5wLl4 
ee 
& —- 384EI 
SN 228i Clon eal 2) 
epee ee 0.195 in. 
(384) (29,000,000) (712) 


ON 


10" 


W18 X 46 


Figure 12-15 Floor section for 
Example 12-4. 
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Natural Frequency of the System: 


g 
= 0.18,/ 
In AK, 
(ieee 6.39H 
Nina O95) ar id 


Minimum Required Natural Frequency for Each Harmonic (eq. (12-35)): 


( : ) oo 
P => ———— 
Siareni red ma St Il sr (r ( w, 


First harmonic: 


2541 ar 20 oN) = 4.22Hz <f, 
LO.O55 JL 124.2 


6.39 Hz OK 


Second harmonic: 


5.04) ap a es = 6.59Hz > f, = 6.39 Hz Not Good 
LO.O55JL 124.2 


Third harmonic: 


7154/1 ar ee [eS = 7.95 Hz > f, = 6.39 Hz Not Good 
0.055 124.2 


The floor system does not meet the criteria given in equation (12-35), so the more accurate analysis needs to be 
performed: 


GTC 


First harmonic: 


Sue (1.3)(1.5)(4.2) He 
2; p) 2 
EME) = i| “ ee 
2.5 25 
Second harmonic: 
ee Hens Cece 
1242,||(822) ~ | — | 
5.0 50 
Third harmonic: 
oa (1.3)(0.1)(4.2) ae 


6.39\7 P| (2)(0.06)(6.39) ? 
i242,]|(622) om i| ar oe (continued) 
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The effective maximum acceleration, considering all of the harmonics, is 
Gym ( Qi = i (a 
= < 
& & & 
a, 
= (OL0Ul9! == 0.0405°> 010150.) 7, = 0.503 —- — 01055, 
8 


From Table 12-4, the recommended acceleration limit is a range between 4% and 7% in this case, the average 
between these two values (5.5%) is taken as the acceleration limit. 

The floor acceleration is less than the specified limit, so this floor is adequate for jumping exercises. If this 
floor were to be used for jumping exercises adjacent to a dining area, the average acceleration limit, from 
Table 12-4, would be 2%. Therefore, this floor would not be adequate in that case. 


12.8 SENSITIVE EQUIPMENT VIBRATION CRITERIA 


In the previous sections, we considered transient floor vibrations in terms of floor acceler- 
ation (i.e., a,/g). For floor structures that support sensitive equipment, the floor motion is 
expressed in terms of velocity, because the design criteria for equipment often corresponds 
to a constant velocity over the frequency range considered. To convert from acceleration to 
velocity, the following expression is used: 


a 2uf V 

= = (12-38) 
& & 

where 

V = velocity 


Any given floor structure that supports sensitive equipment will likely have several types of 
equipment in use, so the floor structure is usually designed for the equipment with the most 
stringent criteria. Table 12-5 lists several types of sensitive equipment, with corresponding 
vibrational velocity limits, that can be used as a guide for preliminary design. The limits listed 
are compared with the calculated floor velocities due to walking or footsteps. The required 
floor structure parameters for any given facility supporting sensitive equipment should 
always be obtained from the equipment supplier or manufacturer, to ensure that the correct 
parameters are used and that an economical design is produced. 

With reference to Table 12-5, the most sensitive equipment can be found in a Class E mi- 
croelectronics manufacturing facility, where the maximum allowable vibrational velocity is about 
130 p-in./sec. This would require a floor structure that has a natural frequency close to 50 Hz 
[2]. By contrast, a typical floor supporting an office occupancy that has approximate bay sizes 
of 30 ft. by 30 ft. would have a vibrational velocity of about 16,000 p-in./sec. and a floor 
frequency between 5 and 8 Hz. Floor structures that support microelectronics manufacturing 
are often designed with concrete waffle slabs, but a steel design that uses heavy composite slab 
(3-inch metal deck plus 3 inches of concrete) with W21 beams spaced 8 feet apart in 16 ft.-by- 
16-ft. column bays also has been found to provide adequate stiffness for this type of facility [2]. 

The maximum floor velocity is determined as follows: 


V = 2uf Aman (12-39) 


Floor Vibrations 583 


Table 12-5 Vibration criteria for sensitive equipment 


Vibrational Velocity, 
Equipment or Use V, p-in./s 


Computer systems, operating rooms, bench microscopes up to 
100 x magnification 


Laboratory robots 


Bench microscopes up to 400 x magnification, optical and other 
precision balances, coordinate measuring machines, metrology 
laboratories, optical comparators, microelectronics manufacturing 
equipment—Class A 


Microsurgery, eye surgery, neurosurgery; bench microscopes greater 


than 400 x magnification; optical equipment on isolation tables; 
microelectronics manufacturing equipment—Class B 


Electron microscopes up to 30,000 x magnification, microtomes, 
magnetic resonance imagers, microelectronics manufacturing 
equipment—Class C 


Electron microscopes greater than 30,000 x magnification, mass 
spectrometers, cell implant equipment, microelectronics 
manufacturing equipment—Class D 


Microelectronics manufacturing equipment—Class E, unisolated laser 
and optical research systems 


Class A: Inspection, probe test, and other manufacturing support equipment. 

Class B: Aligners, steppers, and other critical equipment for photolithography with line widths of 3 microns or more. 
Class C: Aligners, steppers, and other critical equipment for photolithography with line widths of 1 micron. 

Class D: Aligners, steppers, and other critical equipment for photolithography with line widths of +4 micron, includes 
electron-beam systems. 

Class E: Aligners, steppers, and other critical equipment for photolithography with line widths of % micron, includes 
electron-beam systems. 


Adapted from Table 6.1, reference 1. 


where 


J, = Natural frequency of the floor system, 


Ximax = Maximum dynamic displacement 


ao 
= ———— forf, > 5 Hz 12-40 
=Digk (hy tory, = > Wz, (12-41) 


F’,, = Maximum footstep force (see Table 12-6), 


A, = Total floor deflection under a unit concentrated load (see eq. (12-27)), 


jf, = Inverse of the footstep pulse rise or decay time (see Table 12-6) 


=—, and 


oO 


584 CHAPTER 12 


Table 12-6 Values of footfall impulse parameters 


Walking Pace Dynamic Load 
(steps per minute) Factor (DLF) F,, = DLF Xx 185 Ib. 


100 (fast) 


75 (moderate) 


50 (slow) 


Adapted from Table 6.2, reference 1. 


A,, = Maximum dynamic amplitude 


= 2.0 for! = 0.5. 


JO 


2 
= for > 0.5. (12-42) 


The exact value of the maximum dynamic amplitude, A,,, is shown on the solid curve in 
Figure 12-16. The dashed line is an approximation of the solid curve (see eq. (12-41)). The 
maximum footstep force, F,,,, is the weight of a person (assumed to be 185 Ib.) multiplied 
by a dynamic load factor that is dependent on the walking speed (see Table 12-6). 


0.1 0.5 1 5 10 


t= fit, 


Figure 12-16 Maximum dynamic amplitude. 
Adapted from Figure 6.5 reference 1 
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EXAMPLE 12-5 


Sensitive Equipment Vibrations for f, > 5 Hz 


For the floor system in Example 12-2, investigate the adequacy of the floor to support 
sensitive equipment. 


SOLUTION 
From Example 12-2, 


= 10.0 Hz, and 
= 9:42 106 ine I: 


From Table 12-6, 


F,, = 315 lb., f, = 5.0 Hz (fast walking) 
280 Ib., f, = 2.5 Hz (moderate walking) 
= 240 Ib., f, = 1.4 Hz (slow walking). 


Maximum Dynamic Displacement: 
Since f, = 10.0 Hz > 5.0 Hz, use equation (12-40). 
if ae ms 


X 
Ups 


(315)(9.42 x 107 °)(5.0)? 
(2)(10.0) 
(280)(9:42 x 106°)(2'5)7 
(2)(10.0)? 
(240)(9.42 x 107 °)(1.4)? 
(2)(10.0)? 


= 371 p-in. (fast walking) 


= 82.4y-in. (moderate walking) 


= 22.2 y-in. (slow walking) 


The maximum floor velocity is then determined from equation (12-39): 


V = 20 Xion 
(2)(a)(10.0)(371) = 23,300 p-in./s (fast walking) 
(2)(a)(10.0)(82.4) = 5170 p-in./s (moderate walking) 
(2)(a)(10.0)(22.2) = 1390 p-in./s (slow walking) 


We see from Table 12-5 that this floor system could not support any of the equipment 
listed for fast walking. Reducing the criteria to moderate walking would allow the floor 
to support any of the equipment listed under 8000 u-in./s and less. Further reducing the 
criteria to slow walking would allow equipment listed under 2000 u-in./s and less. 

Sensitive equipment located adjacent to a long, straight corridor would have a 
greater likelihood of being impacted by “fast walking.” If “slow walking” is desired 
in order to reduce the vibrational velocity, then short-length corridors with turns or 
bends should be used to reduce the walking speed, or the equipment should be relocated 
away from areas with heavy foot traffic. 
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Sensitive Equipment Vibrations for f, < 5 Hz 


Assuming that the natural frequency of the floor system in Example 12-5 was 3.5 Hz, 
investigate the adequacy of the floor to support sensitive equipment. 


SOLUTION 
From Example 12-5, 


= 3.5 Hz, and 
A, = 9.42 X 10~° in./Ib. 


=> 
| 


From Table 12-6, 


F,, = 315 lb., f, = 5.0 Hz (fast walking) 
= 280 lb., f, = 2.5 Hz (moderate walking) 
= 240 lb., f, = 1.4 Hz (slow walking) 


Maximum Dynamic Displacement: 
Since f,, = 3.5 Hz < 5.0 Hz, use equation (12-41). 


Darr Anl A: 
ees 
“ = on = 0.70 (fast walking) 
Bos) ; 
= AE = 1.4 (moderate walking) 
35) 
Se 2.5 (slow walking) 


The maximum dynamic amplitude, A,,, is determined from Figure 12-16: 


A, = 1.4 (fast walking) 


m 


fa 2.5? 
== 5 = 0.255 (moderate walking) 

Me (2)(35) 

toe 14 


of? = ((35P = 0.08 (slow walking) 


The maximum dynamic displacement is then 


Mn zy Apr as 
= (1.4)(315)(9.42 X 10~°) = 4154 p-in. (fast walking) 
= (0.255)(280)(9.42 X 10°°) = 673 p-in. (moderate walking) 


= (0.08)(240)(9.42 x 10°°) = 180-in. (slow walking) 
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The maximum floor velocity is then determined from equation (12-38): 


V = 26 Xo 
= (2)(m)(3.5)(4154) = 91,350 p-in./s (fast walking) 
= (2)(m)(3.5)(673) = 14,800 p-in./s (moderate walking) 
= (2)(m)(3.5)(180) = 3960 p-in./-s (slow walking). 


We see from Table 12-5 that this floor system could not support any of the equipment 
listed for fast or moderate walking. Reducing the criteria to slow walking would allow 
the floor to support any of the equipment listed at less than 4000 u-in./s. 


12.9 VIBRATION CONTROL MEASURES 


For small dynamic forces such as those caused by walking vibrations, the vibration effects 
can be more effectively controlled by increasing the mass of the structure, increasing the stiff- 
ness of the structure, increasing the damping, or a combination of these. 

For large dynamic forces such as those caused by aerobics, the vibration effects are 
most effectively controlled by keeping the natural frequency of any mode of vibration most 
affected by the dynamic force away from the forcing frequency causing the vibrations. To 
achieve this, the natural frequency of the structure must be much greater than the forcing fre- 
quency of the highest harmonic dynamic force causing the vibration. This can be achieved 
by stiffening the structure (e.g., by adding beam depth, columns, or posts). 

Floors with a natural frequency greater than 10 Hz and a stiffness greater than 5.7 kips/in. 
do not generally have vibration problems due to human activities. Occupants may experience 
discomfort in floor systems with natural frequencies in the 5- to 8-Hz range because this fre- 
quency range coincides with the natural frequencies of many internal human organs. 

Use of a “floating floor” completely separated from the surrounding slabs is effec- 
tive mostly for controlling vibrations due to aerobics and other rhythmic activities (see 
Figure 12-17 for examples). The floating floor concept is similar to that used in vibration 
isolation of equipment. The floor is supported on very soft springs (e.g., neoprene pads) 
attached to the structural floor. The combined natural frequency of the floating floor and 


building 
column 


main floor structure , isolated floor structure 


neoprene pad between 
base plate and leveling 
plate to isolate ground 
todd zs vibration from building 


joint in floor slab to 
allow independent 
movement 


foundation 


Figure 12-17 Floating or isolated structures. 
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the springs should be very small—less than 2 to 3 Hz. This can be achieved by using a 
thick slab (4 in. to 8 in. thick). The space between the floating floor and the structural slab 
must be properly vented to prevent the change in pressure due to the movement of the float- 
ing floor from causing the structural floor to move. 

Rhythmic activities, such as aerobics, can be located on the ground floor of a building 
or an isolated framing system can be used. Weightlifting activity can be accommodated on 
framed floors; however, one must consider the dynamic effect of weights being dropped on 
the floor, which is a common occurrence with this activity. This dynamic force can be mit- 
igated by using an appropriate mat to absorb some of the energy of the falling weight, but 
it is generally advisable to locate this activity on the ground floor of a building. 

Floors with a natural frequency of less than 3 Hz should be avoided. Walking speed in 
an office is usually between 1.25 to 1.5 steps per second (or 1.25 to 1.5 Hz). Floors with a 
natural frequency of 3 Hz may experience resonance at the second harmonic frequency (i.e., 
between 2.5 and 3 Hz. 

Damping is a critical component of the vibration analysis, but the designer typically has 
very little control over the amount of damping that is present in a floor system. For example, 
full-height partitions provide the best form of damping, but are usually specified by someone 
other than the structural engineer. Furthermore, such partitions may not be present for the life 
of the structure. The same holds true for other damping components, such as furniture and duct- 
work. The point is that increasing damping to reduce vibration is generally not feasible, since 
damping is a parameter that is difficult to quantity and control, so the designer has to make a 
reasonable assumption as to the amount of damping that will be present in a structure. 
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12-1. Calculate the natural frequency of a W18 x 35 beam spanning 30 ft. with an applied load (dead 
plus sustained live loads) of 500 plf. 


12-2. Given the following, based on the floor plan and floor section shown in Figure 12-18, 


© Dead load = 60 psf, 


© Concrete is normal weight with f’, = 3500 psi, and 


e Assume loads to the joist and girder are uniformly distributed, 


26" 


26'-0" | 26'-0" | 26'-0" | 


Floor Vibrations 


14" metal deck 
plus 24" concrete 


W18 X 50 


Figure 12-18 Floor framing for Problem 12-2. 


determine the following: 


1. Natural frequency of the floor system, and 
2. Adequacy for walking vibrations in a shopping mall. 
12-3. Given the following, based on the floor plan shown in Figure 12-19, 


@ Dead load = 70 psf, Sustained live load = 11 psf, 

e Floor is an open office area with few nonstructural components, 

© Transformed moment of inertia, Jge4y = 2100 in.*, ginger = 3100 in.*, and 
e Assume loads to the beam and girder are uniformly distributed, 


determine the following: 


1. Natural frequency of the floor system, and 


2. Adequacy for walking vibrations in an office. 


28'-0" 28-0" 28'-0" 


ea a ae Lea 


21'-O" 
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2 1'-0" 
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Figure 12-19 Floor framing for Problems 12-3 and 12-4. 
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12-4. 


12-5. 


Given the following, based on the floor plan shown in Figure 12-19 


e Total slab depth is 5.5 in. (2 in. of metal deck plus 3.5 in. of concrete), and 
© Moderate walking pace (75 steps per minute), 


determine the following: 


1. Vibrational velocity of the floor system in u-in./s, and 
2. Type of sensitive equipment that could be placed on the floor system. 


Given the following, based on the floor plan shown in Figure 12-20 


© Dead load = 75 psf, Sustained live load = 11 psf, and 


© Transformed moment of inertia, Ipg4y = 2100 in.*, Igiengr = 3400 in.*, 


26'-0" 26'-0" 26'-0" 
f t i af 
> 
saa 
I t a a 
. beam 
I t a x 


Figure 12-20 Floor framing for Problems 12-5 and 12-6. 


12-6. 


12-7. 


determine the following: 


1. Natural frequency of the floor system, and 
2. Adequacy for jumping exercises in a facility with rhythmic activities. 


Given the following, based on the floor plan shown in Figure 12-20 


e Total slab depth is 6.5 in. (3 in. metal deck plus 3.5 in. of concrete), and 
e Slow walking pace (50 steps per minute), 


determine the following: 


1. Vibrational velocity of the floor system in u-in./s, and 
2. Type of equipment that could be placed on the floor system. 


Given the floor plan shown in Figure 12-21 with a dead load of 55 psf and a sustained live 
load of 11 psf, determine whether the floor system is adequate for walking vibrations in 
an office area with some nonstructural components. The concrete is normal weight with 
f'. = 4000 psi. 


length = 140" 
35'-0" 

tt x 
R 
7 | zt : W18 X 35 
g ig aS Sl 
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Figure 12-21 Floor framing for Problem 12-7. 
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12-8. For the floor framing in the student design project (see Figure 1-22), analyze the floor struc- 


ture for walking vibrations assuming B = 0.03. 


CHAPTER 


Built-up Sections—Welded 
Plate Girders 


13.1 INTRODUCTION TO WELDED PLATE GIRDERS 
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Welded plate girders, which are the most common form of plate girders, are built-up struc- 
tural steel members that consists of flange plates welded to a web plate with fillet welds 
[1]. They are used to support loads over long spans (60 ft. to 200 ft.) [2] and to support 
structural loads that are too large to be supported by the rolled steel shapes shown in the 
AISCM. Plate girders are rarely used in building structures, but are commonly used in 
bridge structures [3]. They are used as transfer girders in building structures to support 
columns above large column-free areas, such as atriums, auditoriums, and assembly areas 
as shown in Figure 13-1. Plate girders may also be used in the retrofitting of existing 
building structures where column-free areas are needed and existing columns have to be 
cut off or removed below a certain floor level. One such detail is shown in Figure 13-2. 
Plate girders are also used as crane support girders in heavy industrial structures with 
long spans. One disadvantage of plate girders when used in building structures is that me- 
chanical ducts may have to be placed below the girder to avoid cutting holes in the web 
of the girder that will reduce the strength of the transfer girder. Furthermore, locating me- 
chanical ducts below a deep transfer plate girder increases the floor-to-floor height of the 
building, with a resulting increase in construction costs. In any case, it is more common 
to use transfer trusses in place of transfer girders in building structures because it allows 
for passage of mechanical ducts between the web members of the truss without adversely 
affecting the strength of the truss. 

The term “plate girder” no longer exists in the most recent AISC specification [4]. 
Instead, this term has been replaced by the term “built-up sections,” and the design require- 
ments for flexure and shear for these sections are found in Sections F5 and G of the AISC 
specification, respectively. In this text, we classify plate girders as built-up sections with 
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Figure 13-1 Transfer plate girder. 
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Figure 13-2 Transfer plate girder details in retrofitting an existing building. 
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Table 13-1 Web depth-to-thickness ratios for noncompact and slender webs 


Doubly Symmetric I-Shaped Section Singly-Symmetric I-Shaped Section 


Noncompact 
web 


Slender web 


noncompact or slender webs, and the design for flexure is carried out using Section F5 of 
the AISC specification. The web depth-to-thickness ratios that define the limits of non- 
compactness or slenderness of the web of doubly symmetric and singly symmetric I-shaped 
built-up sections are given in Table 13-1. 

To prevent web buckling, web stiffeners can be added for stability (see Figure 13-3c). 
The AISC specification prescribes mandatory limits for the web depth-to-thickness ratios 
as a function of the clear spacing between the transverse stiffeners (see Table 13-2) [4]. 


where 


a = Clear horizontal distance between transverse stiffeners, if any, 


h = Depth of the web = Clear distance between the flanges of a plate girder 
minus the fillet or corner radius for rolled sections; for welded built-up 
sections, the clear distance between the flanges (see Figure 13-3), 


h.. = Twice the distance between the elastic neutral axis and the inside face of the 
compression flange for nonsymmetric welded built-up sections 


= clear distance, h, between inside faces of the flanges for welded built-up 
sections with equal flange areas, 


h, = Twice the distance between the plastic neutral axis and the inside face of the 
compression flange for nonsymmetric welded built-up sections 


= clear distance, h, between inside faces of the flanges for welded built-up 
sections with equal flange areas, 


t,, = Web thickness, 

d = Overall depth of the plate girder, 
M, = Plastic moment of the section = Z,F’, 
M, = Yield moment of the section = S\F,, 
A,, = Area of the web = Ht, 
Ay. = Area of the compression flange = byt, 


I, = Moment of inertia of the built-up cross section about the weak axis (y—y) or 
the vertical axis in the plane of the web, and 


I. = Moment of inertia of the compression flange of the built-up cross section 
about the weak axis (y—y) or the vertical axis in the plane of the web. 


In a typical welded plate girder, the top and bottom flange plates resist the bending mo- 
ments through a tension—compression couple in the top and bottom flanges, and the web plate 
primarily resists the shear. Transverse vertical stiffeners are used to increase the web buckling 
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Figure 13-3 Welded plate girder. 


Table 13-2 Size limitations for l-shaped built-up sections (AISCM, Section F13.2) 


Without Transverse Web Stiffeners 
(i.e., unstiffened girders) 


Ay 
= 260 and re = 10 


fc 


With Transverse Web Stiffeners 


| 
For singly symmetric sections, 0.1 = 7 = 09 
y 
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capacity of the built-up section. Longitudinal web stiffener plates are rarely used except for 
very deep webs [2]. The web plate is fillet welded to the top and bottom flange plates and 
these welds resist the horizontal interface shear between the flanges and the web. The width 
and thickness of the compression and tension flanges may be varied along the span in pro- 
portion to the bending moment, but the web thickness is generally kept constant along the 
span of the girder. The depth of the girder may also be varied for long-span girders. When 
higher yield strength steel is used for the flange plates and conventional steel is used for the 
web plates, the built-up section is referred to as a hybrid girder. 


13.2 DESIGN OF PLATE GIRDERS 


no tension field action 
permitted in end panel 


In the design of plate girders, there are two possible options: 


1. Unstiffened Plate Girder: The plate girder is proportioned with adequate flange and web 
thicknesses to avoid the need for web stiffeners. The unstiffened plate girder option re- 
sults in a thicker web and flanges, and therefore a heavier plate girder self-weight, but 
the complexity of fabrication is minimized. Since fabrication and erection costs make up 
more than 60% of the construction costs of structural steel buildings, this may be a more 
economical option in some cases. 

2. Stiffened Plate Girder: A stiffened plate girder is designed with web stiffeners. This 
stiffened plate girder option results in a lighter weight plate girder, but the fabrication 
costs increase. 


It is possible to find optimum thicknesses for the web and flanges, and an optimum size 
and number of stiffeners that will yield a plate girder with self-weight and fabrication and 
erections costs such that the stiffened plate girder is less costly than an equivalent unstiff- 
ened girder. The presence of vertical web stiffeners improves the buckling resistance of the 
web. After initial buckling of the web, the plate girder is still capable of resisting additional 
loads because of the “diagonal tension fields” that develop in the web of the plate girder be- 
tween the stiffeners in the post-web buckling range [3]. This diagonal tension field makes 
the plate girder behave like a Pratt truss as shown in Figure 13-4. 


compression in 
transverse stiffeners 


compression chord 
applied load 


bearing 
stiffener 


tension chord 


diagonal tension field 
in plate girder web 


Figure 13-4 Diagonal tension field and truss action in plate girders. 


Built-up Sections—Welded Plate Girders 597 


13.3 BENDING STRENGTH OF WELDED PLATE GIRDERS 


When a plate girder section has a noncompact or slender web, the nominal moment capac- 
ity, M,,, will be less than the plastic moment capacity, M_,, of the section because of several 
limit states that are attained before the section can reach its full plastic moment capacity. The 
following are the possible limit states that may occur in built-up sections in bending: 

¢ Compression flange yielding, 

e Lateral torsional buckling, 

¢ Compression flange local buckling, and 

e Tension flange yielding. 
The design moment capacity for the built-up section depends on the compactness, noncom- 


pactness, or slenderness of the flanges, and will be the smallest strength obtained for the fol- 
lowing four limit states. 


1. Compression flange yielding 
Design moment capacity, 6M, = bR,F\Syes (13-1) 
where 


b = 09, 
R,. is as defined in equation (13-7), 


F, = Yield strength of the compression flange, 


ia 
II 


= Elastic section modulus about the strong axis (x—x) relative to the 
outermost face of the compression flange of the built-up section 
= Dil Ves and 
y. = Distance from the neutral axis to the outer most face of the 
compression flange. 


~ 
lI 


;x = moment of inertia of the plate girder about the strong axis (x—x) 


2. Lateral torsional buckling 
Lateral torsional buckling is a function of the lateral unbraced length, L,, of the com- 
pression flange of the plate girder. This limit state only applies when the unbraced 
length of the compression flange, L,, is greater than L,. The design bending strength 
for the case is 


6M, = OR Fer Se (13-2) 
where 


The critical bending stress, F.., 
ob = 0.9, 


R, is as defined in equation (13-7), 


is obtained from Table 13-3, 


S,, 1s as defined previously for the compression flange yielding limit state, 


The lateral support length parameters are 


7 E 
Le = 149, F (13-5) 
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Table 13-3 Critical bending stress as a function of the unbraced length 
Unbraced Length, L, Critical Bending Stress, F,, 


Lateral torsional buckling limit states does not apply. 


igen 
f= of — c95)(2=*) = 


rT 


C,w?E 
Fe =f, 


on 
t 
| E 
L,= Tr, oF? ad (13-6) 


C, = Bending moment coefficient (see Chapter 6). It is conservative to assume 
a C, value of 1.0. 


The bending strength reduction factor, Rye 


g.=1 ( = \E 51\/=) = 10 34 
PE 1200 + 300a,/\t, “VE J 7” a 


where 


is given as 


a,, = Ratio of two times the web area in compression due to the application of 
major axis bending moment alone to the area of the compression flange 
components. Mathematically, 


hety, 
a, = —— = 10, (13-8) 
Dyetfe 


> 
| 


. = Width of the compression flange, 
t;, = Thickness of the compression flange, 
= Thickness of the web, 


= Twice the distance between the elastic neutral axis and the inside face of 
the compression flange for nonsymmetric welded built-up sections, and 


= clear distance, h, between inside faces of the flanges for welded built-up 
sections with equal flange areas. 


The parameter r, in equations 13-4 and 13-6 is the radius of gyration of the flange com- 
ponents in flexural compression plus one-third of the web area in compression due to the 
application of major axis bending moment. Mathematically, r, can be approximated for 
I-shaped sections as 


ro & in. (13-9) 
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Table 13-4 Critical bending stress, F,, 
Controlling 
Flange Compactness Failure Mode Critical Bending Stress, F,, 


Die [E 
Compact flange — = 0.38,/— Flange yielding 
2t, F, 


fe 


Noncompact flanges Inelastic flange 


FE Dip local buckling 
0.38,/— <= = 0.95 
Fy tre 


br KE Elastic flange 
Slender flanges a > 0.95 e local buckling 
L 


fe 


F, = Yield strength of the compression flange, 
me 
2th’ 
Nor = Limiting slenderness for the compact compression flange obtained from A/SCM, Table B4.1 


/E 
= 0.38 ra the compression flange, 
y 


A = Limiting slenderness for noncompact compression flange obtained from A/SCM, Table B4.1 


= 0.95. re for the compression flange, 
L 


b;. = Width of the compression flange, 
ti. = Thickness of the compression flange, 


4 
k, = ——(0.35 < k, < 0.76). 
h 


t, 


W 


t, = Web thickness, and 
h = Clear distance between the inside faces of the flanges for welded built-up sections. 


3. Compression flange local buckling 
This limit state is not applicable to built-up sections with compact flanges. For all 
other sections, the design moment capacity is given as 


M,, = OR oF oy Ses (13-10) 


where the critical bending stress, F’,,, is obtained as shown in Table 13-4 and R,,, is 
as defined in equation 13-7. 
S,, 1s as defined previously for the compression flange yielding limit state, and 


o = 0.9 and F; is obtained from Table 13-5, 


4. Tension flange yielding 
This limit state does not apply to built-up sections when the section modulus of the 
built-up section with respect to the tension face, S,,, is greater than or equal to the 


section modulus with respect to the compression face, S,,. (i.e., when S,, = S,,.). 


For all other sections, the design moment capacity is given as 


OM, = FS, (13-11) 
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Table 13-5 Parameter, F,, for major axis bending (from AISCM, Table B4.1) 


Description 


S 
l-shaped built-up section with noncompact web and * S07 


XC 


S 
l-shaped built-up section with noncompact web and “< 0.7 


XC 


I-shaped built-up section with slender web 


h, = Twice the distance between the elastic neutral axis and the inside face of the compression flange for nonsymmetric welded built-up 
sections 


= Clear distance, h, between the inside faces of the flanges for symmetric welded built-up sections, 
Syc = Elastic section modulus about the strong axis (x-x) with respect to the compression flange of the built-up section, and 
Sy = Elastic section modulus about the strong axis (x-x) with respect to the tension flange of the built-up section. 


13.4 DESIGN FOR SHEAR IN PLATE GIRDERS WITHOUT DIAGONAL 
TENSION FIELD ACTION (AISCM, SECTION G2) 


Due to the relatively thin webs used in plate girders, the design for shear is more compli- 
cated than for rolled sections. In fact, there are two approaches available for designing for 
shear in plate girders. One method accounts only for the buckling strength of the web, while 
the second method accounts for the post-buckling strength of the web panels between stiff- 
eners as a result of diagonal tension field action. Therefore, unless diagonal tension field ac- 
tion is to be relied on, it is recommended that sufficient web thickness be used to avoid the 
need for stiffeners. 

For unstiffened and stiffened webs of doubly symmetric and singly symmetric shapes 
subject to shear in the plane of the web, the design shear strength is given as 


bV, = $0.6F,,A,C,, (13-12) 
where 
ob = 0.9, 


Ay, = Overall depth of built-up section times the web thickness = d,,, 
F,,, = Yield strength of the web material, and 


Web shear coefficient, C,, and shear parameter, k,, are obtained from Table 13-6 and 
Table 13-7, respectively, as a function of the web depth-to-thickness ratio. 


Stiffened Webs Without Diagonal Tension Field Action 


Without diagonal tension field action, the transverse stiffeners, if provided, are there to pre- 
vent web buckling. Transverse stiffeners are not required if one of the following conditions 
is satisfied: 


h E 
— = 2.46, /— 


yw 


w 
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Table 13-6 Web shear coefficient, C, 


Web Depth-to-Thickness Ratio, h/t, Web Shear Coefficient, C, 


1.51Ek, 
(hy) Ey 


or 
e V, = OV, fork, = 5. 


For all other conditions, transverse stiffeners are required and the spacing, a, and thickness, 
t,,, of the stiffener must be selected to satisfy the following conditions: 


eg ahd 
where 
I, -. = Moment of inertia for a pair of stiffeners (i.e., stiffeners on both sides 
of the web) about a horizontal axis at the centerline of the web (see 
Figure 13-5a) 
_ ter( 2D, + fy 
12 , 
I, .. = Moment of inertia for a single stiffener about a horizontal axis at the face 


of the web in contact with the stiffener (see Figure 13-5b) 


Table 13-7 Shear parameter, k, 


Web Depth-to-Thickness Ratio, h/t, Shear Parameter, k, 


h 
Unstiffened web of |-shaped members with - < 260 


‘W 


200 
h/ty 


a a 
Stiffened web with h =3or h = ( 


2 


a a 
Stiffened web with — > 30r— > 
h h ( h/ty 


a = Horizontal clear distance between transverse stiffeners, and 
h = Clear distance between the flanges for welded plate girders. 
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4, 


L 
(aa 


a. stiffener pairs b. single stiffener 
Figure 13-5 Plan view of web Stiffeners. 


ty( Dy)? b,\?2 
= ‘ z ats td 2) > 
12 “\2 
2.5 
= 5 2 20:5, 
(a/h)° 
t,, = Thickness of transverse stiffener, and 
b,, = Width of transverse stiffener perpendicular to the longitudinal axis of the 
girder. 


13.5 DIAGONAL TENSION FIELD ACTION IN PLATE GIRDERS 


(AISCM, SECTION G3) 


When a stiffened plate girder is loaded, it continues to support loads even after initial buck- 
ling of the web panels between the transverse stiffeners [3]. After this initial web buckling, 
diagonal tension fields develop in the webs of the plate girder between the stiffeners during 
the post-buckling phase, leading to an increase in the strength of the plate girder. The for- 
mation of these diagonal tension bands, or fields, during the post-buckling phase are balanced 
by vertical compression bands in the transverse stiffeners (which are assumed to support no 
loads prior to web buckling), thus creating a Pratt truss-like load-carrying mechanism [3] 
as shown in Figure 13-4. The consideration of diagonal tension field action, which is only 
permitted if certain conditions are met and if the web plate is supported on all four sides by 
the flanges and the stiffeners, can increase the load capacity of a plate girder by up to two 
to three times the initial web-buckling capacity [3]. It should be noted, however, that in the 
AISC specification, it is not mandatory to consider tension field action in the design of plate 
girders [4]. 

The AISC specification does not permit diagonal tension field action to be considered 
for the following situations: 


e End panels in stiffened plate girders cannot fully develop tension field action because 
the end panels are typically narrow and thus the vertical shear in the plate girder is 
resisted by beam action in this panel. 
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260 \* 
e Built-up sections with web members for which — 3 or ; 2 (*) because for 
h 


these a/h ratios, the diagonal tension bands become too flat to function effectively as 
truss members. 


Ww 


. 2A,, h oh 
e Built-up sections with ————— > 2.5, or — or — > 6.0. 
Bee Ap De Op 


The design shear strength, when the diagonal tension field is considered and the tension 
field is assumed to yield, is given in Table 13-8. 


where 
b = 0.9, 
k, and C, have been defined previously in Table 13-6 and Table 13-7, respectively, 


Ay 


;, = Compression flange area = by. ti, in, 

Aj = Tension flange area = bg ty, in”, 
byes te = Compression flange width and thickness, respectively, in., 
bin t = Tension flange width and thickness, respectively, in., 

F,,, = Yield strength of the web material, 


yw 


A,, = Overall depth of the built-up section times the web thickness = df,,, and 


a and h are as previously defined in Section 13.4. 


Stiffened Webs with Diagonal Tension Field 
Action Considered 


When diagonal tension field action is considered, the transverse stiffeners must satisfy the 
requirements indicated below. Transverse stiffeners do not have to be used if one of the fol- 
lowing conditions is satisfied: 


h E 
e — = 2.46, | — 
ty Py 


or 
° V, < OV, fork, = 5. 


IA 


Table 13-8 Design shear strength with diagonal tension field action (i.e., post-buckling 
strength considered) 


Web Depth-to-Thickness Ratio, h/t, Design Shear Capacity, oV, 


0.6F Ay 


1-¢ 
0.6F,,A, { C, 4 
me ( 1.15V1 + =a) 
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For all other conditions, transverse stiffeners must be provided and the spacing, a, and thick- 
ness, ¢,,, of the stiffener must be selected to satisfy the following conditions: 


b 


st E 
— = 0.56, /—, 
Tsp F y.st 


Fy V, 
Ag > | o1sD snc =- c+ - 1873 | > 0, and 
F ov, 


y,st 


3 . 
‘a = at, Js 
where 


C, = As defined earlier in Table 13-6, 

= Moment of inertia for a pair of stiffeners (i.e., stiffeners on both sides 
of the web) about a horizontal axis at the centerline of the web (see 
Figure 13-5a) 
tl 2D, + bi 

7 1D) 

= Moment of inertia for a single stiffener about a horizontal axis at the face 
of the web in contact with the stiffener (see Figure 13-5b) 
ta(Dyr)” bay 
ak ey) +4 tool 2) ; 

12 2 
2.5 
j= — 2205, 
1 (a/hy 


t,, = Thickness of the transverse stiffener, 


St,Z—-Z 


= Width of the transverse stiffener perpendicular to the longitudinal axis of 
the girder, 


= = Stiffener width-to-thickness ratio, 


= Yield strength of the stiffener material, 
F,,, = Yield strength of the web material, 
= 1.0 for stiffeners in pairs 


= 1.8 for single-angle stiffeners 


2.4 for single-plate stiffeners, 
V,, = Factored shear force or required shear strength, and 


oV,, = Design shear strength. 


13.6 CONNECTION OF WELDED PLATE GIRDER COMPONENTS 


The connections of the components of a welded plate girder include the fillet welds at the 
flange-to-web interface, the fillet welds at the transverse stiffener-to-web interface, and the 
fillet welds at the bearing stiffener-to-web interface. For very long span girders, it might 
also include the welds at the flange and web splice locations. 
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Connection of Plate Girder Flange and Web 


The connection between the flange plate and the web plate of the built-up section can 
be achieved by using intermittent or continuous fillet welds, with the latter more 
commonly preferred in design practice. However, care should be taken with continuous 
fillet welds, especially for thin plates, as this could lead to a distortion in these plates, 
creating undesirable residual stresses. The horizontal shear force per unit length or shear 
flow at the interface between the web plate and the flange plate is calculated as 
follows [1]: 


ViQy 
a 5 (13-13) 


where 


V,, = Factored vertical shear force, kips, 


Q, = Statical moment of the flange area about the neutral axis of the built-up 
section, in.°, and 


I, = Moment of inertia of the built-up section about the strong axis (x—x), in.*. 


Although the vertical shear force, V,, may vary along the length of the girder depending on 
the loading, and thus the required weld size will also vary, it is practical to use the maximum 
factored shear force in the girder in equation (13-13) and to provide a constant size of fillet 
weld to resist the horizontal shear flow, v,. 


Connection of Intermediate Stiffeners to Girder Web 
(AISCM, Section G2.2) 


The intermediate stiffeners are connected to the web with intermittent fillet welds, and 
the end distance between the intermittent stiffener-to-web fillet weld and the nearest toe 
of the web-to-flange fillet weld shall not be less than 42,, nor more than 674,, (see Figure 13-6). 


tw 
width of 
stiffeners, b, — es Se, 
< 64, 
< 161, \ 
< 10" stiffener 


Figure 13-6 Spacing requirement for the stiffener-to- 
web weld. 
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The clear spacing between the web-to-stiffener fillet welds shall not be greater than 161,,, 
or 10 in. Pairs of stiffeners do not have to be connected to the compression flange, but 
to the web only. Single stiffeners should be connected to both the web and the compres- 
sion flange. 


Connection of Bearing Stiffeners to Girder Web 


The bearing stiffeners are connected to the girder web with continuous fillet welds on both 
sides of the stiffener plate because bearing stiffeners are direct load-carrying elements that 
have to transfer the support reactions into the girder web. The design of bearing stiffeners 
has already been discussed in Chapter 6. 


13.7 PLATE GIRDER PRELIMINARY DESIGN 


In the preliminary design of plate girders, it can be assumed that the web resists all of the 
vertical shear force and the flanges resist all of the bending moments. The design procedure 
is as follows: 


1. 


NNW Nr ff W 


Calculate the maximum factored moment, M,, and maximum factored shear, V,,, ini- 
tially neglecting the self-weight of the plate girder. 


. Assume that the plate girder overall depth, d, is between L/8 and L/12 [1]. Ford = 


48 in., it is recommended that a sufficient web thickness be provided to avoid the use 
of transverse stiffeners. Even for d > 48 in., as few stiffeners as possible should be 
used to minimize the cost of fabrication [2]. 


. Assume a flange width, b, > d/6, but preferably greater than 12 in. [2]. 

. Assume that the couple of forces in the bottom and tension flange, T,, = C, ~ M,/0.95d. 
. Assume that the initial flange thickness, t, = T,/0.9F, by > % in. 

. The depth of the web, h = d— 2tp. 

. Select a web thickness, f,,, that meets the proportion limits given in Table 13-2, but it 


should be greater than or equal to % in. [2]. 


13.8 PLATE GIRDER FINAL DESIGN 


Using the size obtained from the preliminary design above, the procedure for the final design 
is as follow: 


i 


2. 


Calculate the self-weight of the plate girder and recalculate the total factored mo- 
ment, M_,, and the total factored shear, V,,, on the plate girder. 

Decide whether or not to take into account diagonal tension field action. Note that it 
is not mandatory to account for the post-buckling strength of stiffened webs resulting 


from diagonal tension field action. 
a. If the diagonal tension field action is not considered, stiffeners should not be 
used and a sufficient web thickness should be provided. 


b. If diagonal tension field action is to be used, then select a stiffener spacing such 
that the a/h ratio is between 1.0 and 2.0. 
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. With the trial section selected in the preliminary design phase, determine the design 
moment capacity, bM,,, considering all four possible limit states (see Section 13.3). 
The smallest M,, is the design moment capacity of the built-up section. 

. Determine k, from Table 13-7, and C, from Table 13-6. 


5. Based on the choice made in step 2 regarding diagonal tension field action, deter- 
mine the design shear strength, V,,. 

. Check deflections and vibrations as discussed previously in Chapters 6 and 12, 
respectively. 

. Design the bearing stiffeners at the support reactions or at concentrated load 
locations as discussed in Chapter 6. 


. Design the fillet welds required at the flange-to-web interface and the stiffener-to- 
web interface. 


EXAMPLE 13-1 


Design of a Welded Transfer Plate Girder 


A five-story building has the elevation shown in Figure 13-7. The building has typ- 
ical column grids at 30 ft. on center in both orthogonal directions. The floor dead load 
is 100 psf and the live load is 50 psf. The roof dead load is 30 psf with a flat roof snow 
load of 40 psf. In order to span over a large atrium area at the ground floor, a series 


Roof 


5th 


4th 


3rd 


2nd 


30'-0" 


Figure 13-7 Interior building section for Example 13-1. 
(continued) 
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of transfer plate girders spanning 60 ft. and spaced at 30 ft. on center are to be used 
at the second-floor level. Design a typical interior second-floor transfer plate girder 
to support the column loads from above, as well as the second-floor load. Neglect any 
live load reduction and ignore diagonal tension field action. Assume grade 50 steel 
and assume the compression flange is fully braced. 


SOLUTION 


Second-Floor Load on Transfer Girder 
At this preliminary stage, we will initially neglect the self-weight of the girder, but this 
will be calculated later in the final design stage. 


Tributary width of girder = 30 ft. 


Assume that the infill beams are to be spaced such that a uniform floor load can be 
assumed on the girder. Therefore, the uniformly distributed loads on the girder are 


(100 psf)(30 ft.) = 3000 Ib./ft. = 3 kips/ft., and 
(50 psf)(30 ft.) = 1500 Ib./ft. = 1.5 kips/ft. 


Wp 


WL 
The column loads are calculated as 


Pp = [(30 psf + (3 floors)(100 psf) ](30 ft. x 30 ft.) 
= 297,000 lb. = 297 kips, 
Ps = (40 psf) (30 ft.)(30 ft.) = 36,000 Ib. = 36 kips, and 
P,, = (3 floors)(100 psf) (30 ft.) (30 ft.) = 270,000 Ib. = 270 kips. 


Note that the self-weight of the column has been neglected since this is usually neg- 
ligible compared to the total dead load on the girder. Using the load combinations in 
Chapter 2, the factored uniformly distributed load and concentrated loads on the trans- 
fer girder are calculated as 


w, = 1.2(3 kips/ft.) + 1.6(1.5 kips/ft.) = 6 kips/ft., and 
P, = 1.2(297 kips) + 1.6(270 kips) + 0.5(36 kips) = 806.4 kips. 


u 


A free-body diagram of the transfer girder is shown in Figure 13-8. 


P,,= 806.4 kips 
w, = 6 kips/ft. 
V,, = 583.2 kips V,, = 583.2 kips 


L = 60 ft. : 


Figure 13-8 Free-body diagram of simply supported transfer 
girder. 
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The factored or required shear and bending moment are calculated as 


60 ft. 806.4 kips 

v= 6 ips/te( ; ; P* = 583.2 kips, and 
60 ft.)? 806.4 kips(60 ft. 

M, = 6 kips/ft- 5 + S ) 


14,796 ft.-kips, respectively. 


Preliminary Design 


. M, = 14,796 ft.-kips and V, = 583 kips 

. Assume a plate girder overall depth, d = L/10 = (60 ft.) (12)/10 = 72 in. 

. Assume a flange width, b, = d/6 (= 12 in.) = 72 in./6 = 12 in. Try by = 15 in. 
. The couple of forces in the bottom and tension flange is 


BWP 


Me 14,796 ft.-kips 
0.95d 0.95(72 in./12) 


Ir, fae C,, 2596 kips. 


I 2596 kips 
0.9F,by  0.9(50 ksi) (15 in.) 
= 3.84 in. = % in. 


5. Assume an initial flange thickness, ip = 


Wy Ge = & iin 
6. Depth of web, h = d— 2t, = 72 in. — (2)(4 in.) = 64 in. 
7. From Table 13-2, assuming an unstiffened web, the minimum web thickness is 


t, = h/260 = %in. 
64/260 = 0.25 in. < in. 


Based on shear strength and web compactness, which will be checked later in this 
example, a 4-in. web will not be adequate. 

Therefore, try ¢,, = 0.75 in. 

The trial plate girder cross section resulting from the preliminary considerations 
above is shown in Figure 13-9. 

After the preliminary sizing of the plate girder, the final design is now carried out 
as follows: 


1. Using the preliminary size selected, the self-weight of the plate girder is now 
calculated. 


Total area of the trial plate girder = (15 in.)(4 in.)(2 flanges) + (64 in.)(0.75 in.) 
= 168 in? 


With the density of steel of 490 Ib./ft.°, the self-weight of the plate girder is 


( 168 in? 


7 )90 Ib./ft.3 = 572 Ib./ft. ~ 0.6 kips/ft. 


(continued) 
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[ane 


Figure 13-9 Trial plate girder for Example 13-1. 


The revised factored shear and bending moment are 


60ft.\ 806.4ki 
Vi= 66 kips/t( : + P* = 601 kips, and 
(60 ft.)2 806.4 kips(60 ft.) 
M, = 6.6 kips/ft. + 


4 


15,066 ft.-kips, respectively. 


2. To avoid using stiffeners, we will ignore the diagonal tension field action and 
thus ignore the post-buckling strength of the plate girder as well. Consequently, 
sufficient web thickness will be provided to avoid the use of intermediate stiff- 
eners. The upper limit of the web depth-to-thickness ratio for a compact web is 
given in Table 13-1 as 


E 29,000 ksi 
Shiloh) a ko | ne — 20) 
iB, 50 ksi 


The web thickness from step 7 of the preliminary design, ¢,, = 0.75 in. 


Therefore, the web-depth-to-thickness ratio is 
h/t,, = 64 in./0.75 in. = 85.3 < 90.55 OK 


Therefore, using Table 13-1, we conclude that this built-up section has a com- 
pact web and therefore the plastic moment capacity of the section, M,, is 
attainable. However, for illustrative purposes, we will still check the four 
limit states of flexure in Step 3. 


= (64 in.)(0.75 in.) = 48 in? 
= (isan 4 in) = 60 1n 


> 
| 
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Be ait 
Aj 60 


3. The four possible limit states for bending will now be considered (see 
Section 13.3). 
Unbraced length of the compression flange, L, = 0 (1.e., fully braced) 
a. Compression flange yielding 
F, = 50 ksi 


h, = h = 64 in. (welded plate girder with equal flange areas) 
b = 0.9 


From equation (13-8), 


ty (64)(0.75) 
Dict (15) (4) 


= 0.8 < 10.O0K 


a, 


From equation (13-7), 


R, = 1 ( aa \e 51,/=) < 10 
Pe 1200 + 300a,/\z, “ VE/J° ~ 


1 -( 0.8 \( Ca 57 a) 
1200 + 300(0.8) /\ 0.75 50 


= 1.029 > 1.0. 


Therefore, use R,, = 1.0. 
The moment of inertia of the plate girder about the strong axis is 


—_ E ne in)? (15 in.)(4 in) ( n So) 


(0.75 in.) (64 in.) 
ip 


X (2 flanges) + 
= 155,264 in’. 


The distance from the elastic neutral axis to the outermost face of the com- 
pression flange is 


2 iw 
Ye 5) 


= 36 in. 


The elastic section modulus relative to the compression face is 


I, 155,264 
Sy = a 


Ve 36 


= ABP ia, 


(continued) 
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The design moment capacity for this limit state is 


M, = bRygFSye = (0.9)(1.0)(50 ksi) (4312 in.3)/12 
16,173 ft.-kips. 


b. Lateral torsional buckling 
From equation (13-9), 


Pfc 15 in. 
ne i = at = 4.07 in. 


1 1 
rls a ies) ri ‘ 5(08)) 


From equation (13-5), 
E : 29,000 : 
Lo Aly, F, = 1.1(4.07 in.) 50 = 107.8 in. 


The floor deck is assumed to be welded to the top of the plate girder; 
therefore, the lateral unbraced length, L, = 0. 

Since L, = 0 < L,, the lateral torsional buckling limit state is not 
applicable. 


c. Compression flange buckling 


Be Sin, ere [29,000 ksi 345 
2% 24in) ~ 50 ksi a 


Therefore, from Table 13-4, this is a compact flange, and F’.,. = Ip 
From equation (13-10), 


bM, = bRyeFSye = (0.9)(1.0)(50 ksi) (4312 in.3)/12 
= 16,173 ft.-kips. 


d. Tension flange yielding 
Since the plate girder section selected is doubly symmetric, S,, = S,,; 
therefore, the tension flange limit state is not critical. In fact, since this is 
a compact section, the design moment capacity for tension flange yield- 
ing is exactly the same as the design moment capacity for compression 
flange yielding. 


Thus, the design moment capacity for the plate girder, which is the smallest 
strength of all of the four limit states, is 


M, = 16,173 ft.-kips > M, = 15,066 ft.-kips. OK 


h 64 in. 
4. From Table 13-7, considering an unstiffened web with = = 07 ae 
- Hisense 


= 85.33 < 260, therefore, k, = 5 
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The web depth-to-thickness ratio limits, from Table 13-6, are 
k,E (5)(29,000 ksi) 
(110) = 1.10 : = 59.23 
if, 50 ksi 
Por = 73.8 


k,E (5)(29,000 ksi) 
l.37/ =1 = 
Li 50 ksi 

= 85.33 > 73.8 


h 64 in. 


t,  0.75in. 


Therefore, the web shear coefficient can be calculated from Table 13-6 as 


L.51Ek,  1.51(29,000 ksi) (5) 
Cy Seay 5 — = 0.6014. 
(h/t (85.33)°(50 ksi) 


5. Based on the choice made in step 2 to ignore diagonal tension field action, 
determine the design shear strength, V,,. 
From equation (13-12), the design shear strength is 


ov, =a 60.6F,,,A,,C, 


= (0.9)(0.6)(50 ksi)(64 in.) (0.75 in.) (0.6) 
779 kips > V, = 601 kips. OK 


Steps 6 and 7 have not been checked in this case, but these can be done using 
the procedures used previously in Chapter 6. 

6. Check the deflections and vibrations as discussed previously in Chapters 6 and 
12, respectively. 

7. Design the bearing stiffeners at the support reactions or at concentrated load 
locations as discussed in Chapter 6. 

8. Design the fillet welds required at the flange-to-web interface and the stiffener- 
to-web interface. 


Since there are no intermediate stiffeners, only the weld at the web-flange interface 
will be designed for this plate girder. 
The moment of inertia of the plate girder about the strong axis is 


ae E me in)? (15 in,)(4 iny( i. a) 


(0.75 in.\64 in.) 


xX (2 fl a 
(2 flanges) 5 


= 155,264 in.’. 


The statical moment of the flange area about the elastic neutral axis of the built-up 
section is 


Q; = (15 in.) (4 in.) 


(¢ in. 4in. 
+ 


5 5 = 2040 in.’. 


(continued) 
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Maximum factored vertical shear, V, = 601 kips 
From equation (13-13), the maximum horizontal shear force per unit length at the 
web-to-flange fillet weld is 


_ Vir _ (601 kips)(2040 in.’) 
ge ee 155,264 in.4 
= 7.90 kips/in. for welds on both sides of the web. 


Therefore, the shear flow on the fillet weld on each side of the web is 7.90/2 = 
3.95 kips/in. 

A %-in. continuous fillet weld that has a design shear strength of 
(1.392 kips/in.) X (3) = 4.18 kips/in. is adequate to resist the shear flow of 3.95 kips/in. 
However, the minimum weld size from AJSCM, Table J2.4, is % in. for material % in. 
thick and greater. 

With respect to bending and shear, the 72-in.-deep unstiffened plate girder con- 
sisting of two 15-in. by 4-in.-thick flange plates and a 64-in. by “-in.-thick web plate 
as shown in Figure 13-9 is adequate to resist the applied loads and will suffice as the 
final girder selection. The reader should check deflections and bearing as was done 
in Chapter 6 to ensure that they are also within allowable limits. 
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13.10 PROBLEMS 


13-1. What are plate girders? List some conditions that might warrant their use in building structures. 


13-2. List some of the disadvantages of using plate girders in building structures and list one alter- 
native to plate girders in building structures. 


13-3. Determine the moment capacity of the welded built-up section shown in Figure 13-10, which 
has the following dimensions: 


d = 82 in., t; = 2in., by = 13 in, t,, = Ain. 
13-4. What is diagonal tension field action and when does it occur in plate girders? List the condi- 


tions under which a diagonal tension field may be considered in the design for shear in plate 
girders. 
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82" 


<— 


I b= 13" | 


Figure 13-10 Plate girder for Problem 13-3. 


13-5. Repeat the design exercise in Example 13-1, taking into account diagonal tension field action. 


Student Design Project Problem 


13-6. In the student design project building in Figure 1-22, it is desired to create a column-free 
atrium area at the ground floor level by terminating Columns B-3 and C-3 at the second floor. 
Design a transfer girder spanning between Column A-3 and Column D-3 to support the sec- 
ond floor and the loads from Columns B-3 and C-3. Neglect diagonal tension field action. 


CHAPTER 
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Practical Considerations in the Design 
of Steel Buildings 


14.1 RULES OF THUMB AND PRACTICAL CONSIDERATIONS 
FOR STRUCTURAL STEEL DESIGN 


Some design rules of thumb available for the preliminary sizing of structural steel members, 
are presented in Table 14-1. In selecting steel members for buildings, the designer should 
endeavor to use simple details and to use as few different members and connections as pos- 
sible in order to keep the labor cost down since fabrication and erection accounts for more 
than 60% of the cost of structural steel buildings, while materials cost accounts for only 
about 30% [1]. 

In designing the lateral force resisting system for steel structures in seismic design cat- 
egory (SDC) A, B, or C, an R-value of 3.0, corresponding to “Structural steel systems not 
specifically detailed for seismic resistance,” is recommended in order to reduce the complex- 
ity of the member and connection details and hence avoid the increased cost that is associ- 
ated with using higher R-values. In addition, the use of braced frames for the lateral force 
resisting system should be given first consideration in the absence of other requirements 
because of its relative economy when compared to moment frames. For more ductile build- 
ings or structures in SDC D, E, or F, where higher R-values are required, the lateral force 
resisting systems and other building components must be detailed to satisfy the special seis- 
mic detailing requirements in the AJSC Seismic Provisions for Structural Steel Buildings 
(AISC 341-05) [2]. 

If moment frames cannot be avoided, wide-flange sections bending about their strong 
axis should be used as the columns and girders in these frames, and it is recommended that 
no one column in the building be part of any two orthogonal moment frames to avoid columns 
bending about their weak (y-y) axis. 
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Table 14-1 Design rules of thumb [1], [3], [4] 


Structural Steel Components Design Rules of Thumb 


: L seen — 
joists Joist depth = 4 (Use L/20 for floor joists; deeper joists 


may be needed to control floor vibrations.) 


i bE 
Beaisialld) eects Depth = om (Use L/20 for floor beams), and 


3 
Ww 
hrequired = 4 (for uniform loads) or 


ML ; 
hrequired = a (for nonuniform loads), 


where 


w = Unfactored uniform load, kips/Tt., 

L = Beam or girder span, ft., 

M = Unfactored maximum moment, ft.-kips, and 
lrequirea = Required moment of inertia, in. 


L 
Trusses Depth = — 
ee = 12 


L L 
Pl ird Depth = — to — 
ate girders p 8 rv) 


Continuous girders Locate hinge or splice locations between 0.15L and 0.25L, 
where L = Length of the back span. 


Cantilevered roof system Make cantilever length between 0.15L and 0.25L, 
where L = Length of the back span. 


Braced frames and moment Limit lateral drift due to wind to between H/400 and H/500, 
frames subject to wind loads where H = Total height of building. 


Columns Practical minimum size to accommodate beam-to-column and 
girder-to-column connections is a W8 (Some engineers use a 
minimum of W10 for columns). 

The approximate axial load capacity for W-shapes (grade 
50 steel) not listed in the column load tables is 


KL 
bP, ~ 1.5 (20 ~ 0.15 A, 


where 


L = Unbraced length, 
R = Minimum radius of gyration, and 
A, = Gross area of column. 


Optimum bay sizes (roof and Most economical bay size: 


floor) * Rectangular bay size with length-to-width ratio between 
1.25 and 1.50 


° Bay area ~ 1000 ft.” 
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14.2 LAYOUT OF STRUCTURAL SYSTEMS IN STEEL BUILDINGS 


The practical and economic considerations necessary to achieve optimum and functional lay- 
out for the horizontal (roof and floor) systems and vertical lateral force resisting structural 
systems in steel buildings are discussed in this section. 


Layout of Floor and Roof Framing Systems 


The design process for a steel building begins with a review of the architectural drawings 
and the laying out of the roof and floor framing and lateral force resisting systems, taking 
into account architectural, mechanical, and electrical considerations. Issues such as head- 
room limitations, roof or floor openings, and door and window openings must be kept in 
mind when laying out the structural system. The different types of floor and roof fram- 
ing schemes used commonly in design practice are presented in this section. The follow- 
ing design considerations should be taken into account when selecting floor and roof 
framing systems. 


1. For rectangular bays, the beams and joists should span in the longer direction, while 
the girders should span in the shorter direction in order to produce optimum sizes for 
the structural framing. 


2. The roof and floor deck should be framed in a direction perpendicular to the beams 
and joists. 

3. The framing around stair and floor or roof openings should consist of wide-flange 
sections, except for very short spans and lightly loaded members where channel or 
angle sections may suffice. It should be noted that at stair openings, the edge framing 
also supports the stair stringer reactions and partition wall loads. 

4. Use wide-flange steel beams and girders along column grid lines, along the grid 
lines with vertical lateral force resisting systems, and along the perimeter of the 
building. Open-web steel joists should not be used along the perimeter of a 
building since they cannot provide adequate lateral support for exterior cladding 
perpendicular to their span; they should also not be used along grid lines that have 
lateral force resisting systems, unless the joists are specifically designed for these 
loads. 


5. Heavy partition walls should be directly supported directly by a floor beam or girder 
located under and running parallel to the wall. 

6. Roof or floor openings should be located offset from the column grid lines in order 
to minimize interruption of the beam and girder framing. 


Several examples of different roof and floor framing layouts are shown in Figures 14-1 
through Figure 14-5 [5]. 


Layout of Lateral Force Resisting Systems 


The simple shear connections between horizontal members (i.e., beams or girders) and the 
vertical linear members (i.e., columns) in steel buildings behave as pinned joints, and there- 
fore do not provide inherent lateral stability to the structure. Consequently, steel buildings 
must be adequately braced for lateral loads by using braced frames, moment frames, shear 
walls, or a combination of these lateral force resisting systems (LFRS). Moment frames 
provide the most flexibility with regard to architectural considerations since door or window 
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Beams span the —+ 
longer direction aah Mn 


Deck span 


25'-0" 


Girders span the 
shorter direction 
and frame into 


the column flange seine eed 


30'-0" 


Figure 14-1 Simple roof/floor framing layout. 


layouts do not have any adverse effect on the layout of moment frames. On the other hand, 
since the main lateral force resisting members in braced frames are the diagonal brace mem- 
bers, care has to be taken to ensure that the locations of these members do not conflict with 
the locations of doors or windows. Careful coordination with the architect is necessary at 
the preliminary design stage to avoid the unpleasant situation of having to cut or modify the 
diagonal member in a braced frame because a door or window opening is interrupted by the 
brace member. 


r 7 


Outrigger or 


cantilever framing 


Outrigger or 
cantilever framing 


Moment 
a connection 
Continuous girder —_—_] 


supported on top (typical) 
of column cap plate 


NS 
L a 


Figure 14-2 Roof/Floor framing layout with outrigger framing schemes. 
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Locate steel beams and girders 
along column grid lines in both 
orthogonal directions. 


Open-web steel joist 


Moment connection 
through column (typical) 


aa 


Cantilevered joist 
seat (typical) 


Open-web steel joist 


a. Framing plan 


Continuous closure 


a angle or bent plate 


Cantilevered 
joist seat 


b. Joist seat extension 


Figure 14-3 Roof framing with cantilevered a joist seat. 


Braced frames should preferably be located along column lines at partition wall loca- 
tions to help conceal the diagonal brace within the wall, unless the architect intends to ex- 
pose the diagonal braces for aesthetic purposes. The size of the diagonal brace member 
should be selected to fit within the partition wall thickness. X-braced frames with single- 
or double-angle diagonal braces may require the use of gusset plates at the intersection of 
the diagonal members to ensure that the intersecting diagonal X-brace members lie on the 
same vertical plane, thus minimizing the required wall thickness necessary to accommodate 
the diagonal brace members. A typical layout of diagonal bracing in a floor or roof framing 
plan is shown in Figure 14-6. The vertical bracing may be located on the interior or the 
perimeter of the building. 
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Provide drag strut or collector 
along the brace line on grid 
line 2 between grids B and D 


Drag strut also provides lateral 
support to column C-2 


Moment connection 
through column (typical 


~~ 


Note: this framing minimizes the 
number of moment connections 


Figure 14-4 Roof/Floor framing layout with interruption of drag strut and chords. 


Masonry shear walls are frequently used to resist lateral forces in steel buildings, 
in addition to serving as exterior cladding for wind loads perpendicular to the face of 
the wall. In this system, the steel framing resists only gravity loads, and the connec- 
tion between the steel beams or girders and the masonry shear wall is detailed so as to 
prevent the gravity load from being transferred from the steel roof or floor framing 
into the masonry shear wall below. This is achieved by using a connection detail with 
vertically slotted bolt holes as shown in Figure 14-7. This allows the lateral load to be 
transferred from the roof or floor diaphragm to the masonry shear wall without trans- 
mitting the gravity loads to the shear wall. The structural steel is usually erected 
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| Girder 


Cantilever length is 
15%—-25% of the 
girder span, Le. 


aa 


Leg 


Continuous closure 
angle, see Figure 14-5b 


Girder frames over 


we 


Beam the top of the column 
; cap plate 
I } 
The framing along the interior 
0 b li column lines could be a steel 
Dem wen sicen joist beam or a tie joist, except along 


the lines of the lateral force 
resisting system. Tie joists have 
their top and bottom chords 
connected to the column to 
provide lateral stability to the 
column. 


Depending on the edge distance, 
a continuous angle or a bent 

plate may be used to provide 
support for the roof deck. For 
edge distances greater than 12 in., 
outriggers or cantilevered 

joist seats may be used. 


Girder 


! 
_——CBeam Yt. 
——— as ——4 
Open- ies asia joist 
ee —4 
_ ss ———CiBeam ; 


steel joist : 


Edge 
distance 
Continuous 

closure angle or 
bent plate 


Open-web 


Girder 


ee 
— 


b. Roof edge details 


a. Framing plan 


Figure 14-5 Cantilevered roof framing. 


before the masonry shear walls are built; therefore, the building must be temporarily 
braced (usually with guy wires) during construction until the masonry shear walls are 
built. 

Masonry shear walls may also be used in infill frames where the block walls are built 
tightly to the columns and to the underside of the steel beams and girders. In this system, 
both the gravity loads and the lateral loads are resisted by the steel beam/girder and masonry 


wall combination. 
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30'-0" (typical) 


120*-0" 


Figure 14-6 Diagonal bracing layout. 
Diagonal bracing to provide 

lateral support to top of 

masonry shearwall 


Shear transfer element: 


1" to 2" gap to allow y 
vertical deflection of 


framing 


L7 x 4 angle spaced 24" O.C. 
with adhesive anchors into the 
masonry wall and vertically 
slotted holes; anchors to be 


Masonry shearwall ; 
(does not support installed at the bottom of the 
gravity loads) slotted holes 


Figure 14-7 Lateral force transfer details. 
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14.3 DIAPHRAGM ACTION OF ROOF AND FLOOR DECKS 


Deck weld layout for 
diaphragm strength 
(36/5 pattern) 


In addition to supporting gravity loads, the roof and floors of steel buildings also act as 
horizontal diaphragms in resisting lateral loads such as wind or earthquake loads and 
help to transfer the lateral load to the lateral force resisting system. The seismic force for 
the design of diaphragms, chords, and drag struts is determined using the larger of the 
F, seismic lateral force from equations 3-5, 3-7, or 3-14 and the F,,. diaphragm seismic 
lateral force from equation 12.10-1 of ASCE 7 [25]. The horizontal diaphragm (see 
Figure 14-8) consists of the roof or floor deck, the diaphragm chord members perpen- 
dicular to the lateral force, and the drag struts or collectors that are parallel to and lie along 
the same line as the lateral force resisting system [6]. The function of drag struts or 
collectors is to transfer or “collect” (or drag) the lateral force from the roof or floor 
diaphragm into the lateral force resisting system while ensuring that the diaphragm shear 
is uniform. Drag struts, which resist axial tension and compression forces due to wind 
and seismic lateral forces acting in both directions, should be provided along the drag 
lines (i.e., lines of lateral force resisting systems) for the entire length and width of the 
roof and floor diaphragms [7]. The drag beams and their connections have to be designed 
for these axial forces acting in combination with the gravity loads. The beams and 
girders along the drag lines should be designed as noncomposite members for gravity 
loads, even for floors with shear studs, because of the possibility of stress reversals that 


Provide (1)-#12 Tek screw 


Provide (5)-2"O puddle connector between all 
welds per 36" deck width at 
all supports (36/5 pattern). 


supports and at deck edges 
to diaphragm chord angle. 


Figure 14-8 Deck diaphragm weld layout details. 
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may occur due to upward bending caused by the axial compression forces in the drag 
beams. In designing the drag beams for the axial compression forces, the unbraced length 
should be taken as the smaller of the length of the beam between column supports and 
the distance between adjacent infill framing members that are supported by the drag 
beam. The use of drag struts reduces the diaphragm shear compared to cases where the 
lateral force is transferred from the deck directly to the lateral force resisting system 
(LFRS) only within the length of the LFRS. To illustrate these scenarios, if there were no 
drag struts between points B and F in Figure 14-9a, the diaphragm shear would be 50 kips/ 
20 ft. = 2.5 kips/ft. since the lateral shear would be transferred only between points A 
and B (i.e., distributed over the length of the lateral force resisting system only), instead 
of the 0.5 kip/ft. (50 kips/100 ft.) diaphragm shear obtained when drag struts are provided 
between points B and F, making the full 100-ft. length of the diaphragm effective. It is 
recommended that roof or floor openings should not be located adjacent to the drag 
struts, as this increases the shear in the diaphragm and the forces in the drag struts. The 
diaphragm action of the roof or floor deck results in the in-plane bending of the 
diaphragm, with the metal deck subjected to shear forces (or stresses) and the chord 
members and drag struts subjected to axial tension and compression forces. 

The rigidity of a horizontal diaphragm affects the distribution of lateral forces to the 
lateral force resisting systems in a building as already discussed in Chapter 3. In general, 
for steel buildings, concrete-on-metal deck floors can usually be classified as a rigid 
diaphragm if the maximum span-to-width ratio of the diaphragm between adjacent and 
parallel lateral force resisting systems does not exceed 3:1; roof decks can be classified as 
rigid diaphragms if the maximum span-to-width ratio does not exceed 2:1 [8]. As dis- 
cussed in Chapter 3 (see Figure 3-10), the typical diaphragm behaves like a horizontal 
beam in which the metal deck or concrete-on-metal deck web member, acting as the web 
member, resists the lateral shear. Chord members resist the tension—compression couple 
caused by the in-plane moments due to bending of the diaphragm between the adjacent and 
parallel lateral force resisting systems, and the drag struts resist tension and compression 
forces that result from the difference between the uniform deck diaphragm shear and the 
lateral shear in the lateral force resisting system. 

The focus in this section is on the design of the horizontal diaphragms for lateral loads. 
The chord and drag strut forces are usually shown on the structural plans or on elevation 
views of the lateral force resisting systems and these forces are used for the design of the con- 
nections. The design of the chords and drag struts, after the compression and tension forces 
are determined, follows the same approach as presented in Chapters 4 and 5. The common 
standard width for metal, roof or floor decks is usually 36 in. center to center of the end flutes; 
they are usually available in lengths up to 40 ft. The common practice is for the deck to be 
fastened to the steel framing members using 5/8-in.-diameter puddle welds in the flutes. 
Sometimes screws or powder-actuated fasteners are also used. The sidelap connections or 
the attachment of adjacent deck panels to each other, and the attachment of deck panels to 
the diaphragm chords, are made using self-drilling screws, button punching, or welds with 
a spacing not exceeding 2 ft. 6 in [9]. The number of puddle welds for each standard 36 in. 
width of deck can vary from a minimum of three (i.e., 36/3 pattern) to a maximum of nine 
(i.e., 36/9 pattern) (see Figure 14-8). The diaphragm shear strength of a roof or floor deck 
is a function of the number of puddle welds used within a standard deck width and the type 
and spacing of sidelap connections. A typical diaphragm lateral shear strength table, from 
the Steel Deck Institute (SDI) Diaphragm Design Manual (SDI DDMO3) [9], is shown in 
Table 14-2. When the required lateral shear strength cannot be achieved using puddle welds 
and sidelap connections, different and stronger connection materials may be used or a hor- 
izontal bracing system in the plane of the roof or floor may be provided on the underside of 
the deck or, alternatively, more lateral force resisting systems could be provided to reduce 
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Table 14-2 Nominal shear strength for selected diaphragm assemblies 


1.5 in. (WR, IR, NR) Support fasteners: 5/8-in. puddle welds (or equivalent) 
t= 0.0358 in. (20 gage) Sidelap fasteners: #10 screws 


Nominal shear strength, plf 
Fastener | Sidelaps 
layout = span d A b H 4 4 


36/5 
1465 1365 
36/4 


Notes: Courtesy of Steel Deck Institute, Fox River Grove, IL 
1. Shaded values do not comply with the minimum spacing requirements for sidelap connections and shall not be used except with properly spaced 
sidelap connections. 
2. Strength factors: & = 0.55 (EQ) 0) 
= 0.70 (Wind) 
= 0.60 (Other) 
3. Adjusted shear strength due to panel buckling: 
a. Narrow Rib (NR): 815, Intermediate Rib (IR): 865, Wide Rib (WR): 975 
NR: 1065, IR: 1130, WR: 1220 
NR: 925, IR: 985, WR: 1145 
NR: 815, IR: 865, WR: 1070 
NR: 925, IR: 985, WR: 1065 
NR: 815, IR: 865, WR: 1005 


3.00 (EQ) 
2.35 (Wind) 
2.65 (Other) 


>gp ao 
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the span of the diaphragm and hence the diaphragm shear. If a diaphragm system is not 
capable of transferring lateral loads, as in the case of diaphragms with glass skylights, a 
horizontal bracing system in the plane of the roof must be provided on the underside of the 
skylight to transfer the lateral loads to the vertical lateral force resisting system. 


EXAMPLE 14-1 


Design of Horizontal Diaphragms 


The roof framing for a five-story building with a 15-ft. floor-to-floor height is similar 
to that shown in Figure 14-6. The roof deck is 1/-in. by 20-gage metal deck and the 
floor deck is 2%-in. concrete on 3-in. by 20-gage galvanized composite metal deck. 
The building is subjected to a uniform 25-psf wind load in the East-West direction. 
Determine the required size and spacing of the puddle weld and sidelap connection, 
the chord forces along grid lines | and 5, and the drag strut forces along lines A and 
D at the roof level. Assume a standard 36-in. deck width. 


SOLUTION 


The horizontal diaphragm is modeled as a simply supported horizontal beam where 
the supports are the LFRS at both ends of the diaphragm. 

For the East-West wind, the diaphragm spans between the X-brace frames along 
lines A and D in Figure 14-6. Therefore, 


Diaphragm span, / = 90 ft. (for East-West wind), and 
Diaphragm width (parallel to lateral force), b = 120 ft. 


The load tables from the SDI Diaphragm Design Manual will be used to determine the 
diaphragm shear strength that will be compared to the applied factored unit shear [9]. 


15 ft. 
Factored uniform horizontal load on the roof diaphragm, = (1.6)(25 psf (5) 
= 300 Ib./ft. 
: ‘ : 90 ft. 
Maximum factored shear in the diaphragm, V = 300 Ib./ft. yi 
13,500 Ib. 
(90 ft.)? 


Maximum factored moment in the diaphragm, M,,, = 300 lb./ 1 = 


303,750 ft.-Ib. 
Applied factored unit shear in the diaphragm, 
Lateral shear, V 
Va = | Length of diaphragm Cumulative length of diaphragm openings 


parallel to LFRS 7 adjacent to drag struts 
13,500 Ib. 
(120 ft. — 0 ft.) 


112.5 Ib./ft. 


(continued) 
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Determine the diaphragm unit shear strength from the SDI Diaphragm Design Manual: 


Thickness of deck (20 gage) = 0.0358 in. 


Span of deck (between adjacent steel beams or joists) = 7.5 ft. 


Assume four 5/8-in.-diameter puddle welds on a 36-in. deck section (1.e., 36/4 
pattern; this is the minimum weld configuration presented in the SDI Diaphragm 
Design Manual for the 36-in. standard deck width). Assume #10 TEK screws sidelap 
connection spaced at no more than 30 in. on center (0.c.) (7.5 ft./2.5 ft. = 3 spaces, 
which implies two (1.e., 3 spaces — 1) sidelap connections within the span. 

From Table 14-2 (reproduced from page AV-14 of the SDI Diaphragm Design 
Manual), the nominal diaphragm shear strength is v, = 570 Ib./ft. 

The design diaphragm shear strength for a 20-gage deck with a span of 
7.5 ft. = bv, = (0.70)(570 lb./ft.) = 399 Ib./ft. > 112.5 Ib./ft., (where b = 0.70 
for wind) OK 


Chord Forces: 
o Ma, 
Maximum factored chord force, T, = C, = b 
303,750 tL -Ib. 9531 Ib. = 2.53 ki 
120 ft. es nik 


The chord member for this roof framing would typically be a continuous deck closure 
angle. 

Assuming a continuous L3 X 3 X 4 (ASTM A36 steel), the tensile capacity of the 
angle is 


bP, = (0.9)(1.44 in2)(36 ksi) = 46.7 kips > 2.53 kips. OK 


EXAMPLE 14-2 


Drag Strut Forces 


The building in Figures 14-9a through 14-9f is subjected to a factored 100-kips lateral force at the roof level in 
the North-South direction. For each X-brace configuration and layout, calculate the drag strut forces and determine 
which X-brace configuration results in the lowest drag strut forces. 


SOLUTION 


The lateral shear force to be transferred from the diaphragm to the drag struts along the vertical brace lines is 


Beam AB is in compression; beams BC, CD, 
DE and EF are in tension; end connections 
must be designed for axial loads in addition 
to the other loads acting on the connection. 


chord 


roof or 
100k 


— floor deck 
N-S wind 50 kips drag strut 
nee <a 50 kips/100 ft. = 0.5 kips/ft. 
D E F 
+30k +20k +10k 
20ft. 20ft. 20ft. 20ft. 20ft. 
Drag strut beam AB is in compression for N—S wind: 
Pap = (0.5 kips/ft.)(20 ft.) = 10 kips 
Drag strut beams BC, CD, DE and EF are in tension: 
T.zc = (0.5 kips/ft.)(20 ft. + 20 ft. + 20 ft. + 20 ft.) = 40 kips 
Ticp = (0.5 kips/ft.)(20 ft. + 20 ft. + 20 ft.) = 30 kips 
Tne = (0.5 kips/ft.)(20 ft. + 20 ft.) = 20 kips 
Trp = (0.5 kips/ft.)(20 ft.) = 10 kips 
Figure 14-9a 


100 kips 


N-S wind 


eee Eee 


Drag strut beams AB, BC, CD, DE and EF are in compression: 


Pap = (0.5 kips/ft.)(20 ft. + 20 ft. + 20 ft. + 20 ft. + 20 ft.) = 50 kips 
Pac = (0.5 kips/ft.)(20 ft. + 20 ft. + 20 ft. + 20 ft.) = 40 kips 

Pcp = (0.5 kips/ft.)(20 ft. + 20 ft. + 20 ft.) = 30 kips 

Pog = (0.5 kips/ft.)(20 ft. + 20 ft.) = 20 kips 

Pup = (0.5 kips/ft.)(20 ft.) = 10 kips 


Figure 14-9b (continued) 


100 kips 
N-S wind 


Drag strut beams AB, BC and CD are in compression: 


Py = (0.5 kips/ft.)(20 ft.) = 10 kips 
Pac = (0.5 kips/ft.)(20 ft. + 20 ft.) = 20 kips 
Pcp = (0.5 kips/ft.)(20 ft. + 20 ft. + 20 ft.) = 30 kips 


Drag strut beams DE and EF are in tension: 


Toyz = (0.5 kips/ft.)(20 ft. + 20 ft.) = 20 kips 
Tyre = (0.5 kips/ft.)(20 ft.) = 10 kips 


Figure 14-9c 


100 kips 
N-S wind 


20ft. 20ft. 20ft. 20ft. 20ft. 


Drag strut beams CD, DE and EF are in compression: 


Pop = (0.5 kips/ft.)(20 ft. + 20 ft. + 20 ft.) = 30 kips 
Py. = (0.5 kips/ft.)(20 ft. + 20 ft.) = 20 kips 
Prop = (0.5 kips/ft.)(20 ft.) = 10 kips 


Drag strut beams AB and BC are in tension: 


T,xg = (0.5 kips/ft.)(20 ft.) = 10 kips 
T.nc = (0.5 kips/ft.)(20 ft. + 20 ft.) = 20 kips 


Figure 14-9d 
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100 kips 
N-S wind 
aS 
| 20ft. 20ft. | 20ft. | 20ft. | 20ft. 
Drag strut in Drag struts | Drag struts in 
compression in tension compression 
Drag strut beam AB is in compression: 
Pag = (0.5 kips/ft.)(20 ft.) = 10 kips 
Drag strut beams DE, EF, and AC'D are in compression: 
Pop = (0.5 kips/ft.)(0.5)(20 ft.) = 5 kips 
Pog = (0.5 kips/ft.)[(0.5)(20 ft.) + 20 ft.] = 15 kips 
Prop = (0.5 kips/ft.)[(0.5)(20 ft.) + 20 ft. + 20 ft.] = 25 kips 
Drag strut beams BC and ACC are in tension: 
Toc = (0.5 kips/ft.)(0.5)(20 ft.) = 5 kips 
Tisc = (0.5 kips/ft.)[(0.5)(20 ft.) + 20 ft.] = 15 kips 
Figure 14-9e 


Assuming that the drag struts extend through the full length of the building and since there are no openings in 
the diaphragm adjacent to the drag struts, the uniform unit factored shear in the diaphragm 


Lateral shear, V 


7 Length of diaphragm — —_ Cumulative length of diaphragm openings 
parallel to LFRS adjacent to drag struts 
50 kips( 1000) ; 

TO 500 lb/ft. = 0.5 kips/ft. 


The reader should refer to Figures 14-9a to 14-9f for the drag strut forces. For the single X-brace frame the 
configuration with a symmetrically located X-braced frame (i.e., X-braced frame located within bay CD), yields 


(continued) 
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100 kips 
N—S wind 


20ft. 20ft. 20ft. 20ft. 20ft. 


struts in Drag struts 


compression in tension compression 


Drag strut beam EF is in compression: 
Pup= (0.5 kips/ft.)(20 ft.) = 10 kips 


Drag strut beams AB, BC, and AC'C are in compression: 


Poe = (0.5 kips/ft.)(0.5)(20 ft.) = 5 kips 
Pac = (0.5 kips/ft.)[(0.5)(20 ft.) + 20 ft.] = 15 kips 
Pan = (0.5 kips/ft.)[(0.5)(20 ft.) + 20 ft. + 20 ft.] = 25 kips 


Drag strut beams DE and AC'D are in tension: 
Ticy = (0.5 kips/ft.)(0.5)(20 ft.) = 5 kips 
Tne = (0.5 kips/ft.)[(0.5)(20 ft.) + 20 ft.] = 15 kips 
Figure 14-9f 


the smallest drag strut force. If the lateral load on the building is caused by wind, the drag strut force calculated 
in this example is substituted, as W, directly into the load combination equations in Section 2.3 to determine the 
design loads for the drag beams. However, if the lateral load is caused by earthquake, or seismic effects, a spe- 
cial seismic force has to be calculated for the drag struts as discussed in Section 2.3 before substituting into the 
load combination equations to determine the design loads. The special seismic force is 


FE, — FO; = 0.2)S,,.D) 
where 


QO, = Overstrength factor from ASCE-7, Table 12.2-1, (Ensures that structure remains elastic during 
a seismic event.) 


QO; = Drag strut force due to horizontal earthquake 
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= Drag strut forces calculated in Figures 14-9a through 14-9f, 
D = Dead load supported by the drag beams, 
Sps = Design spectral response acceleration at short period (see Section 2.3 and Chapter 3), 


OQ QO; 
(Oe) SpsD 


horizontal component of the earthquake force on the drag strut, and 


vertical component of the earthquake force on the drag strut. 


To illustrate the calculation of this special seismic force for the drag beam BC in Figures 14-9a and 14-9b, as- 
sume Sp; = 0.27, and that the building is located in SDC C, and can be classified as “Steel systems not specifi- 
cally detailed for seismic resistance” (i.e., System H in ASCE-7, Table 12.2-1); therefore, the overstrength factor 
is Qo = 3.0. 

The horizontal seismic forces in drag beam BC is 0) Q- = (3.0)(+ 40 kips) = 120 kips (tension and compres- 
sion). The vertical seismic force in drag beam BC = 0.2 Sp,D = (0.2)(0.27)D = 0.054D. Therefore, the special 
seismic force in the drag beam, E,,, = (40 + 0.054D) kips. To complete the design load calculations for the drag 
beams, this special seismic force is substituted, as the seismic force, E, into the load combination equations in 
Section 2.3. 

Thus, the drag beam-to-column connections will be subjected to combined shear and axial loads. The de- 
sign of simple connections for shear and axial loads has been covered in Chapters 9 and 10. There are several 
possible connection details that could be used to transfer the drag strut force and gravity loads, but the most 
economical method is to use a simple shear connection. In Figures 14-10a and 14-10b, the connection will be 
subjected to vertical and horizontal loads. For the single plate connection (Figure 14-10a), the bolts will sub- 
jected to shear only and the weld to the column will be subjected to both shear and tension. In Figure 14-10b, 
the weld to the supported beam (or drag strut) will be subjected to shear and tension and the bolts connect- 
ing the double angles to the column will also be subjected to both shear and tension. The double angles will 
be subjected as well to prying action (see Chapter 9). An alternative detail would be to provide a shear con- 
nection to resist the gravity loads only and then provide an additional member to transfer the drag strut force 
from the beam to the column (see Figure 14-10c). 


Gravity 
load 


Gravity 
\ load 


Lateral Lateral 


load load 
—=a_$§_ a =a _§_ ae 
Drag strut Drag strut 
a. single plate b. double angle 


Figure 14-10 Drag strut-to-column connections. 


(continued) 


634 


CHAPTER 14 


Gravity 


Lateral 
load 


—=-_§_{_ 


Drag strut 


WT-shape transfers the 
drag strut force to 
the column 


c. drag strut connector 
Figure 14-10 continued 


14.4 TRANSFER OF LATERAL LOADS FROM ROOF AND FLOOR 
DIAPHRAGMS TO LATERAL FORCE RESISTING SYSTEMS 


It is important that the diaphragm shear be adequately transferred to the lateral force 
resisting system; as previously discussed, the drag struts or collectors help make this 
transfer of lateral shear forces possible. Where the roof or floor diaphragm is attached 
directly to the infill beams and girders, the transfer of the lateral shear is direct, since 
the perimeter beams and girders act as the chords and drag struts, and the tops of these 
beams and girders are at the same elevation as the underside of the deck. However, one 
situation in which proper lateral shear transfer is commonly overlooked is shown in 
Figure 14-11. In this detail, the joists are framed in a direction perpendicular to the 
beam or girder framing, and without a drag strut or collector element located between 
the joist seats and welded to the top flange of the roof beams along the vertical brace 
lines, the web of the joist seats will be subjected to bending or racking about its weak 
axis when the lateral force is acting in a direction perpendicular to the joists. To prevent 
this racking effect of the joist seats, a drag strut shear transfer element can be provided 
as shown in Figures 14-10a and 14-10b. However, testing has indicated that standard 
2% inch joist seats have a nominal rollover strength in excess of 8,000 Ib. Using an 
appropriate factor of safety yields a safe working load of 1,920 lb at each joist seat, as 
shown in Figure 14-10c for joist girders with 74 inch seats, the safe working load is 
4,000 1b [10]. The size and spacing of the puddle weld connection between the deck and 
the drag strut element are dependent on the lateral shear transferred from the deck 
diaphragm to the shear transfer element. 


Practical Considerations in the Design of Steel Buildings 635 


Length of shear transfer element 
depends on lateral shear being 
transfered 


Sidelap connections and puddle 
weld size and spacing based on 
diaphragm shear requirements 


HSS 24x24 for joists 
with 2/in. seats; C5x6.7 
for joists with 5in. seats 


Lateral force 


a. Elevation b. Section 


P = 1920 lb (24" seats) 
P = 4000 Ib (7/2" seats) 


c. Joist seat rollover strength 


Figure 14-11 Drag strut shear transfer elements. 


14.5 GIRTS AND WIND COLUMNS 


For exterior wall systems in steel buildings, the maximum vertical distance that the metal 
wall cladding can span is usually limited, and girts or horizontal bending members may need 
to be used to reduce the vertical span of the cladding. The girts, which are usually C-shaped 
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rolled sections or light-gage C- or Z-shaped sections, span between the building columns and 
the wind columns, and are usually oriented with the channel toes pointing downwards to 
prevent moisture or debris from accumulating. The channels support their self-weight through 
bending about their weak axis, and for this reason, hanger or sag rods are typically used in 
these situations to limit the vertical deflection of the channel girt. The sag rods also provide 
lateral bracing for the girts for bending about their strong axis in resisting wind loads from 
the exterior wall cladding (see Figure 14-12a). 


SN, 


SAAS 
oss 


ee es 


C00 


sag rod 


exterior siding 


gap to allow vertical 
ae deflection of framing 
L6x 4x % (LLV) (2)-/" bolts in vert. slotted holes, 
inger tight with lock nuts; install 
iL. bolts at bottom of slotted hole 
W-shape i 


wind column steel bracket to support 
girt at wind column 


\ girt 
b. Wind column connection 


Figure 14-12 Sag rod and wind column details. 
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%" bent plate 


“" plate @ 6'-0" 
maximum spacing 


\_<weld after 
adjustment 


L-shape 


diagonal |_-shape 
brace 


Figure 14-13 Relief angle details. 


Wind columns are vertical structural members that resist wind loads, but do not 
support axial loads. They span from floor to floor and resist bending due to wind load 
applied perpendicular to the face of the exterior wall. Wind columns are used when the 
exterior wall cladding system is unable to span from floor to floor and therefore girts, 
which span between the wind columns and the building columns, have to be used. Since 
the wind columns are not usually gravity-load-supporting elements, the connection 
details for the beams or girders at the top of the column must allow for a vertical 
deflection gap to enable the floor or roof above to deflect without imposing any gravity 
load on the wind column. The deflection gap is achieved by using a vertically slotted 
connection as shown in Figure 14-12b. Note that the wind columns are laterally braced 
by the girts. 


14.6 RELIEF ANGLES FOR BRICK VENEER 


In multistory buildings, horizontal angles supported by the floor framing are normally used 
to support the brick cladding and to provide horizontal expansion joints for the brick veneer 
at each floor level [11]. However, for buildings three stories or fewer and with the brick 
cladding height from top of foundation wall to top of brick cladding not greater than 30 ft., 
the brick cladding is allowed to span the full 30-ft. height without any relief angles. In this 
case, the full height of the brick wall will be supported at the ground-floor level on a foun- 
dation wall; however, adequate provisions should be made in the lateral tie system to account 
for the differential vertical movement between the brick veneer and the building frame. Typ- 
ical relief angle details are shown in Figure 14-13. 


14.7 ACHIEVING ADEQUATE DRAINAGE IN STEEL-FRAMED ROOFS 


Most steel buildings have relatively flat roofs. These types of roofs may be highly 
susceptible to ponding—the tendency for flat roofs to be subjected to increased loads 
due to additional accumulation of rain or melted snow in the deflected areas of a flat 
roof. To avoid drainage problems, the roof slope in steel-framed roofs is achieved in 
one of two ways: 


1. Maintain an essentially flat structural roof framing and use tapered insulation that is 
placed underneath the roofing membrane and on top of the metal roof deck to 
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achieve the roof slope. Since a minimum roof slope of %-in. per 1 foot is recom- 
mended for proper drainage, this option could result in large insulation thicknesses, 


especially at the high points on the roof. 


. The more frequently used method for achieving proper roof drainage is to slope the 


structural roof framing with the high and low points (i.e., drain location) located near 
the columns. A typical roof framing plan layout showing the top of steel elevations 
(TOS) with allowance for proper drainage (i.e., minimum slope of /-in. rise per 1-ft. 


horizontal length) is shown in Figure 14-14. 


Sig ~~ «<TOS=0O".+}=39...~)—)r TOS=0"—” we 
Ff 
= ta = S 
I - = i 
nN \ Nn 
fe) \ O 
EH \ ae 
eh 
T — I 
TOS = Ba ee 
S oS S 
. I i 
fe S S 
i ae a 
T AL I 
ee “TOS = -8%" 
S a We S 
pe —- i 
n Y \ n 
O v \. O 
on 7 \ on 
i TOS = 0" TOS=0" os 
eS L. 


TOS = Top of steel (deck bearing) 
Figure 14-14 Typical roof framing plan with top of steel elevations for proper 


drainage. 
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In Figure 14-14, the tops of steel elevations at columns B-2 and C-2 (.e., the low points) 
to accommodate a minimum slope of /-in. rise per | ft. horizontal length are the larger of 
8% in. (i.e., 35 ft. X “4 in./ft.) or 7% in. (i.e., 30 ft. X 4 in./ft.); therefore, we will assume that 
the top of steel elevation at the low points (i.e., drain locations) is —8% in. relative to the top 
of steel elevation at the high points of the roof. The roof drains will be located near columns 
B-2 and C-2. The roof framing around the roof drain opening usually consists of steel angles 
spanning between the roof joists or roof beams. 

If the infill members in the roof framing in Figure 14-14 were open-web steel joists in- 
stead of steel beams, the top of steel elevations for the girders along grid lines 1, 2, and 3 
will be lowered further by an amount equal to the depth of the joist seat. Typical joist seat 
depths are 2% in. and 5 in., depending on the span of the steel joist. The joist seat depth that 
is appropriate for a given span is usually tabulated in joist manufacturers’ catalogs. For 
example, if a joist with a seat depth of 2% in. were used, the top of steel elevation for the 
girders along lines 1 and 3 would be —2% in. 


14.8 PONDING IN STEEL FRAMED ROOF SYSTEMS 


Ponding occurs when rainwater accumulates on a roof due to progressive deflection. In gen- 
eral, roofs are constructed to be flat, but could have some initial deflection due to the dead 
weight of the roofing and structure. When rainwater accumulates (see Chapter 2 for rain load 
calculations), the roof framing will deflect under the weight of the water; this deflection 
will allow more water to accumulate, thus creating a situation in which instability and even- 
tual collapse could occur. 

Section 1611 of the International Building Code [12] (IBC) requires that roofs with a 
slope of less than % in./ft. be investigated for adequate stiffness so that instability does not 
occur. The IBC also requires that roofs have a primary and secondary drainage system to ac- 
commodate the possibility that the primary system may become blocked. The height of the 
rainwater used for design is the distance from the roof to the inlet elevation of the secondary 
drainage system. Careful attention to the detailing of the roof drains will allow rainwater to 
properly drain from the roof and mitigate the effects of ponding. This detailing, however, is 
usually the responsibility of the project architect. 

The AISC specification provides two methods for determining whether or not a roof 
structure has adequate stiffness to resist ponding: a simplified method and an improved 
method. 

The simplified method states that when the following criteria are met, the roof struc- 
ture is considered adequate with regard to ponding stability: 


C, * 0.9, = 0.25, and (14-1) 
I, = 25(S*)10~°, (14-2) 
where 
ee) Be 
C, = : 14-3 
’ 1071, (14-3) 
ee 32SL,* ree 
S 10%, ’ 


L, = Primary member length between columns (length of the girders), ft., 
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, = Secondary member length between columns (length of the members perpendi- 
cular to the girders), ft., 


S = Spacing of the secondary members, ft., 


= Moment of inertia of the primary members, in.* (reduce by 15% for trusses), 


on ia 


= Moment of inertia of the secondary members, in.* (reduce by 15% for 
trusses), and 


lee] 


‘a = Moment of inertia of the steel deck supported by the secondary members, 
in.“/ft. 


When steel trusses and joists are used, the moment of inertia shall be decreased by 15%. 
When the steel deck is supported by primary members only, then the deck shall be consid- 
ered the secondary member. For a more in-depth analysis (the improved method), the reader 
is referred to Appendix 2 of the AISC specification. 


Design for Ponding in Roof Framing 


Determine whether the framing below is stable for ponding. 


SOLUTION 
From Figure 14-15, 


ate 


L, = 35 ft. 
o = 6a 


14" steel deck, J/= 0.169 in. /ft. 


steel joist 


W16 x 36 
W16 x 36 
24'-0" 


35'-0" 


Figure 14-15 Details for Example 14-3. 
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I, = 448 in4 
I, = 210/1.15 = 182 in.* (15% reduction for a steel joist) 
I, = 0.169 in.4/ft. 
32L,L,'  (32)(35)(24)* 
po BES CIO has, 
1071, 107(448) 
B28 #7 (32)(6)(35)" 
es | _ (32)(6)(35) =e 
1071, 10’(182) 
C, + 0.9C, 0.25 = 00829 + (0:9)(0.1583) = 0.225 < 0.25 OK 


P= 25(S Ome 
0.169 > (25)(6*)10-° = 0.0324 OK 


The roof framing has adequate stability with regard to ponding. 


14.9 STABILITY BRACING FOR BEAMS AND COLUMNS 


Beam and columns require bracing for stability at their support points, as well as at points 
where lateral stability is required for the limit state of buckling. We will consider both cases 
in this section. 

When beams are supported by means of direct bearing on their bottom flange, the top 
flange needs to be restrained against rotation. The AISC specification, Section J10-7 re- 
quires that a full-depth stiffener plate be added when no other restraint is provided. This 
is often the case when a steel beam is bearing on concrete. When the bearing occurs at a 
steel column, for example, a stabilizing angle could be added at the top of the beam (see 
Figure 14-16). 


Angle at top to 
J stabilize beam 


a. Bearing on concrete b. Bearing on steel 


Figure 14-16 Stiffener plate for end bearing. 
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In roof framing with open-web steel joists, there are two basic framing conditions at the 
columns that are commonly used: girders framing into the columns and girders framing 
over the columns. When the girders frame into the column, the column is adequately stabi- 
lized and no further detailing needs to be considered. The steel joists, however, will require 
a stabilizer plate at the bottom chord to meet OSHA regulations. This plate must be at least 
6 in. by 6 in., and it should extend at least 3 in. below the bottom chord of the joist and have 
a 13/16-in. hole for attaching guy wires (see Figure 14-17a). 

When the girder frames over the column, the top of the column needs lateral support 
perpendicular to the length of the girder to prevent lateral buckling. This can be accom- 
plished by either adding a diagonal brace or by extending the bottom chords of the joists to 
brace the column (see Figure 14-17b). 


6"x 6" stabilizer plate added 
for joist stability (bottom 
chord is not welded) 


a. Girder frames into column 


Option 2: Extend bottom chord 
to girder/column connection. 


Weld after dead 
loads have been 
applied. 


Option 1: Add diagonal brace 
from the girder/column 
connection to the nearest top 
chord panel point. 


b. Girder frames over column 


Figure 14-17 Column bracing with steel joists. 
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When beams or columns require lateral bracing to prevent the limit state of buckling, the 
strength and stiffness of the brace have to be checked. When bracing is provided, the axial force 
in the bracing is assumed to act perpendicular to the member being braced. When bracing is ori- 
ented diagonally, the axial force has to be adjusted in accordance with the geometry. Addition- 
ally, the strength and stiffness of the bracing end connections should also be considered. Stability 
bracing should always be located between the neutral or centroidal axis of the beam or column 
and the compression flange (see discussion on lateral torsional buckling in Chapter 6). 

There are also two types of bracing mechanisms that are recognized in the AISC spec- 
ification: relative and nodal bracing. Relative bracing is a line of bracing connected to more 
than one brace point. The movement at a relative brace is controlled with respect to adja- 
cent brace points. A nodal brace is independent and controls movement at only one brace 
point without regard to adjacent brace points. 

Appendix 6 of the AISC specification provides the design strength and stiffness of lat- 
eral bracing as follows: 


Columns—Relative Bracing 
Required strength: 


Pie = 0.004P,, (14-5) 
Required stiffness: 


Buy = ae (14-6) 
br b a 
Columns—Nodal Bracing 
Required strength: 


P,, = 0.01P,, (14-7) 
Required stiffness: 


8P 


u 


14-8 
OL, (14-8) 


Bur = 


Beams—Relative Bracing 
Required strength: 


_ 0.008M,,C, 


14- 
br A (14-9) 


Required stiffness: 


_ 4M,C, 
“a Lh, 


(14-10) 


Beams—Nodal Bracing 
Required strength: 


_ 0.02M,C, 


14-11 
br h ( ) 


oO 
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Required stiffness: 


10M,C, 


= 14-12 
Bu, b ie h, ( ) 
where 

P,, = Factored axial load, 


u 


M 


u 


= Factored bending moment, 
L, = Unbraced length (distance between braces), 
C, = 1.0 for single-curvature bending 
= 2.0 for double-curvature bending, 
h, = Distance between flange centroids, and 
o = 0.75. 


EXAMPLE 14-4 


Lateral Bracing for a Column 


A 32-ft.-long W8 X 31 column requires a lateral brace at midheight of the weak axis. 
Determine whether an L3 X 3 X % nodal brace provides adequate lateral bracing if 
the factored axial load in the column is P,, = 200 kips. The L3 X 3 X “is ASTM 
A36 and has a length of 6 ft. from the column web to an isolated support. 


SOLUTION 


From equation 14-7, the required strength of the brace is 
0.01P, = (0.01)(200) = 2 kips 


From A/SCM, Table 4-11, the design strength of the L3 X 3 X / at an unbraced length 
of 6 ft. is bP,, = 20.9 kips > 2 kips, OK. 
From equation 14-8, the required stiffness of the brace is 


SP, (8)(200) 
bL, — (0.75)(16) 


By = = 134kips/ft. = 11.1 kips/in., 


where L, = 32 ft./2 = 16 ft. (midspan brace). 
From AJSCM, Table 1-7 for an L3 X 3 X /, 


A = i1éa im. 
The stiffness of the brace is 


EA (29,000) (1.44) 
ee 62) 


Bp = = 580 kips/in. > 11.1 kips/in. 


The L3 X 3 X % provides adequate strength and stiffness as lateral bracing. 
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EXAMPLE 14-5 


Lateral Bracing for a Beam 


A 32-ft.-long W18 X 50 beam requires a lateral brace at midspan of a simple span. 
Determine whether an L3 X 3 X % nodal brace provides adequate lateral bracing if 
the factored bending moment in the beam is M,, = 240 ft.-kips. The L3 x 3 X 7 is 
ASTM A36 and has a length of 8 ft. from the compression flange of the beam to an 
isolated support. 


SOLUTION 
From AISCM, Table 1-1, 


h, = 17.4 in. fora W18 X 50 


From equation 14-11, the required strength of the brace is 


0.02M_,C, (0.02)[ (200) (12) ](1.0) ¢ 
br = hb, = (174) = 2.76 kips. 


From AJSCM, Table 4-11, the design strength of the L3 X 3 X / at an unbraced length 
of 8 ft. is bP,, = 12.0 kips > 2.76 kips, OK. 
From equation 14-12, the required stiffness of the brace is 


10M,C,  (10)[(200)(12)](1.0) = 
~ “biyh,  (0.75)[6)(12) 1074) ~— 28 Kissin. 


where L, = 32 ft./2 = 16 ft. (midspan brace) and C, = 1.0 (simple span, therefore sin- 
gle curvature bending). 
From AISCM, Table 1-7 for an L3 X 3 X 4%, 


A = ie“ tin, 
The stiffness of the brace is 


_ EA _ (29,000) (1.44) = 435 kips/in. > 9.58 kips/i 
6, - aD) ps/in. . ps/in. 


The L3 X 3 X % provides adequate strength and stiffness as lateral bracing. 


14.10 STEEL PREPARATIONS, FINISHES, AND FIREPROOFING 


The preparation and finishing of structural steel is generally beyond the scope of responsi- 
bilities of the structural engineer; however, it is important for any designer to have a basic 
understanding of steel coatings because they often impact the detailing and selection of 
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steel members. This section will provide a general overview of steel coatings and fireproof- 
ing, but given the wide variety of paint and fireproofing products available, it is recom- 
mended that the designer reviews the required steel preparation and coating options for any 
given project. 

We will first consider the preparation of steel for the application of coatings. The 
Society for Protective Coatings identifies several preparation methods based on the final 
coating to be applied [13]. When a coating system is selected, the required surface prepa- 
ration is usually dictated by the manufacturer of the coating. Table 14-3 below summarizes 
the various surface preparations that can be specified for steel sections. 

A more detailed description of each method is given in reference 13, but most are self- 
explanatory. When structural steel is intended to be left uncoated, the AISC Code of Stan- 
dard Practice states that SSPC-SP 1 (Solvent Cleaning) is required. Solvent cleaning uses 
a commercial cleaner to remove visible grease and soil. When shop painting is required, 
then the minimum surface preparation is SSPC-SP 2 (Hand Tool Cleaning). Hand tool clean- 
ing removes loose mill scale, rust, and other deleterious matter using nonpowered hand 
tools. The other surface preparations indicated are more labor-intensive and should be spec- 
ified in accordance with the coating manufacturer’s recommendations. 

The use of coatings is a function of several factors, such as aesthetics and the intended 
use of the structure. For most structural steel applications, the use of a shop coat of paint is 
sufficient in that the shop coat provides moderate resistance to environmental conditions 
during the construction process when the steel is directly exposed to the weather. Once the 
steel is in place, adequate protection for weather is usually assured for covered structures. 
It should be noted that structural steel can be left uncoated for this typical condition, and it 
is recommended that the steel be left uncoated when spray-applied fireproofing is used be- 
cause the presence of primer often reduces the adhesion quality of the fireproofing. When 
the term “shop coat” is used to describe a coating, it is assumed that the paint has a mini- 
mum dry film thickness of 1 mil, which is 1/1000th of an inch. 

When structural steel is intended for use in an exterior environment, or in a corrosive 
environment such as an indoor swimming pool, the coating system should be carefully se- 
lected and should be applied in consultation with the coating manufacturer. The coating 


Table 14-3 Description of various steel surface preparations [13] 


SSPC-SP 1: Solvent Cleaning 


SSPC-SP 2: Hand Tool Cleaning 


SSPC-SP 3: Power Tool Cleaning 


SSPC-SP 5: White Metal Blast Cleaning 


SSPC-SP 6: Commercial Blast Cleaning 


SSPC-SP 7: Brush-Off Blast Cleaning 


SSPC-SP 8: Pickling 


SSPC-SP 10: Near-White Blast Cleaning 


SSPC-SP 11: Power Tool Cleaning to Bare Metal 


SSPC-SP 12: Surface Preparation and Cleaning of Metals by Waterjetting Prior to Recoating 
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system for these types of service conditions usually consists of a more extensive surface 
preparation (often SSPC-SP 6, Commercial Blast Cleaning) in conjunction with an epoxy 
primer and a finish coat. In addition to the preparation and painting of the structural steel 
members, there are often field welds at the connections also need a proper coating system. 
The surface preparation for field welds is typically SSPC-SP 11, Power Tool Cleaning to Bare 
Metal, and the coating system would match the system for the other members. Again, it is 
stressed that the variety of products available requires that the coating system for any proj- 
ect be examined on a case-by-case basis to determine the best system for a given exposure 
condition. 

In lieu of the coating systems mentioned above for exterior exposed or corrosive envi- 
ronments, the process of hot-dip galvanizing can be specified. Hot-dip galvanizing is the 
process of coating structural steel with a layer of zinc by dipping it into a tank of molten zinc. 
The zinc layer will react with oxygen to create zinc oxide while in service; therefore, the layer 
will decrease in thickness over time. The minimum thickness of this zinc layer is given in 
ASTM A123; it varies, depending on the thickness of the steel section, from 1.4 to 3.9 mils. 
These minimum values have proven to provide a service life that varies from 20 to 50 years, 
depending on the zinc thickness and the exposure conditions. 

When hot-dip galvanizing is specified with bolted connections, the fabricator may pre- 
fer to use larger bolt holes to accommodate the added layers of zinc. The standard hole size 
is 1/16 in. or 62.5 mils larger than the bolt, but the addition of zinc layers on the bolts and 
at least two connected parts (clip angles or shear tabs) could reduce the ease of installing 
the bolts given that the hole diameter is 62.5 mils larger than the bolt in each connected part 
and that a hole size reduction of as much as 3.9 mils could be present in each connected part. 
For field welds, cold galvanizing repair paint in accordance with ASTM A780 is used to re- 
pair previously galvanized areas affected by welding. 

Structural steel loses strength at high temperatures (e.g., in a fire), so steel members often 
are required to be protected from fire depending on the occupancy category of the building 
and the member type. Steel can be left exposed in some buildings, but in cases where the 
aesthetics require an exposed steel member, as well as adequate protection from fire, a prod- 
uct called intumescent paint could be applied. During a fire event, intumescent paint will ex- 
pand up to 50 times its original thickness, creating a foamlike layer of insulation that will 
help reduce the rate of heat transfer, and therefore the loss of strength, to the steel. Intumes- 
cent paint is usually applied in several layers, varying from 1/8 in. to 5/8 in., depending on 
the product and the required fire rating for the member. Another method used for meeting 
the fire protection requirements for a building with exposed steel is the use of a sprinkler 
system. The use and applicability of this system would be coordinated between the archi- 
tect and plumbing engineer. 

One of the more common methods of protecting steel from fire is to use spray-applied 
fire-resistant materials (SFRM). SFRM can be either fibrous or cementitious, both of which 
have noncombustible properties. The use of primer prior to the application of SFRM is not 
recommended because the primer could reduce the adhesion quality of the SFRM. 

Another common method used for protecting steel members from fire is to provide an 
enclosure, usually composed of gypsum wall board (GWB). This type of protection can be 
specified regardless of the coating used on the structural steel. The steel could also be en- 
cased in concrete or masonry, which was a common method of fire projection in the past, 
but is not as economical today compared with other fire protection methods. 

The selection of a fire protection system is often the responsibility of someone other than 
the structural engineer and it rarely has a major impact on the final design of the main struc- 
tural system. For more information and details on fire-rated assemblies, the reader is re- 
ferred to references 14 and 15. 
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14.11 STRENGTHENING AND REHABILITATION 
OF EXISTING STEEL STRUCTURES 


Additions and renovations to existing buildings are common during the life of a structure. 
These modifications often occur to accommodate the changing use or occupancy category 
of a building. For example, a building addition in which the new building is taller than an 
adjacent existing building would create a condition in which snow can accumulate on the 
lower roof of the existing building. The original roof of the existing building would not 
likely have been designed for this additional snow load and would have to be investigated 
for structural adequacy. Another common change in the use of a roof structure occurs due 
to the addition or replacement of new equipment, that is supported by the roof framing. 
This would also require an investigation into the existing roof framing for structural adequacy. 
Occupancy changes to floor structures are common as well, such as the addition of a high- 
density file storage system to a portion of a floor. In any occupancy change, both strength 
and serviceability must be checked, and in some cases, serviceability can be the primary con- 
cern (e.g., when a structure must support deflection-sensitive elements or if the structure is 
intended to support dynamic loads from equipment or human occupants). 

Chapter 34 of the IBC [12] provides direction for repairs, additions, and occupancy 
changes to existing structures. In general, modifications to existing structures must comply 
with the design requirements for new construction and any modification should not cause 
any part of the existing structure to be in violation of the requirements for new construction. 
Unaffected portions of the existing structure are not required to comply with the current 
code requirements unless an existing member is found to be structurally inadequate, in 
which case it must be modified or replaced to conform to the current code. Another key 
provision is that modifications to an existing structure shall not increase the stress to an ex- 
isting member by more than 5% unless the member can adequately support the increased 
stress, and the strength of any existing member shall not be decreased by more than what 
is required for new construction. For seismic loads, the existing structure does not have to 
be investigated for such loads if the addition is seismically independent of the existing struc- 
ture. If this is not the case, then the existing lateral force resisting system (LFRS) must con- 
form to the requirements for new structures unless the following are met: The addition must 
conform to the requirements for new construction; the addition does not increase the stress 
to any member in the LFRS by more than 10% unless the member is adequate to support 
the additional stress; and the addition shall not decrease the strength of any member in the 
LFRS by more than 10% unless the member is adequate to support the additional stress. 

Once a new occupancy or proposed structural modification is defined, an investiga- 
tion of the existing structural condition is required. If the existing construction draw- 
ings are available, the investigation is simpler; however, drawings for older structures are 
often not available and a more extensive field investigation is required. For any structural 
modification, a field investigation is usually necessary to help assess practical issues, 
such as the constructibility of an addition or alteration. There are often physical barri- 
ers to structural modifications, such as mechanical equipment, lights, ducts, and other 
similar elements. 

Once a structure is examined for adequacy, the nature of the reinforcement can be 
selected. For floor or roof systems that require a relatively large increase in load-carrying 
capacity, the addition of new intermediate beams between existing beams may be required 
as shown in Figure 14-18. This scheme also decreases the span of the deck system and there- 
fore increases the load-carrying capacity of the slab system, which may be desirable in some 
cases. Note that the constructibility of this scheme must be carefully considered. There will 
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New beam 
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Figure 14-18 Additional framing to increase load capacity. 


likely be lights, ducts, and other physical obstructions that might make placing new beams 
difficult or even impossible. Additionally, it may not be possible to install the new beams 
in one piece; a beam splice may be needed (see Figure 11-20). 

The girders in Figure 14-18 would probably require reinforcement to support the new 
design loads. Figure 14-19 shows several possible beam reinforcement details to increase 
the flexural strength of a beam section. In each case, the intent is to increase the section 
properties by adding more steel near the flanges or by increasing the depth of the section. 
Noncomposite beams usually need reinforcement at both flanges; however, it is not usually 
possible to add reinforcement at the top flange due to the likely presence of a deck system. 
Composite beams usually only require reinforcement at the bottom flange since additional 
compression stresses can often be resisted by the concrete slab. The position of the field 
weld should be considered when selecting a reinforcement detail. Note that in the details 
in Figures 14-19a, 14-19c, and 14-19d, the reinforcing steel is wider than the flange of the 
existing beam, which allows for the desirable downward field weld. The use of a wider steel 
section rather than a smaller steel section would likely be preferred as reinforcement in 
these cases regardless of material cost, to avoid an overhead welding. 

Noncomposite and partially composite floor beams can also be reinforced to increase 
their degree of composite action, and therefore their load-carrying capacity, as shown in 
Figure 14-20. To accomplish this for noncomposite beams and girders, round holes are cut 
into the slab along the length of the beam to allow for the placement of a shear stud. The size 
of the hole must be such that the code-required clearances are provided around the shear stud 
(see Chapter 7). A new shear stud is then placed and the hole is filled with shrinkage- 
compensating cementitious grout. It is possible to increase the degree of composite action 
of an existing partially composite beam by adding new shear studs, but it is difficult to ac- 
complish given that the location of the existing shear studs may not be easy to discern. 

Open-web steel joists can also be reinforced to increase their load-carrying capacity. The 
investigation of these members is usually more difficult because the individual web and 
chord shapes can usually only be determined by a field investigation. Furthermore, the 
geometry of the truss members likely has joint eccentricities that must be accounted for in 
the analysis. 

Figure 14-21 shows common joist reinforcement methods. In Figure 14-21a, round 
bars are added near the top and bottom chords to increase the flexural strength and stiffness 
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Figure 14-19 Flexural reinforcement of beams. 


of the overall open-web steel joist. The web members may also require reinforcement to sup- 
port additional loads. In Figure 14-21b, new web members are added adjacent to existing 
web members to increase the axial load capacity of the existing web member. Figure 14-21b 
also shows the reinforcement of a joist when a concentrated load is applied away from a panel 
point. When loads are applied away from panel points, the section properties and therefore 
the flexural strength of the chords are such that they cannot support concentrated loads of 
any significance (200 Ib. is a common upper limit on concentrated loads away from a panel 
point). In this detail, a new web member is added from the concentrated load to the nearest 
panel point to ensure that the concentrated load is resisted by direct tension in a web mem- 
ber rather than by bending of a chord member. 

When beam members are reinforced to support additional loads, it is also important to 
consider the strength of the connections and any other elements along the load path. Two 


Practical Considerations in the Design of Steel Buildings 651 


New shear stud 


Saw-cut hole in 
existing slab 


Shrink-compensating 
cementitious grout 


Existing noncomposite 
beam and slab system 


Flexural reinforcement 
(if required) 


Figure 14-20 Reinforcement of a noncomposite or partially 
composite beam. 
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Figure 14-21 Flexural reinforcement of steel joists. 
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possible shear reinforcement details are shown in Figures 14-22a and 14-22b. In these de- 
tails, welds are added to existing bolted connections, which is a common method of rein- 
forcing existing connections. The AISC specification does not give much guidance on the 
design of connections that combine both welds and bolts; however, reference 16 provides 
some background on the use of such details. One important parameter in the use of a com- 
bined welded and bolted connection is the use of welds that are oriented longitudinally with 
respect to the load direction. Test results have shown that when bolts are loaded in combi- 
nation with transverse welds, the contribution of bolt shear strength is negligible, but when 
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Figure 14-22 Reinforcement of connections. 
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bolts are loaded in combination with longitudinal welds, the contribution of bolt shear is 
about 75 percent of the ultimate strength of the bolts [16]. 

In lieu of adding additional steel components to an existing connection, it may be pos- 
sible to completely remove and replace the existing connection, or some selected compo- 
nents of the existing connection, such as the replacement of A325 bolts with A490 bolts. An 
existing welded connection could also be reinforced by the placement of additional weld 
length or by increasing the weld size. 

The end connections of open-web steel joists can be reinforced by the addition of ver- 
tical stiffeners at the bearing points as shown in Figure 14-22c. 

The load-carrying capacity of columns can be increased by the addition of steel shapes, 
similar to the reinforcement for beams. Figure 14-23 shows several possible column rein- 
forcement details. The addition of steel shapes to an existing column will increase the col- 
umn design strength because of the additional area of steel and because the location of the 
steel sections could increase the radius of gyration, thus decreasing the column slenderness 
ratio, leading to an increase in the design compressive strength. 


Existing 
column 


New plates 


New plates 
Existing 
column 


Figure 14-23 Column reinforcement. 
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One common issue with older steel structures is the weldability of the existing material. 
Steel replaced wrought iron as a building material after about 1900, but the chemical and 
mechanical properties were not initially standardized and thus some of the steel was weld- 
able, but some was not. One could quickly determine the weldability of an unknown steel sec- 
tion by looking for existing welds on the member which would indicate that the steel is 
weldable. From about 1910 to 1960, most steel used in buildings was ASTM A7 or AY, which 
is a medium carbon steel and is generally weldable; however, it has a relatively wide range 
of acceptable carbon content and should therefore be tested prior to welding (see ref. 17 for 
the test method). After about 1960, ASTM A36 and A572 were primarily used in building con- 
struction, and these steels are weldable. 

Another important consideration in the reinforcement of existing members is the use of 
shoring to relieve existing stresses. When existing members are shored, the strength of the 
reinforced section is maximized, but it may not be possible in some cases to use shoring. 
Columns are usually not shored prior to reinforcement because it has been shown that the 
addition of shoring does not significantly increase the load-carrying capacity of a reinforced 
section [18]. 

The design of the shoring and reinforcement for existing composite beams must con- 
sider several factors. If the existing structure was constructed with shoring prior to the place- 
ment of the concrete slab, then shoring can be used to reinforce the existing member since 
the dead and live loads on the member were applied after the concrete hardened. If the 
existing structure was not constructed without shoring prior to the placement of the concrete 
slab, then it is not recommended to use shoring while adding the reinforcement. When re- 
inforcement is required for an unshored floor system, then any unnecessary dead and live 


loads should be removed from the floor area while the reinforcement is being installed. 
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APPENDIX A 


OPEN—WEB STEEL JOIST AND JOIST GIRDER TABLES 


STANDARD LRFD LOAD TABLE 


OPEN WEB STEEL JOISTS, K-SERIES 


Based on a 50 ksi Maximum Yield Strength 
Adopted by the Steel Joist Institute May 1, 2000 
Revised to November 10, 2003 — Effective March 01, 2005 


The black figures in the following table give the TOTAL safe 
factored uniformly distributed load-carrying capacities, in 
pounds per linear foot, of LRFD K-Series Steel Joists. The 
weight of factored DEAD loads, including the joists, must be 
deducted to determine the factored LIVE load-carrying capac- 
ities of the joists. Sloped parallel-chord joists shall use span as 
defined by the length along the slope. 


The figures shown in RED in this load table are the unfactored 
nominal LIVE loads per linear foot of joist which will produce 
an approximate deflection of 1/360 of the span. LIVE loads 
which will produce a deflection of 1/240 of the span may be 
obtained by multiplying the figures in RED by 1.5. In no case 
shall the TOTAL load capacity of the joists be exceeded. 


The approximate joist weights per linear foot shown in these 
tables do not include accessories. 


The approximate moment of inertia of the joist, in inches¢ is; 


|, = 26.767(W\,)(L9)(10°6), where Wu= RED figure in the 
Load Table and L = (Span - 0.33) in feet. 


For the proper handling of concentrated and/or varying loads, 
see Section 6.1 in the Code of Standard Practice for Steel 
Joists and Joist Girders. 


Where the joist span exceeds the unshaded area of the 
Load Table, the row of bridging nearest the mid span shall be 
diagonal bridging with bolted connections at the chords and 
intersections. 


LRFD 


STANDARD LOAD TABLE FOR OPEN WEB STEEL JOISTS, K-SERIES 
Based on a 50 ksi Maximum Yield Strength - Loads Shown in Pounds per Linear Foot (plf) 


Joist 
Designation | 8K1 |] 10K1 || 12K1 | 12K3 | 12K5 || 14K1 | 14K3 | 14K4 | 14K6 || 16K2) 16K3 | 16K4 | 16K5 | 16K6 | 16K7 | 16K9 
Depth (in.) 8 10 12 12 12 14 14 14 14 16 16 16 16 16 16 16 
Ape) 54 5.0 5.0 57 7A 52 | 60 | 67 77 55 | 63 | 70 | 75 | 84 86 | 10.0 
‘Span (ft.) 
C7 
8 825 
550 
9 825 
550. 
10 825 || 825 
480_|| 550 
11 798 || 825 
377_||_ 542 
2 666 || 625 || 625 | 825 | 825 
28 || 455 || 550 | 550 | 550 
3 565 || 718 || 825 | 825 | 825 
225 || 363 || 510 | 510 | 510 
14 486 || 618 || 750 | 825 | 825 || 625 | 625 | 625 | 625 
i179 || 289 || 425 | 463 | 463 || 550 | 550 | 550 | 550 
5 421 537 | 651 | 814 | 625 || 766 | 825 | 825 | 825 
145 || 234 || 344 | 428 | 434 475 | 507 | 507 | 507 
16 369 || 469 || 570 | 714 | 825 || 672 | 825 | 825 | 825 || 625 | 625 | 625 | 625 | 825 | 825 | 825 
119 t92_|| 282 | 351 | 396 || 390 | 467 | 467 | 467 || 550 | 550 | 550 | 550 | 550 | 550 | 550 
7 415 || 504 | 630] 825 || 592 | 742 | 825 | 825 || 768 | 625 | 825 | 825 | 825 | 825 | 825 
159 || 234 | 201 | 366 || 324 | 4oa | 443 | 443 || aaa | 526 | 526 | 526 | 526 | 526 | 526 
18 369 || 448 | 561 | 760 || 528 | 661 | 795 | 825 || 684 | 762 | 825 | 825 | 825 | 825 | 825 
134 197_| 245 | 317 || 272 | 339 | 397 | 408 || 409 | 456 | 490 | 490 | 490 | 490 | 490 
19 331 402) 502 | 681 472 | 592 | 712 | 825 || 612 | 682) 620 | 825 | 825 | 825 | 825 
113 167_| 207 | 269 || 230 | 287 | 336 | 383 || 347 | 3a6_| 452 | 455 | 455 | 455 | 455 
20 298 || 361 | 453 ] 613 || 426 | 534 | 642 | 787 || 552 | 615 | 739 | 625 | 825 | 625 | 625 
97 142 | 177 | 230 197_| 246 | 287 | 347 || 297 | 330 | 386 | 426 | 426 | 426 | 426 
2A 327] 409 | 555 || 385 | 483 | 582 | 712 || 499 | 556 | 670 | 754 | 822 | 825 | 625 
123 | 153 | 198 170 | 212 | 248 | 2909 || 255 | 285 | 333 | 373 | 405 | 406 | 406 
22 298 | 373 | 505 || 351 | 439 | 529 | 648 || 454 | 505 | 609 | 687 | 747 | 825 | 825 
106 | 132 | 172 147_| 184 | 215 | 259 || 222 | 247 | 289 | 323 | 351 | 385 | 385 
23 271] 340 | 462 || 321 | 402 | 483.) 592 || 415 | 462 | 556 | 627 | 682 | 760 | 825 
93 116 | 150 128 | 160 | 188 | 226 194 | 216 | 252 | 282 | 307 | 339 | 363 
24 249] 312 | 423 || 294 | 367 | 442 | 543 || 381 | 424 | 510 | 576 | 627 | 697 | 825 
81 to1_| 132 113 | 141 | 165 | 199 i7o_| 189 | 221 | 248 | 269 | 208 | 346 
25 270 | 339 | 408 | 501 351] 390 | 469 | 529 | 576 | 642 | 771 
too | 124 | 145 | 175 150 | 167 | 195 | 219 | 238 | 263 | 311 
26 249) 313 | 376 | 462 || g24 | 360] 433 | 489 | 532 | 592 | 711 
88 110 | 129 | 156 133 | 148 | 173 | 194 | 211 | 233 | 276 
27 231) 289 | 349 | 427 || 300 | 334] 402 | 453 | 493 | 549 | 658 
79 98_| 115 | 139 i19 | 132 | 155 | 173 | 188 | 208 | 246 
28 214 _| 270 | 324 | 397 || 279 | 310 | 373 | 421 | 459 | 510 | 612 
70 88 103 | 124 toe | i18 | 138 | 155 | 168 | 186 | 220 
29 259°) 289 | 348 | 391 | 427 | 475 | 570 
95 | 106 | 124 | 139 | 151 | 167 | 198 
30 241 | 270 | 324 | 366 | 399 | 444 | 532 
86 96 | 112 | 126 | 137 | 151 | 178 
3A 226) 252 | 304 | 342 | 373 | 415 | 498 
78 67 | 101 | 114 | 124 | 137 | 161 
32 213) 237 | 285 | 321) 349 | 388 | 466 
71 79 92 | 103 | 112 | 124 | 147 
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STANDARD LOAD TABLE FOR OPEN WEB STEEL JOISTS, K-SERIES 
Based on a 50 ksi Maximum Yield Strength - Loads Shown in Pounds per Linear Foot (plf) 


ern 18K3| 18K4) 18K5| 18K6} 18K7| 18K9| 18K10 || 20K3| 20K4) 20K5| 20K6| 20K7| 20K9| 20K10|| 22K4 | 22K5 | 22K6 | 22K7 | 22K9 |/22K10 |22K11 
Depth(in.) | 18 | 18 | 18 | 18 | 18 | 18 | 18 || 20 | 20 | 20 | 20 | 20 | 20 | 20 || 22 | 22 | 22 | 22 | 22 | 22 | 22 
emit 66 | 72|77| 85] 9 | 102) 117] 67] 76| 82) 89] 93] 108] 122]/ 8 | 88) 92] 97 | 113) 126] 138 
Span (ft.) 
+ 
18 825 | 825 | 825 | 825 | 825 | 825 | 825 
550 | 550 | 550 | 550 | 550 | 550 | 550 
19 771 | 825 | 825 | 825 | 825 | 825 | 825 
494 | 523 | 523 | 523 | 523 | 523 | 523 
20 694 | 825 | 825 | 825 | 825 | 825 | 825 || 775 | 825 | 825 | 825 | 825 | 825 | 825 
423 | 490 | 490 | 490 | 490 | 490 | 490 || 517 | 550 | 550 | 550 | 550 | 550 | 550 
at 630 | 759 | 825 | 825 | 825 | 825 | 825 || 702 | 825 | 825 | 825 | 825 | 825 | 825 
364 | 426 | 460 | 460 | 460 | 460 | 460 || 453 | 520 | 520 | 520 | 520 | 520 | 520 
22 573 | 690 | 777 | 825 | 825 | 825 | 825 || 639 | 771 | 825 | 825 | 825 | 825 | 825 || 825 | 825 | 825 | 825 | 825 | 825 | 825 
316 | 370 | 414 | 438 | 438 | 438 | 438 || 393 | 461 | 490 | 490 | 490 | 490 | 490 || 548 | 548 | 548 | 548 | 548 | 548 | 548 
23 523 | 630 | 709 | 774 | 825 | 825 | 825 || 583 | 703 | 793 | 825 | 825 | 825 | 825 || 777 | 825 | 825 | 825 | 825 | 825 | 825 
276 | 323 | 362 | 393 | 418 | 418 | 418 || 344 | 402 | 451 | 468 | 468 | 468 | 468 || 491 | 518 | 518 | 518 | 518 | 518 | 518 
24 480 | 577 | 651 | 709 | 789 | 825 | 825 || 535 | 645 | 727 | 792 | 825 | 825 | 825 || 712 | 804 | 825 | 825 | 825 | 825 | 825 
242 | 284 | 318 | 345 | 382 | 396 | 396 || 302 | 353 | 396 | 430 | 448 | 448 | 448 || 431 | 483 | 495 | 495 | 495 | 495 | 495 
25 441 | 532 | 600 | 652 | 727 | 825 | 825 || 493 | 594 | 669 | 729 | 811 | 825 | 825 || 657 | 739 | 805 | 825 | 825 | 825 | 825 
214 | 250 | 281 | 305 | 337 | 377 | 377 || 266 | 312 | 350 | 380 | 421 | 426 | 426 || 381 | 427 | 464 | 474 | 474 | 474 | 474 
26 408 | 492 | 553 | 603 | 672 | 807 | 825 || 456 | 549 | 618 | 673 | 750 | 825 | 825 || 606 | 682 | 744 | 825 | 825 | 825 | 825 
190 | 222 | 249 | 271 | 299 | 354 | 361 || 236 | 277 | 310 | 337 | 373 | 405 | 405 || 338 | 379 | 411 | 454 | 454 | 454 | 454 
27 378 | 454 | 513 | 558 | 622 | 747 | 825 || 421 | 508 | 573 | 624 | 694 | 825 | 825 || 561 | 633 | 6a8 | 768 | 825 | 825 | 825 
169 | 198 | 222 | 241 | 267 | 315 | 347 || 211 | 247 | 277 | 301 | 333 | 389 | 389 || 301 | 337 | 367 | 406 | 432 | 432 | 432 
28 351 | 423 | 477 | 519 | 577 | 694 | 822 || 391 | 472 | 532 | 579 | 645 | 775 | 825 || 522 | 588 | 640 | 712 | 825 | 825 | 825 
151 | 177 | 199 | 216 | 239 | 282 | 331 || 189 | 221 | 248 | 269 | 298 | 353 | 375 || 270 | 302 | 328 | 364 | 413 | 413 | 413 
29 327 | 304 | 444 | 483 | 538 | 646 | 766 || 364 | 439 | 495 | 540 | 601 | 723 | 825 || 486 | 547 | 597 | 664 | 798 | 825 | 825 
136 | 159 | 179 | 194 | 215 | 254 | 298 || 170 | 199 | 223 | 242 | 268 | 317 | 359 || 242 | 272 | 295 | 327 | 387 | 399 | 399 
30 304 | 367 | 414 | 451 | 502 | 603] 715 |) 340 | 411 | 462 | 504 | 561 | 675 | 799 || 453 | 511 | 556 | 619 | 745 | 825 | 825 
123 | 144 | 161 | 175 | 194 | 229 | 269 || 153 | 179 | 201 | 218 | 242 | 286 | 336 || 219 | 245 | 266 | 295 | 349 | 385 | 385 
at 285 | 343 | 387 | 421 | 469 | 564 | 669 || 318 | 384 | 433 | 471 | 525 | 631 | 748 || 424 | 478 | 520 | 580 | 697 | 825 | 825 
141 | 130 | 146 | 158 | 175 | 207 | 243 || 138 | 162 | 182 | 198 | 219 | 259 | 304 || 198 | 222 | 241 | 267 | 316 | 369 | 369 
32 267 | 322 | 363 | 396 | 441 | 529 | 627 || 298 | 360 | 406 | 442 | 492 | 592 | 702 || 397 | 448 | 489 | 544 | 654 | 775 | 823 
401 | 118 | 132 | 144 | 159 | 188 | 221 || 126 | 147 | 165 | 179 | 199 | 235 | 276 || 180 | 201 | 219 | 242 | 287 | 337 | 355 
33 252 | 303 | 342 | 372 | 414 | 498 | 589 || 280 | 339 | 381 | 415 | 463 | 556 | 660 || 373 | 421 | 459 | 511 | 615 | 729 | 798 
92 | 108 | 121 | 131 | 145 | 171 | 201 || 114 | 134 | 150 | 163 | 181 | 214 | 251 || 164 | 183 | 199 | 221 | 261 | 307 | 334 
34 237 | 285 | 321 | 349 | 390 | 468 | 555 || 264 | 318 | 358 | 391 | 435 | 523 | 621 || 352 | 397 | 432 | 481 | 579 | 687 | 774 
84 | 98 | 110 | 120 | 132 | 156 | 184 || 105 | 122 | 137 | 149 | 165 | 195 | 229 || 149 | 167 | 182 | 202 | 239 | 280 | 314 
35 223 | 268 | 303 | 330 | 367 | 441 | 523 || 249 | 300 | 339 | 369 | 411 | 493 | 585 || 331 | 373 | 408 | 454 | 546 | 648 | 741 
77 | 90 | 101 | 110| 121 | 143 | 168 || 96 | 112 | 126 | 137 | 151 | 179 | 210 || 197 | 153 | 167 | 185 | 219 | 257 | 292 
36 211 | 253 | 286 | 312 | 348 | 417 | 495 || 235 | 283 | 319 | 348 | 388 | 466 | 553 || 313 | 354 | 3a5 | 429 | 516 | 612 | 700 
7o | 82 | 92 | 101 | 111 | 132| 154 || 88 | 103 | 115 | 125 | 139 | 164| 193 || 126 | 141 | 153 | 169 | 201 | 236 | 269 
37 222 | 268 | 303 | 330 | 367 | 441 | 523 || 297 | 334 | 364 | 406 | 487 | 579 | 663 
81 | 95 | 106 | 115 | 128 | 151 | 178 || 116 | 130 | 141 | 156 | 185 | 217 | 247 
38 211 | 255 | 286 | 312 | 348 | 418 | 496 || 280 | 316 | 345 | 34 | 462 | 549 | 628 
74 | 87 | 98 | 106 | 118 | 139| 164 || 107 | 119 | 130 | 144 | 170 | 200 | 228 
39 199 | 241 | 271 | 297 | 330 | 397 | 471 || 267 | 300 | 327 | 364 | 438 | 520 | 595 
69 | 81 | 90 | 98 | 109| 129| 151 || 98 | 110 | 120 | 133 | 157 | 185 | 211 
40 190 | 229 | 258 | 282 | 313 | 376 | 447 || 253 | 285 | 310 | 346 | 417 | 495 | 565 
64 | 75 | 84 | 91 | 101 | 119| 140 || 94 | 102 | 111 | 123 | 146 | 171 | 195 
at 241 | 271 | 295 | 330 | 396 | 471 | 538 
85 | 95 | 103 | 114 | 135| 159 | 181 
42 229 | 259 | 282 | 313 | 378 | 448 | 513 
79 | 88 | 96 | 106 | 126 | 148 | 168 
43 219 | 247 | 268 | 300 | 360 | 427 | 489 
73 | 82 | 89 | 99 | 117| 138 | 157 
44 208 | 235 | 256 | 286 | 343 | 408 | 466 
68 | 76 | 83 | 92 | 109| 128 | 146 
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STANDARD LOAD TABLE FOR OPEN WEB STEEL JOISTS, K-SERIES 
Based on a 50 ksi Maximum Yield Strength - Loads Shown in Pounds per Linear Foot (plf) 


Besar uicr 2aka | 24k5 | 24ke | 2ak7 | 2ake | 24K9 | 24k10 | 2aKi2 || 26K5 | 26K6 | 26K7 | 26K8 | 26K9 | 26K10 | 26K12 
Depth (In.) 24 24 24 24 24 24 24 24 26 26 26 26 26 26 26 
ear 8.4 9.3 97 10.1 11.5 12.0 13.4 16.0 98 10.6 10.9 124 12.2 13.8 16.6 
Span (ft.) 
24 780 825 825 825 825 825 825 825 
516 544 544 544 544 544 544 544 
25 718 810 825 825 825 825 825 825 
456 511 520 520 520 520 520 520 
26 663 748 814 825 825 825 825 825 813 825 825 825 825 825 825 
405 453 493 499 499 499 499 499 535 541 541 541 541 541 541 
27 615 693 754 825 825 825 825 825 753 820 825 825 825 825 825 
361 404 439 479 479 479 479 479 477 519 522 522 522 522 522 
28 571 643 700 781 825 825 825 825 699 762 825 825 825 825 825 
323 362 393 436 456 456 456 456 427 464 501 501 501 501 501 
29 531 600 652 727 804 825 825 825 651 709 790 825 825 825 825 
290 325 354 392 429 436 436 436 384 417 463 479 479 479 479 
30 496 559 609 679 750 816 825 825 607 661 738 816 825 825 825 
262 293 319 353 387 419 422 422 346 377 417 457 459 459 459 
3t 465 523 570 636 702 765 825 825 568 619 690 763 825 825 825 
237 266 289 320 350 379 410 410 314 341 378 413 444 444 444 
32 435 490 535 595 658 717 823 823 534 580 648 715 778 823 823 
215 241 262 290 318 344 393 393 285 309 343 375 407 431 431 
33 409 462 502 559 619 673 798 798 501 546 609 672 732 798 798 
196 220 239 265 289 313 368 368 259 282 312 342 370 404 404 
34 385 435 472 526 582 634 753 774 472 514 573 633 688 774 774 
179 201 218 242 264 286 337 344 237 257 285 312 338 378 378 
35 363 409 445 496 549 598 709 751 445 484 540 597 649 751 751 
164 184 200 221 242 262 308 324 217 236 261 286 310 356 356 
36 343 387 421 469 519 565 670 730 420 457 510 564 613 729 730 
150 169 183 203 222 241 283 306 199 216 240 263 284 334 334 
37 324 366 399 444 490 534 634 7H 397 433 483 534 580 690 7H 
138 155 169 187 205 222 260 290 183 199 221 242 262 308 315 
38 307 346 378 421 465 507 601 691 376 ai 457 505 550 654 691 
128 143 156 172 189 204 240 275 169 184 204 223 241 284 299 
39 292 328 358 399 444 480 570 673 357 390 433 480 522 619 673 
118 132 144 159 174 189 222 261 156 170 188 206 223 262 283 
40 277 312 340 379 420 456 541 657 340 370 412 456 496 589 657 
109 122 133 148 161 175 206 247 145 157 174 191 207 243 269 
41 264 297 324 361 399 435 516 640 322 352 393 433 472 561 640 
101 114 124 137 150 162 191 235 134 146 162 177 192 225 256 
42 252 283 309 343 379 414 490 625 307 336 373 412 450 534 625 
94 106 115 127 139 151 177 224 125 136 150 164 178 210 244 
43 240 270 294 328 363 394 468 609 294 319 357 394 429 508 610 
88 98 107 118 130 140 165 213 116 126 140 153 166 195 232 
44 229 258 280 313 346 376 447 580 280 306 340 376 409 486 597 
82 92 100 110 121 131 154 199 108 118 131 143 155 182 222 
45 219 246 268 298 330 360 427 555 268 291 325 360 391 465 583 
76 86 93 103 113 122 144 185 101 110 122 133 145 170 212 
46 208 235 256 286 316 345 408 531 256 279 310 343 375 444 570 
a 80 87 97 106 114 135 174 95 103 114 125 135 159 203 
47 199 225 246 274 303 330 391 508 246 267 298 328 358 426 553 
67 75 82 90 99 107 126 163 89 96 107 417 127 149 192 
48 192 216 235 262 291 316 375 487 235 256 285 315 343 408 529 
63 70 77 85 93 101 118 153 83 90 100 110 119 140 180 
49 225 246 274 303 330 391 508 
78 85 94 103 112 131 169 
50 216 235 262 291 316 375 487 
73 80 89 97 105 124 159 
51 208 226 252 279 304 361 469 
69 75 83 ot 99 116 150 
52 199 217 243 268 292 346 451 
65 a 79 86 93 110 142 
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STANDARD LOAD TABLE FOR OPEN WEB STEEL JOISTS, K-SERIES 
Based on a 50 ksi Maximum Yield Strength - Loads Shown in Pounds per Linear Foot (pif) 


Joist 
Designation | _28K6 28K7 28K8 28K9 28K10 | 28K12 30K7 30K8 30K9 30k10 | 30K11 | 30K12 
Depth (In.) 28 28 28 28 28 28 30 30 30 30 30 30 
Annoy Ne 11.4 11.8 12.7 13.0 14.3 174 12.3 13.2 13.4 15.0 16.4 17.6 
Span (ft.) 
+ 
28 822 825, 825 825 825 825 
541 543 543 543 543 543 
29 766 825, 825 825 825, 825 
486 522 522 522 522 522 
30 715 796 825 825 825, 825 825, 825, 825 825 825 825 
439 486 500 500 500 500 543 543 543 543, 543 543 
31 669 745, 825 825 825 825 801 825, 825 825 825 825 
397 440 480 480 480 480 508 520 520 520 520 520 
32 627 699 ore 823 823 823 751 823 823 823 823 823 
361 400 438 463 463 463 461 500 500 500 500 500 
33 589 657 726 790 798 798 706 780 798 798 798 798 
329 364 399 432 435, 435, 420 460 468 468 468 468 
34 555 618 684 744 774 774 664 735 774 774 774 774 
300 333 364 395 410 410 384 420 441 441 441 441 
35. 523 583 645, 702 751 751 627 693 751 751 751 751 
275 305, 333 361 389 389 351 384 415 415 415 415 
36 495 550 609 663 730 730 592 654 712 730 730 730 
252 280 306 332 366 366 323 353 383 392 392 392 
37 468 522 576 627 711 711 559 619 673 711 711 711 
232 257 282 305 344 344 297 325 352 374 374 374 
38 444 493 546 594 691 691 531 586 639 691 691 691 
214 237 260 282 325 325 274 300 325 353 353 353 
39 420 469 519 564 670 673 504 556 606 673 673 673 
198 219 240 260 306 308 253 277 300 333, 333 333 
40 399 445, 492 535 636 657 478 529 576 657 657 657 
183 203 222 241 284 291 234 256 278 315 315 315 
41 379 424 468 510 606 640 454 502 547 640 640 640 
170 189 206 224 263 277 ear 238 258 300 300 300 
42 361 403 445, 486 576 625 433, 480 522 619 625 625 
158 175 192 208 245 264 202 221 240 282 284 284 
43 345, 385, 426 463 550 610 414 457 498 591 610 610 
147 163 179 194 228 252 188 206 223 263 270 270 
44 330 367 406 442 525, 597 394 436 475 564 597 597 
137 152 167 181 212 240 176 192 208 245 258 258 
45 315 351 388 423 501 583 376 417 454 538 583 583 
128 142 156 169 198 229 164 179 195 229 246 246 
46 301 336 372 405 480 570 361 399 435 516 570 570 
120 133 146 158 186 219 153 168 182 214 236 236 
47 288 321 355, 387 459 558 345, 382 415 493, 558 558 
112 125 136 148 174 210 144 157 171 201 226 226 
48 276 309 340, 370 441 547 331 366 399 472 543 547 
105 AT: 128 139 163 201 135 148 160 188 215 216 
49 265 205. 327 355, 423 535, 318 351 382 454 520 535 
99 110 120 130 153 193 127 139 150 177 202 207 
50 255 283 313 342 405, 525 304 337 367 436 499 525 
93 103 113 123 144 185 119 130 141 166 190 199 
51 244 273 301 328 390 507 292 324 352 418 480 514 
88 97 106 115 136 175 112 123 133 157 179 192 
52 235 262 289 315, 375, 487 282 312 339 402 462 504 
83 92 100 109 128 165 106 116 126 148 169 184 
53 226 252 279 304 360 469 271 300 327 387 444 495 
78 87 95 103 121 156 100 109 119 140 159 177 
54 217 243 268 292 348 451 261 288 313 373 427 486 
74 82 89 oF 114 147 94 103 112 132 150 170 
55 210 234 259 282 334 435, 252 277 303 360 412 468 
70 mee 85 92 108 139 89 98 106 125 142 161 
56 202 226 249 271 322 420 243 268 292 346 397 451 
66 73 80 87 102 132 84 92 100 118 135 153 
57 234 259 282 334 384 435, 
80 88 95 112 128 145 
58 226 250. 271 322 370 420 
76 83 90 106 121 137 
59 219 241 262 312 358 406 
72 79 86. 101 115 130 
60 211 234 253 301 346 393 
69 75 81 96 109 124 
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STANDARD LOAD TABLE FOR KCS OPEN WEB STEEL JOISTS 
Based on a 50 ksi Maximum Yield Strength 


BRIDGING 
TABLE 
SECTION 
NUMBER 


MOMENT SHEAR APPROX. GROSS 
CAPACITY CAPACITY* WEIGHT** MOMENT OF 
(inch-kips) (Ibs) (Ibs/ft) INERTIA (in.4) 


JOIST DEPTH 
DESIGNATION (inches) 


10KCS1 
10KCS2 
10KCS3 
12KCS1 
12KCS2 
12KCS3 
14KCS1 
14KCS2 
14KCS3 
16KCS2 
16KCS3 
16KCS4 
16KCS5 
18KCS2 
18KCS3 
18KCS4 
18KCS5 
20KCS2 
20KCS3 
20KCS4 
20KCS5 
22KCS2 
22KCS3 
22KCS4 
22KCS5 
24KCS2 
24KCS3 
24KCS4 
24KCS5 
26KCS2 
26KCS3 
26KCS4 
26KCS5 
28KCS2 
28KCS3 
28KCS4 
28KCS5 
30KCS3 
30KCS4 
30KCS5 

*MAXIMUM UNIFORMLY DISTRIBUTED LOAD CAPACITY IS 825 PLF AND SINGLE CONCENTRATED LOAD CANNOT 

EXCEED SHEAR CAPACITY 

**DOES NOT INCLUDE ACCESSORIES 
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STANDARD LRFD LOAD TABLE 


LONGSPAN STEEL JOISTS, LH-SERIES 


Based on a 50 ksi Maximum Yield Strength 
Adopted by the Steel Joist Institute May 1, 2000 
Revised to November 10, 2003 - Effective March 01, 2005 


The black figures in the following table give the TOTAL safe 
factored uniformly distributed load-carrying capacities, in 
pounds per linear foot, of LRFD LH-Series Steel Joists. The 
weight of factored DEAD loads, including the joists, must in all 
cases be deducted to determine the factored LIVE load-carry- 
ing capacities of the joists. The approximate DEAD load of the 
joists may be determined from the weights per linear foot 
shown in the tables. 


The RED figures in this load table are the unfactored, nominal 
LIVE loads per linear foot of joist which will produce an approx- 
imate deflection of 1/360 of the span. LIVE loads which will 
produce a deflection of 1/240 of the span may be obtained by 
multiplying the RED figures by 1.5. In no case shall the TOTAL 
load capacity of the joists be exceeded. 


This load table applies to joists with either parallel chords or 
standard pitched top chords. When top chords are pitched, 
the carrying capacities are determined by the nominal depth 
of the joists at the center of the span. Standard top chord 
pitch is 1/8 inch per foot. If pitch exceeds this standard, the 
load table does not apply. Sloped parallel-chord joists shall 
use span as defined by the length along the slope. 


Where the joist span is in the RED SHADED area of the load 
table, the row of bridging nearest the midspan shall be diago- 
nal bridging with bolted connections at chords and intersection. 
Hoisting cables shall not be released until this row of bolted 
diagonal bridging is completely installed. 


Where the joist span is in the BLUE SHADED area of the 
load table, all rows of bridging shall be diagonal bridging 
with bolted connections at chords and intersection. Hoisting 
cables shall not be released until the two rows of bridging 
nearest the third points are completely installed. 


The approximate moment of inertia of the joist, in inches* is; 
|, = 26.767(W,,)(L°)(10°6), where Wip= RED figure in the Load 
Table, and L = (clear span + 0.67) in feet. 

When holes are required in top or bottom chords, the carrying 


capacities must be reduced in proportion to the reduction of 
chord areas. 


The top chords are considered as being stayed laterally by 
floor slab or roof deck. 


The approximate joist weights per linear foot shown in these 
tables do not include accessories. 


LRFD 


STANDARD LOAD TABLE FOR LONGSPAN STEEL JOISTS, LH-SERIES 
Based on a 50 ksi Maximum Yield Strength - Loads Shown in Pounds per Linear Foot (pif) 


Approx. Wt | Depth | SAFE LOAD* 
Joist inLbs. Per | in in Lbs. CLEAR SPAN IN FEET 
Designation| Linear Ft | inches Between 
(Joists only) 21-24 25 | 26 | 27 | 28 | 29 | 30 | 31 | 32 | 33 | 34 | 35 | 36 | 
18LH02 10 18 12000 702 | 663 ] 627 | 586 | 550] 517 | 486 | 459 ] 433 | 409 | 388 | 367 
313 | 284 | 259 | 234 | 212 | 193 | 175 | 160 | 147 | 135 | 124 | 114 
18LH03 11 18 13300 781 | 739 | 700 | 657 | 613 | 573 | 538 | 505 | 475 | 448 | 424 | 400 
348 | 317 | 289 | 262 | 236 | 213 | 194 | 177 | 161 | 148 | 136 | 124 
T18LH04 12 18 15500 906 | 856 | 802 | 750 | 703 | 660 | 619 | 582 | 547 | 516 | 487 | 462 
403 | 367 | 329 | 296 | 266 | 242 | 219 | 200 | 182 | 167 | 153 | 141 
18LHOS 15 18 17500 1026] 972 | 921 | 871 | 814 | 762] 714 | 672] 631 | 595 | 562 | 532 
454 | 414 | 378 | 345 | 311 | 282 | 256 | 233 | 212 | 195 | 179 | 164 
18LHO6 15 18 20700 1213] 1123] 1044] 972 | 907 | 849 | 796 | 748 | 705 | 664 | 627 | 594 
526 | 469 | 419 | 377 | 340 | 307 | 280 | 254 | 232 | 212 | 195 | 180 
18LHO7 7 18 21500 1260] 1213] 1170] 1089] 1017] 952 | 892 | 838 | 789 | 744 | 703 | 666 
553 | 513 | 476 | 428 | 386 | 349 | 317 | 288 | 264 | 241 | 222 | 204 
18LH08 19 18 22400 1314| 1264] 1218] 1176| 1137] 1075] 1020| 961 | 906 | 856 | 810 | 768 
577 | 534 | 496 | 462 | 427 | 387 | 351 | 320 | 292 | 267 | 246 | 226 
18LH09 21 18 24000 1404 | 1351 | 1302] 1257| 1215] 1174] 1138] 1069] 1006] 949 | 897 | 849 
616 | 571 | 527 | 491 | 458 | 418 | 380 | 346 | 316 | 289 | 266 | 245 
22-24 25 | 26 | 27 | 28 | 29 | 30 | 31 | 321 33 | 34 | 35 | 36 | 37 | 38 | 39 | 40 
20LHO2 10 20 11300 663 | 655 | 646 | 615 | 582 | 547 | 516 | 487 | 460 | 436] 412 | 393 | 373] 355 | 337 | 322 
306 | 303 | 298 | 274 | 250 | 228 | 208 | 190 | 174 | 160 | 147 | 136 | 126 | 117 | 108 | 101 
20LH03 1 20 12000 703 | 694 | 687 | 678 | 651 | 621 | 592 | 558 | 528 | 499] 474 | 448 | 424 | 403 | 382 | 364 
337 | 333 | 317 | 302 | 280 | 258 | 238 | 218 | 200 | 184 | 169 | 156 | 143 | 133 | 123 | 114 
20LHO04 12 20 14700 861 | 849 | 837 | 792 | 744 | 700 | 660 | 624 | 589 | 558 | 529 | 502 | 477 | 454 | 433 | 412 
428 | 406 | 386 | 352 | 320 | 291 | 265 | 243 | 223 | 205 | 189 | 174 | 161 | 149 | 139 | 129 
20LHO5 14 20 15800 924 | 913 | 903 | 892 | 856 | 816 | 769 | 726 | 687 | 651 | 616 | 585 | 556 | 529 | 504 | 481 
459 | 437 | 416 | 395 | 366 | 337 | 308 | 281 | 258 | 238 | 219 | 202 | 187 | 173 | 161 | 150 
20LHO6 15 20 21100 1233 | 1186 | 1144] 1084] 1018] 952 | 894 | 840 | 790 | 745 | 703 | 666 | 631 | 598 | 568 | 541 
606 | 561 | 521 | 477 | 427 | 386 | 351 | 320 | 292 | 267 | 246 | 226 | 209 | 192 | 178 | 165 
20LHO7 17 20 22500 1317 | 1267 | 1221] 1179] 1140] 1066| 1000] 940 | 885 | 834 | 789 | 745 | 706 | 670 | 637 | 606 
647 | 599 | 556 | 518 | 484 | 438 | 398 | 362 | 331 | 303 | 278 | 256 | 236 | 218 | 202 | 187 
20LHO8 19 20 23200 1362 | 1309 | 1263] 1219] 1177] 1140] 1083] 1030] 981 | 931 | 882 | 837 | 795 | 754 | 718 | 685 
669 | 619 | 575 | 536 | 500 | 468 | 428 | 395 | 365 | 336 | 309 | 285 | 262 | 242 | 225 | 209 
20LHO09 21 20 25400 1485 | 1429 | 1377| 1329] 1284 | 1242| 1203] 1167] 1132] 1068] 1009] 954 | 904 | 858 | 816 | 775 
729 | 675 | 626 | 581 | 542 | 507 | 475 | 437 | 399 | 366 | 336 | 309 | 285 | 264 | 244 | 227 
20LH10 23 20 27400 1602 | 1542 1486] 1434] 1386 | 1341] 1297] 1258 | 1221] 1186] 1122] 1060] 1005] 954 | 906 | 862 
786 | 724 | 673 | 626 | 585 | 545 | 510 | 479 | 448 | 411 | 377 | 346 | 320 | 296 | 274 | 254 
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STANDARD LOAD TABLE FOR LONGSPAN STEEL JOISTS, LH-SERIES 
Based on a 50 ksi Maximum Yield Strength - Loads Shown in Pounds per Linear Foot (plf) 


Approx. Wt | Depth | SAFELOAD* 


Joist in Lbs. Per | in in Lbs. CLEAR SPAN IN FEET 
Designation | Linear Ft. | inches Between 

(Joists only) 28-32 33 [| 34 [| 35 | 36 | 37 | 38 | 39 | 40 | 41 | 42 | 43 [ 44 [ 45 | 46 | 47 | 48 

2A4LHO3 Ti 24 17250 513 | 508 | 504 | 484 | 460 | 439 | 418 | 400 | 382 | 366 | 351 | 336 | 322 | 310 | 298 | 286 

235 | 226 | 218 | 204 | 188 | 175 | 162 | 152 | 141 | 132 | 124 | 116 | 109 | 102| 96 | 90 

24LH04 24 21150 628 | 597 | 568 | 540 | 514 | 490 | 468 | 447 | 427 | 409 | 393 | 376 | 361 | 346 | 333 | 321 

288 | 265 | 246 | 227 | 210 | 195 | 182 | 169| 158 | 148 | 138 | 130 | 122 | 114 | 107 | 101 

24LH05 24 22650 673 | 669 | 660 | 628 | 598 | 570 | 544 | 520 | 496 | 475 | 456 | 436 | 420 | 403 | 387 | 372 

308 | 297 | 285 | 264 | 244 | 226 | 210 | 196 | 182 | 171 | 160 | 150 | 141 | 132 | 124 | 117 

24LH06 24 30450 906 | 868 | 832 | 795 | 756 | 720 | 685 | 655 | 625 | 598 | 571 | 546 | 522 | 501 | 480 | 460 

411 | 382 | 356 | 331 | 306 | 284 | 263 | 245 | 228 | 211 | 197 | 184 | 172 | 161 | 152 | 142 

24LHO7 24 33450 997 | 957 | 919 | 882 | 847 | 811 | 774 | 736 | 702 | 669 | 639 | 610 | 583 | 559 | 535 | 514 

452 | 421 | 393 | 367 | 343 | 320 | 297 | 276 | 257 | 239 | 223 | 208 | 195 | 182 | 171 | 161 

24LH08 24 35700 1060] 1015] 973 | 933 | 895 | 858 | 817 | 780 | 745 | 712 | 682 | 652 | 625 | 600 | 576 | 553 

480 | 447 | 416 | 388 | 362| 338 | 314 | 292 | 272 | 254 | 238 | 222 | 208 | 196 | 184 | 173 

24LH09 24 42000 1248 | 1212| 1177] 1146] 1096] 1044] 994 | 948 | 903] 861 | 822] 786 | 751 | 720 | 690 | 661 

562 | 530 | 501 | 460 | 424 | 393 | 363 | 337 | 313 | 292 | 272 | 254 | 238 | 223 | 209 | 196 

24LH10 24 44400 1323 | 1284] 1248] 1213] 1182] 1152] 1105] 1053] 1002] 955 | 912 | 873 | 834 | 799 | 766 | 735 

596 | 559 | 528 | 500 | 474 | 439 | 406 | 378 | 351 | 326 | 304 | 285 | 266 | 249 | 234 | 220 

24LH11 24 46800 1390 | 1350] 1312| 1276 | 1243] 1210] 1180] 1152| 1101| 1051] 1006) 963 | 924 | 885 | 850 | 816 

624 | 588 | 555 | 525 | 498 | 472 | 449 | 418 | 388 | 361 | 337 | 315 | 294 | 276 | 259 | 243 

33-40 41 | 42 | 43 | 44 | 45 | 46 | 47 | 48 | 49 | 50] 51 | 52] 53 | 54 | 55 | 56 

28LH05 28 21000 505 | 484 | 465 | 445 | 429 | 412 | 397 | 382 | 367 | 355 | 342 | 330 | 319 | 309 | 298 | 289 

219 | 205 | 192 | 180 | 169| 159 | 150 | 142 | 133 | 126 | 119 | 113] 107 | 102 | 97 | 92 

28LHO06 28 27900 672 | 643 | 618 | 592 | 568 | 546 | 525 | 505 | 486 | 469 | 451 | 436 | 421 | 406 | 393 | 379 

289 | 270 | 253 | 238 | 223 | 209 | 197 | 186 | 175 | 166 | 156 | 148 | 140 | 133 | 126 | 120 

28LHO7 28 31500 757 | 726 | 696 | 667 | 640 | 615 | 591 | 568 | 547 | 528 | 508 | 490 | 474 | 457 | 442 | 427 

326 | 305 | 285 | 267 | 251 | 236 | 222 | 209 | 197 | 186 | 176 | 166 | 158 | 150 | 142 | 135 

28LH08 28 33750 810 | 775 | 744 | 712 | 684 | 657 | 630 | 604 | 580 | 556 | 535 | 516 | 496 | 478 | 462 | 445 

348 | 325 | 305 | 285 | 268 | 252 | 236 | 222 | 209 | 196 | 185 | 175 | 165 | 156 | 148 | 140 

28LHO09 28 41550 1000] 958 | 918 | 879 | 844 | 810 | 778 | 748 | 721 | 694 | 669 | 645 | 622 | 601 | 580 | 561 

428 | 400 | 375 | 351 | 329 | 309 | 291 | 274 | 258 | 243 | 228 | 216 | 204 | 193 | 183 | 173 

28LH10 28 45450 1093 | 1056] 1018] 976 | 937 | 900 | 864 | 831 | 799 | 769 | 742 | 715 | 690 | 666 | 643 | 622 

466 | 439 | 414 | 388 | 364 | 342 | 322 | 303 | 285 | 269 | 255 | 241 | 228 | 215 | 204 | 193 

28LH11 28 48750 1170| 1143] 1104] 1066 | 1023] 982 | 943 | 907 | 873 | 841 | 810 | 781 | 753 | 727 | 702 | 679 

498 | 475 | 448 | 423 | 397 | 373 | 351 | 331 | 312 | 294 | 278 | 263 | 249 | 236 | 223 | 212 

28LH12 28 53550 1285 | 1255| 1227| 1200] 1173] 1149] 1105] 1063| 1023] 984 | 948 | 913 | 880 | 849 | 819 | 790 

545 | 520 | 496 | 476 | 454 | 435 | 408 | 383 | 361_| 340 | 321 | 303 | 285 | 270 | 256 | 243 

2BLHT3 28 55800 1342| 1311| 1281] 1252| 1224] 1198] 1173] 1149| 1126] 1083] 1041) 1002[ 964 | 930 | 897 | 865 

569 | 543 | 518 | 495 | 472 | 452 | 433 | 415 | 396 | 373 | 352 | 332 | 314 | 207 | 281 | 266 
32LH06 
32LHO7 
32LH08 
32LHO09 
32LH10 
B2LH11 
S2LH12 
32LH13 
S2LH14 
32LH15 

S6LHO7 6 36 | 25200] 25200| 438 | 424) 411 | 399 | 387) 376) 360 | 355 | 345) 336 | 327 | 318) 310 | 301 | 294) 286 

177_| 168 | 160 | 153 | 146 | 140 | 134 | 128 | 122 | 117| 112 | 107| 103| 99 | 95 | 91 

36LH08 18 36 | 27750| 27750| 481 | 466 | 453 | 439 | 426 | 414 | 402 | 390 | 379 | 369 | 358 | 349 | 340 | 331 | 322] 313 

194 | 185 | 176 | 168 | 160 | 153 | 146 | 140 | 134 | 128 | 123 | 118 | 113 | 109 | 104 | 100 

36LHO9 21 36 | 35550| 35550| 616 | 597 | 579 | 561 | 544 | 528 | 513 | 499 | 484] 471 | 459 | 445 | 433 | 423 | 412 | 400 

247 | 235 | 224 | 214 | 204 | 195 | 186 | 179 | 171 | 163 | 157 | 150 | 144 | 138 | 133 | 127 

36LH10 21 36 | 39150| 39150] 681 | 660 | 639 | 619 | 601 | 583 | 567 | 550 | 535 | 520 | 507 | 492 | 480 | 466 | 454 | 442 

273 | 260 | 248 | 236 | 225 | 215 | 206 | 197 | 188 | 180 | 173 | 165 | 159 | 152 | 146 | 140 

36LHT1 23 36 | 42750| 42750| 742 | 720 | 697 | 676 | 657 | 637 | 618 | 601 | 583 | 567 | 552 | 537 | 522 | 508 | 495 | 483 

297 | 283 | 269 | 257 | 246 | 234 | 224 | 214 | 205 | 196 | 188 | 180 | 173 | 166 | 159 | 153 

36LH12 25 36 | 51150| 51150] 889 | 862 | 835 | 810 | 784 | 762 | 739 | 717 | 696 | 675 | 655 | 636 | 618 | 600 | 583 | 567 

354 | 338 | 322 | 307 | 292 | 279 | 267 | 255 | 243 | 232 | 222 | 213 | 204 | 195 | 187 | 179 

36LH13 30 36 | 60150| 60150] 1045| 1012) 981 | 951 | 922 | 894 | 868 | 843 | 819 | 796 | 774 | 753 | 732 | 712 | 694] 676 

415 | 395 | 376 | 359 | 342 | 327 | 312 | 298 | 285 | 273 | 262 | 251 | 240 | 231 | 222 | 213 

36LH14 36 36 | 66300 | 66300| 1152 | 1132] 1093] 1059| 1024/ 991 | 961 | 931 | 903 | 876 | 850 | 826 | 802 | 780 | 757 | 738 

456 | 434 | 412 | 392 | 373 | 356 | 339 | 323 | 309 | 295 | 283 | 270 | 259 | 247 | 237 | 228 

36LH15 36 36 | 69900| 69900] 1213 | 1192/ 1171] 1153| 1116) 1081] 1047| 1015| 984 | 955 | 927 | 900] 874 | 850 | 826 | 804 


480 | 464 | 448 | 434 | 413 | 394 | 375 | 358 | 342 | 327 | 312 | 299 | 286 | 274 | 263 | 252 
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STANDARD LOAD TABLE FOR LONGSPAN STEEL JOISTS, LH-SERIES 
Based on a 50 ksi Maximum Yield Strength - Loads Shown in Pounds per Linear Foot (plf) 


Joist Approx. Wt SAFELOAD* 
Designation | in Lbs. Per i in Lbs. 
Linear Ft. | i Between 


CLEAR SPAN IN FEET 


(Joists Only) 47-59 | 60-64 


40LHO8 


40LHO9 


40LH10 


40LH11 


40LH12 


40LH13 


40LH14 


40LH15 


40LH16 


44LHO9 


44LH10 


44LH11 


44LH12 


44LH13 


44LH14 


44LH15 


44LH16 


44LH17 


48LH10 


48LH11 


48LH12 


48LH13 


48LH14 


48LH15 


48LH16 


48LH17 


* The safe factored uniform load for the clear span: 
in the Safe Load Column is equal to (Safe Load) 
span + 0.67). (The added 0.67 feet (8 inches) is 
to obtain the proper length on which the Load Tab! 
developed). 


In no case shall the safe factored uniform load, 
spans less than the minimum clear span shown in 


is shown 
/ (Clear 
required 
les were 


or clear 
the Safe 


Load Column, exceed the uniform load calculated for the 
minimum clear span listed in the Safe Load Column. 


AW 


To solve for live loads for clear spans shown in 


the Safe Load 


Column (or lesser clear spans), multiply the live load of the 


shortest clear span shown in the Load Tab! 


le by the (the 


shortest clear span shown in the Load Table + 0.67 feet)? 
and divide by (the actual clear span + 0.67 feet)?. The live 


load shall not exceed the safe uniform load. 


664 APPENDIX A 


DESIGN GUIDE LRFD WEIGHT TABLE 


FOR JOIST GIRDERS 


Based on a 50 ksi Maximum Yield Strength 


GIRDER| JOIST | GIRDER JOIST GIRDER WEIGHT — POUNDS PER LINEAR FOOT 
SPAN: || SPACES’ | ‘DEPTH FACTORED LOAD ON EACH PANEL POINT —- KIPS 
(ft) (ft.) (in.) 6.0 9.0 | 12.0 | 15.0 | 18.0 | 21.0 | 24.0 | 27.0 | 30.0 | 36.0 | 42.0 | 48.0 | 54.0 | 60.0 | 66.0 | 72.0 | 78.0 | 84.0 
20 16 19 19 19 19 20 24 24 25 30 37 41 46 50 56 62 70 75 
2N@ 24 16 19 19 19 19 20 21 ai 25 28 32 36 41 42 49 52 53 66 
10.00 28 16 19 19 19 19 20 20 a 23 26 28 32 39 40 42 46 48 49 
20 15 15 19 19 20 23 24 27 31 36 44 48 54 74 75 81 84 89 
3N@ 24 15 16 16 16 19 20 23 26 27 33 36 45 47 53 56 68 79 82 
6.67 28 15 16 16 16 17 20 24 24 26 31 36 44 46 49 53 57 68 80 
20 15 15 19 a1 25 29 33 38 4 50 57 65 71 88 97 100 | 107 | 120 


4N@ 24 15 16 17 20 23 26 29 32 35 44 50 55 62 71 85 90 | 100 | 102 
5.00 28 16 16 17 19 22 25 28 30 34 39 49 50 59 63 72 86 91 91 
20 15 17. 21 26 31 36 39 48 51 62 71 82 99 99 | 109 | 120 | 141 | 142 
5N@ 24 16 16 20 23 26 30 35 39 43 53 60 68 80 91 101 | 103 | 110 | 120 
4.00 28 16 16 18 22 27 28 33 37 39 48 55 64 68 7 93 95 | 107 | 111 
20 16 19 25 29 36 41 50 57 58 72 82 99 | 107 | 118 | 138 | 141 
6N@ 24 16 18 22 28 31 37 43 46 53 61 70 85 | 102 | 102 | 111 | 123 | 144 | 147 
3.33 28 7. 18 22 26 30 33 40 42 47 58 68 76 83 96 | 109 | 112 | 119 | 130 
20 19 25 32 41 51 58 65 72 82 99 | 118 | 139 ] 142 
8N@ 24 17 22 29 36 42 50 54 61 69 86 | 103 | 107 | 128 | 149 | 153 
2.50 28 18 22 29 34 40 47 54 61 67 76 88 | 107 | 112 | 124 | 135 | 155 | 166 
20 21 21 il 22 22 23 24 24 25 34 39 43 49 55 62 69 76 78 
2N@ 24 18 21 21 22 22 22 23 24 24 30 33 4 41 45 51 55 61 73 
11.00 | 28 18 21 21 21 22 22 22 23 24 37 30 33 41 42 46 48 51 58 
20 15 18 18 19 22 24 26 29 33 42 45 53 68 70 76 84 88 94 
3N@ 24 15 15 19 19 20 23 24 26 30 35 40 45 48 55 61 74 81 84 
7.33 28 15 16 16 16 19 20 23 24 27 32 36 45 47 52 54 59 74 82 
20 15 16 19 23 26 30 36 39 44 55 62 71 82 95 96 | 106 | 119 | 134 
4N@ 24 15 15 17 20 25 27 29 34 38 48 52 58 val 79 89 98 | 101 | 107 
5.50 28 16 16 16 19 22 25 28 32 35 40 49 54 60 72 79 87 90 97 
20 15 iz 24 27 34 38 42 49 55 65 75 96 98 | 111 | 126 | 137 
5N@ 24 16 16 20 24 28 33 38 40 48 56 62 73 85 | 100 | 101 | 110 ) 116 |] 133 
4.40 28 16 16 18 22 26 30 32 38 41 51 57 65 73 86 92 | 102 | 105 | 111 
20 16 21 27 33 39 49 56 57 65 79 97 | 106 | 118 | 137 
6N@ 24 16 19 23 28 32 39 45 51 58 66 82 98 | 101 | 109 | 120 | 142 | 144 
3.67 28 16 18 22 26 30 34 39 44 50 61 70 76 89 | 102 | 104 | 113 | 127 | 148 
20 19 27 36 43 56 64 71 80 96 | 106 | 135 | 138 
8N@ 24 18 24 31 38 46 53 60 68 75 | 101 | 105 | 125 | 145 | 149 
2.75 28 18 22 28 34 40 47 54 62 69 79 87 | 106 | 118 | 131 | 152 | 164 
20 18 18 19 22 26 27 30 37 41 49 59 66 70 76 86 89 97 | 102 
24 15 18 19 20 22 25 26 28 32 39 43 51 59 67 71 81 84 89 
3N@ 28 15 15 19 19 20 23 24 27 29 34 39 45 47 55 59 67 81 82 
8.33 32 15 16 16 16 20 21 23 24 27 32 36 44 46 52 54 58 74 81 
36 16 16 16 Az: 17 20 24 24 26 32 36 40 45 48 53 54 68 79 
20 15 18 20 25 29 35 39 42 49 55 70 78 93 99 | 109 | 119 | 134 | 135 
24 15 16 19 24 26 29 33 37 40 50 57 64 72 88 97 | 100 | 106 | 120 
4N@ 28 15 15 17 20 24 25 29 34 37 43 51 58 66 72 89 90 | 101 | 102 
6.25 32 16 16 17 19 24 25 28 32 35 40 49 54 60 69 79 86 91 96 
36 16 16 17 19 24 26 26 29 34 38 49 50 56 63 73 85 88 92 
20 15 18 25 31 38 43 51 55 58 73 93 | 100 ] 109 | 125 | 134 
24 15 17 23 26 32 36 42 47 53 61 75 81 98 | 102 | 112 | 129 | 140 
5N@ 28 16 16 20 24 28 31 37 4 47 56 62 72 79 93 | 101 | 106 | 117 | 125 
5.00 32 16 16 19 23 26 30 33 38 41 51 57 65 73 83 93 | 102 | 105 | 111 
36 16 17 18 22 26 28 31 36 39 48 54 64 69 75 88 96 | 101 | 108 
20 16 24 29 38 45 55 58 69 78 94 | 104 | 116 | 134 
24 16 20 25 31 37 44 50 56 64 75 97 99 | 107 | 118 | 138 
6N@ 28 16 18 23 28 32 38 44 51 55 67 73 87 | 101 | 104 | 120 | 134 | 143 | 145 
417 32 16 18 22 26 30 34 39 44 50 61 69 77 89 | 102 | 105 | 113 ] 127 | 148 
36 16 18 24 25 30 36 39 43 49 58 67 74 84 98 | 108 | 116 | 117 | 129 
20 Pal 29 39 48 58 70 78 94 99 | 115 | 134 
24 19 26 33 41 50 57 65 75 81 99 | 118 | 138 
8N@ 28 18 23 30 38 44 53 60 67 75 86 | 103 | 116 | 127 | 147 
3.12 32 18 24 28 34 39 47 54 65 71 78 87 | 105 | 117 | 129 | 152 | 154 
36 18 22 29 34 40 46 52 61 63 76 87 | 101 | 114 | 121 | 136 | 148 | 166 | 167 
20 26 38 49 63 78 94 | 100 | 115 | 134 
24 23 33 42 54 65 75 89 99 | 104 | 130 
10N@ | 28 Pal 30 38 48 56 64 74 84 | 101 | 109 | 134 | 147 
2.50 32 pal 28 36 43 52 62 69 76 87 | 107 | 118 | 130 | 153 
36 22 28 37 44 52 64 7 7 85 | 100 | 116 | 130 | 151 | 157 
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APPENDIX A 
GIRDER| JOIST | GIRDER JOIST GIRDER WEIGHT — POUNDS PER LINEAR FOOT 
SPAN’ | SPACES | DEPTH FACTORED LOAD ON EACH PANEL POINT —- KIPS 
(ft) (ft) (in.) 6.0 9.0 | 12.0 | 15.0 | 18.0 | 21.0 | 24.0 | 27.0 | 30.0 | 36.0 | 42.0 | 48.0 | 54.0 | 60.0 | 66.0 | 72.0 | 78.0 | 84.0 
24 18 18 19 22 24 27 29 36 39 43 53 62 70 71 78 85 89 98 
3N@ 28 18 18 19 20 22 25 26 28 31 39 43 46 55 61 66 76 83 86 
9.33 32 15 18 19 19 21 23 24 27 28 34 39 45 48 53 58 66 80 81 
24 18 16 20 24 27 32 38 40 48 55 62 71 82 95 104 | 106 | 120 | 135 
4N@ 28 15 15 18 a1 25 28 32 36 39 49 56 64 71 79 96 97 106 | 107 
7.00 32 15 15 17 20 23 25 29 33 37 43 50 58 62 70 85 90 99 102 
24 18 18 24 29 34 39 46 52 58 66 78 96 102 | 111 126 | 136 
5N@ 28 18 17 21 26 30 35 39 46 50 61 68 77 90 99 107 | 114 | 130 | 142 
5.60 32 16 17 20 24 27 32 37 4 44 56 62 70 80 93 102 | 107 | 112 | 119 
24 16 ai 28 35 41 49 55 63 70 79 96 106 | 134 | 137 
28 6N@ 28 18 20 24 30 36 42 50 54 58 71 82 99 107 | 118 | 138 | 142 
4.67 32 16 19 23 28 32 37 43 49 53 64 74 84 101 | 102 | 111 | 123 | 144 | 146 
24 18 24 32 41 49 56 64 74 79 96 110 | 135 
7N@ 28 17 22 27 35 43 51 57 62 69 82 99 108 | 129 | 140 
4.00 32 16 21 27 31 38 44 52 55 63 74 85 102 | 108 | 123 | 143 | 146 
24 20 28 37 48 55 64 74 79 95 105 | 134 
8N@ 28 18 25 32 39 50 58 65 72 81 99 108 | 129 | 141 
3.50 32 17 24 29 38 43 53 60 64 70 86 103 | 113 | 127 | 147 | 149 
24 24 36 46 57 70 79 96 102 | 117 | 137 
10N@ | 28 23 30 4 50 60 69 82 99 100 | 120 | 141 
2.80 32 21 30 38 46 55 66 71 80 93 109 | 126 | 147 
24 18 18 21 24 27 31 35 38 40 48 58 66 71 80 92 98 117 | 119 
3N@ 28 18 18 19 22 25 27 30 35 37 42 49 56 63 70 79 82 93 99 
10.00 32 18 18 19 20 22 26 28 31 32 39 46 51 57 64 71 73 83 84 
36 16 19 19 19 2 23 26 28 31 35 39 46 52 57 64 65 73 75 
24 16 18 23 29 33 37 42 49 53 64 76 85 101 | 104 | 126 | 127 | 149 | 150 
4N@ 28 18 16 21 25 30 33 37 42 45 53 61 73 81 86 103 | 104 | 126 | 128 
7.50 32 18 16 18 22 26 30 34 37 43 51 55 62 70 77 87 103 | 105 | 116 
36 16 16 17 22 24 27 31 34 36 46 52 59 64 74 78 88 91 105 
24 18 19 25 30 37 43 51 55 58 73 86 96 109 | 125 | 134 
5N@ 28 18 17 23 27 32 37 44 47 53 61 75 88 97 102 | 112 | 128 | 138 
6.00 32 16 17 21 24 29 35 39 43 48 56 63 77 90 100 | 101 | 107 | 117 | 133 
30 36 16 17 20 24 27 31 36 40 43 51 60 70 80 86 94 103 | 110 | 118 
24 16 24 29 37 45 52 58 66 73 94 104 | 116 | 134 
6N@ 28 16 20 27 32 38 44 50 57 65 75 97 99 107 | 137 | 140 
5.00 32 16 19 24 29 34 40 45 51 58 65 82 98 100 | 109 | 121 | 142 | 144 
36 16 18 23 26 31 37 41 46 52 61 70 84 101 | 102 | 111 | 123 | 126 | 148 
24 21 32 40 51 63 73 83 99 111 124 | 146 
8N@ 28 20 30 37 44 53 61 73 80 86 114 | 126 | 149 
3.75 32 18 26 34 42 49 55 63 71 79 104 | 117 | 130 | 154 | 161 
36 17 23 32 39 46 54 61 69 76 89 108 | 121 134 | 154 | 169 
24 25 38 51 66 78 99 111 123 | 134 
10N@ | 28 24 36 47 57 69 80 94 113 | 116 | 138 
3.00 32 22 31 39 52 58 74 82 95 105 | 129 | 142 
36 22 30 39 48 54 68 79 84 91 119 | 132 | 151 
24 18 19 21 26 27 34 38 40 42 54 61 70 75 84 88 102 | 102 | 113 
3N@ 28 16 17 18 24 26 28 31 34 37 43 55 60 69 70 76 85 89 93 
10.67 32 17 17 18 21 25 26 28 32 34 39 44 54 61 62 67 77 80 86 
36 15 17 19 20 23 25 26 28 30 38 40 45 51 53 58 67 81 77 
24 18 19 23 26 32 37 40 47 55 61 72 86 94 103 | 114 | 133 ) 134 
4N@ 28 18 18 20 24 28 32 37 40 45 55 62 70 78 94 96 105 | 121 135 
8.00 32 15 15 20 22 25 29 32 36 39 49 56 64 71 83 82 97 102 | 107 
36 15 16 17 21 24 26 30 34 36 43 50 58 65 70 85 90 99 102 
24 18 20 27 33 39 44 51 57 65 77 93 100 | 123 | 133 
32 5N@ 28 18 18 24 28 34 39 46 52 58 66 74 96 101 110 | 126 | 137 
6.40 32 15 17 22 26 32 35 41 46 53 61 68 77 90 99 105 | 114 | 130 | 142 
36 16 17 21 24 27 33 37 42 47 56 62 70 79 93 102 | 106 | 117 | 120 
24 17 24 31 39 47 55 61 69 76 94 103 | 133 | 134 
6N@ 28 16 a1 27 35 40 48 55 60 67 79 96 105 | 117 | 137 
5.33 32 16 20 25 30 36 42 50 54 58 71 82 99 103 | 118 | 139 | 142 
36 16 19 24 28 34 38 44 49 55 66 73 84 101 | 102 | 111 | 123 | 144 | 146 
24 22 32 40 54 61 72 86 93 103 | 133 
8N@ 28 19 27 35 45 55 63 70 80 95 105 | 134 | 137 
4.00 32 18 25 32 39 50 58 65 71 81 99 109 | 120 | 141 
36 18 24 31 38 43 53 59 67 71 86 103 | 113 | 127 | 147 
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GIRDER| JOIST | GIRDER JOIST GIRDER WEIGHT — POUNDS PER LINEAR FOOT 
‘SPAN | SPACES | DEPTH FACTORED LOAD ON EACH PANEL POINT —- KIPS 
(ft) (ft) (in) 6.0 9.0 | 12.0 | 15.0 | 18.0 | 21.0 | 24.0 | 27.0 | 30.0 | 36.0 | 42.0 | 48.0 | 54.0 | 60.0 | 66.0 | 72.0 | 78.0 | 84.0 
28 16 19 23 27 31 36 41 46 52 60 74 79 94 100 | 111 117 | 137 | 138 
4N@ 32 15 18 a 24 28 33 37 39 45 53 60 73 80 92 100 | 106 | 112 | 127 
8.75 36 15 16 20 23 27 30 33 37 at 561 55 62 74 83 94 97 107 | 113 
40 15 16 17 21 26 27 30 37 38 46 52 61 64 75 90 95 96 108 
28 15 20 26 32 37 43 52 57 59 73 86 100 | 109 | 126 | 136 
5N@ 32 15 18 24 29 34 37 45 50 53 66 75 88 100 | 102 | 112 | 128 | 138 
7.00 36 16 17 23 27 29 35 40 46 48 62 68 77 90 100 | 104 | 115 | 131 | 133 
40 16 17 22 25 27 33 37 43 47 56 63 70 80 95 102 | 107 | 115 | 125 
28 17 24 30 37 44 52 58 65 73 93 103 | 115 | 134 
35 6N@ 32 16 21 27 33 38 46 53 57 65 79 96 100 | 117 | 139 | 140 
5.83 36 16 20 25 31 36 4 48 54 58 70 81 99 102 | 113 | 121 142 | 144 
40 16 20 24 28 34 38 44 49 55 64 ae 84 101 104 | 115 | 123 | 145 | 146 
28 19 27 34 43 52 59 66 74 86 101 115 | 135 
7N@ 32 17 24 30 39 47 53 61 67 75 97 103 | 118 | 137 
5.00 36 Az 23 28 35 42 48 55 62 69 82 99 105 | 120 | 141 144 
40 17 22 27 32 39 44 50 55 63 73 86 102 | 107 | 118 | 133 | 147 
28 ai 30 39 48 59 69 78 94 98 115 | 136 
8N@ 32 20 27 36 42 53 61 69 79 88 101 118 | 138 
4.38 36 19 26 32 39 48 55 62 71 77 99 109 | 121 141 
40 18 24 30 37 44 54 60 65 73 86 102 | 113 | 127 | 147 | 149 
32 16 19 ai 26 31 34 39 43 48 58 67 74 87 100 | 101 111 127 | 138 
4N@ 36 15 17 ai 24 28 33 35 39 44 53 60 74 75 93 97 106 | 112 | 123 
9.50 40 15 16 20 23 27 30 34 37 At 51 55 62 74 83 94 98 107 | 109 
44 16 16 20 22 26 28 30 35 38 46 52 58 65 75 90 95 95 108 
32 15 20 25 31 36 42 46 52 59 70 86 96 101 | 111 126 | 137 
5N@ 36 16 20 24 28 33 38 45 47 53 64 74 89 98 103 | 112 | 129 | 138 
7.60 40 16 20 23 26 31 35 40 46 48 59 70 78 91 101 105 | 113 | 117 | 134 
38 44 17 20 22 25 30 33 39 41 48 56 63 75 80 93 102 | 107 | 111 | 118 
32 17 24 30 35 41 49 55 62 70 86 98 105 | 125 | 136 
6N@ 36 16 21 27 33 39 47 50 57 61 75 89 100 | 107 | 118 | 141 | 142 
6.33 40 16 21 25 31 36 40 48 55 59 71 82 99 102 | 109 | 121 143 | 142 
44 17 20 24 29 33 38 44 49 55 64 7 84 102 | 104 | 115 | 123 | 145 | 147 
32 20 29 38 47 56 64 74 86 95 105 | 135 
8N@ 36 19 28 35 42 50 57 65 76 81 101 113 | 138 | 140 
4.75 40 19 26 32 40 48 55 62 67 78 100 | 103 | 121 142 | 144 
44 20 24 30 39 47 51 57 64 71 86 102 | 113 | 127 | 147 | 149 
32 17 20 23 29 37 40 47 50 56 64 73 86 103 | 114 | 126 | 128 | 149 | 151 
36 17 19 22 29 31 37 40 44 51 57 65 74 87 103 | 104 | 125 | 127 | 128 
4N@ 40 17 18 22 25 29 33 37 40 47 52 62 73 77 87 96 104 | 117 | 127 
10.00 44 16 17 20 24 29 31 36 38 At 49 59 66 74 78 84 96 106 | 106 
48 17 17 20 24 25 30 32 37 39 48 53 59 67 78 78 85 99 106 
32 15 21 26 32 38 43 52 55 62 73 86 101 109 | 124 | 134 
36 16 20 24 30 34 39 45 53 55 66 74 88 102 | 102 | 112 | 128 | 138 
5N@ 40 16 20 24 27 32 37 41 46 51 62 68 77 90 100 | 105 | 115 | 130 | 142 
8.00 44 AZ: 20 23 29 32 37 41 49 50 58 70 82 84 99 116 | 118 | 130 | 141 
48 17, 20 23 26 31 34 40 41 50 57 68 75 85 95 100 | 119 | 120 | 132 
32 16 24 30 38 44 52 58 65 72 93 100 | 115 | 133 
36 17 22 27 34 39 47 53 60 67 79 97 102 | 117 | 137 | 141 
6N@ 40 16 21 26 30 36 43 48 54 62 71 82 99 103 | 114 | 130 | 142 
6.67 44 17 21 24 28 36 40 47 51 55 66 78 91 102 | 107 | 116 | 134 | 142 | 146 
40 48 Ag: 21 24 31 36 42 46 53 57 69 79 86 100 | 109 | 132 | 133 | 135 | 164 
32 18 26 33 43 52 58 66 74 86 101 115 | 135 
36 17 24 31 39 47 53 61 67 75 97 103 | 117 | 136 
7N@ 40 17" 24 29 35 43 49 55 62 69 82 99 105 | 119 | 140 
5.71 44 20 22 28 33 39 48 55 59 64 78 92 102 | 111 | 122 | 143 
48 20 23 28 36 41 48 54 61 66 80 86 108 | 122 | 134 | 136 | 164 | 167 
32 ai 29 38 48 58 67 78 94 96 115 | 135 
36 19 27 36 46 53 60 68 80 88 102 | 118 | 137 
8N@ 40 19 25 34 39 49 58 65 72 82 99 109 | 120 | 141 
5.00 44 ai 27 33 39 47 56 63 70 75 93 103 | 120 | 136 | 147 
48 20 25 32 42 47 55 62 69 80 90 104 | 122 | 136 | 155 | 170 
32 29 39 51 64 79 92 112 | 123 | 125 | 149 
36 25 36 47 60 69 81 94 103 | 125 | 150 
10N@ | 40 24 36 45 56 66 75 82 96 115 | 129 | 152 
4.00 44 23 32 41 51 60 71 82 84 99 119 | 143 | 161 
48 23 32 41 52 58 68 76 85 94 121 134 | 152 
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APPENDIX A 
GIRDER| JOIST | GIRDER JOIST GIRDER WEIGHT — POUNDS PER LINEAR FOOT 
SPAN | SPACES | DEPTH FACTORED LOAD ON EACH PANEL POINT — KIPS 
(ft) (ft) (in) 6.0 9.0 | 12.0 | 15.0 | 18.0 | 21.0 | 24.0 | 27.0 | 30.0 | 36.0 | 42.0 | 48.0 | 54.0 | 60.0 | 66.0 | 72.0 | 78.0 | 84.0 
32 16 21 25 29 34 38 43 49 53 67 74 86 99 101 112 | 125 | 134 | 138 
36 16 19 22 26 32 35 39 44 47 58 67 73 87 95 101 112 | 118 | 129 
4N@ 40 16 19 21 24 28 34 36 41 45 53 61 73 76 93 97 97 113 | 122 
10.50 44 16 19 20 23 27 31 34 38 42 51 55 62 74 84 94 97 108 | 109 
48 16 19 21 24 26 29 32 36 39 47 54 62 65 75 90 95 97 108 
32 16 22 28 35 41 45 52 57 66 74 88 100 | 110 | 125 
36 15 21 25 31 36 42 46 52 59 70 85 96 102 | 111 | 126 | 137 
5N@ 40 16 21 24 28 33 39 44 51 54 64 74 89 98 103 | 113 | 129 | 130 
8.40 44 16 20 24 27 31 37 40 46 52 59 69 78 91 101 105 | 113 | 126 | 134 
48 17 20 23 27 30 35 39 42 48 57 63 75 81 95 102 | 107 | 115 | 118 
32 18 25 32 39 45 55 61 69 rea 93 103 | 124 | 135 
36 17 23 30 35 A 49 56 60 67 79 96 105 | 117 | 137 
6N@ 40 17 21 26 33 39 46 54 57 61 75 89 100 | 108 | 119 | 141 142 
7.00 44 16 21 24 31 35 41 48 54 59 71 81 100 | 102 | 109 | 121 143 | 142 
42 48 20 20 25 29 33 39 44 49 56 64 7 85 102 | 104 | 115 | 124 | 145 | 147 
32 20 28 36 45 52 65 72 85 93 102 | 125 
36 19 26 34 40 49 56 67 74 79 98 110 | 127 | 138 
7N@ 40 18 24 31 38 46 54 61 68 75 90 101 113 | 129 | 142 
6.00 44 20 23 29 35 41 49 55 63 70 78 100 | 106 | 116 | 132 | 145 
48 18 23 28 34 39 44 50 56 64 73 92 102 | 108 | 118 | 136 | 149 
32 22 32 40 51 62 72 78 94 100 | 124 | 135 
36 20 27 38 46 56 64 74 79 96 105 | 126 | 138 
8N@ 40 20 26 35 42 51 57 65 76 81 101 113 | 138 | 141 
5.25 44 20 25 32 39 49 55 63 70 78 99 107 | 121 142 | 147 
48 21 26 32 41 48 56 63 67 74 93 103 | 112 | 128 | 148 
32 27 38 52 62 7 94 101 114 | 134 
36 25 36 46 60 70 86 97 102 | 112 | 140 
10N@ | 40 24 34 45 54 64 75 89 99 104 | 129 
4.20 44 23 31 41 52 61 70 79 91 100 | 114 | 143 
48 23 30 39 49 56 66 72 80 93 107 | 125 | 146 
36 18 21 25 28 33 38 42 46 52 62 72 79 95 100 | 112 | 117 | 128 | 138 
40 19 21 22 27 31 35 39 44 47 55 64 75 87 95 101 112 | 113 | 128 
4N@ 44 19 21 22 24 29 33 37 39 45 53 61 74 76 89 95 102 | 108 | 114 
11.25 48 18 21 22 24 28 31 34 38 40 51 55 63 75 83 94 95 107 | 109 
52 18 22 23 24 27 29 33 37 39 47 52 60 66 76 91 95 96 109 
36 16 22 27 33 38 44 52 55 63 74 86 101 | 109 | 125 | 136 
40 16 21 25 30 36 42 45 53 56 68 75 88 102 | 111 | 122 | 128 
5N@ 44 16 21 24 29 34 38 44 46 54 65 74 85 90 103 | 110 | 123 | 130 | 142 
9.00 48 20 21 24 27 32 36 at 45 52 59 67 75 91 95 106 | 112 | 118 | 134 
52 20 21 24 27 30 35 39 42 48 57 64 75 81 94 98 107 | 117 | 119 
36 19 24 31 38 45 52 58 66 74 93 100 | 115 | 134 
40 19 23 28 34 40 47 53 60 67 79 97 103 | 117 | 137 | 140 
6N@ 44 19 21 27 32 38 46 50 54 62 76 90 100 | 107 | 118 | 139 | 142 
7.50 48 20 21 26 30 36 42 48 55 59 69 78 92 102 | 110 | 122 | 143 | 143 
52 20 21 25 29 34 39 44 50 56 64 7 85 102 | 102 | 116 | 124 | 136 | 148 
36 20 27 35 44 52 58 66 74 86 101 115 | 135 
40 20 26 33 40 47 54 61 67 75 97 105 | 127 | 138 
45 7N@ 44 20 24 30 39 46 54 61 62 69 90 100 | 113 | 129 | 143 
6.43 48 20 23 29 36 At 49 55 63 70 79 92 107 | 117 | 133 | 145 
52 18 23 28 34 39 45 50 56 65 73 93 102 | 109 | 118 | 136 | 149 
36 21 30 38 48 58 67 78 94 98 114 | 135 
40 20 28 36 46 53 61 68 80 89 105 | 118 | 137 
8N@ 44 20 27 34 4 51 58 66 73 81 99 109 | 130 | 141 
5.62 48 a1 26 32 39 47 55 63 68 74 92 104 | 116 | 142 | 146 
52 22 28 33 42 48 54 59 67 71 94 102 | 112 | 127 | 148 
36 24 34 45 55 66 74 88 98 104 | 135 
40 22 31 39 49 61 69 80 89 100 | 113 | 138 
9N@ 44 23 31 39 48 58 66 76 89 99 108 | 132 
5.00 48 23 29 37 47 55 63 70 79 91 106 | 117 | 133 
52 23 28 36 46 55 60 70 73 84 102 | 112 | 135 | 148 
36 26 38 49 60 73 86 98 105 | 116 | 137 
40 25 35 47 60 66 76 90 102 | 112 | 140 
10N@ | 44 24 33 46 54 64 72 89 99 104 | 130 | 142 
4.50 48 24 31 40 49 62 71 78 91 100 | 114 | 134 
52 23 31 39 50 56 67 72 80 93 107 | 123 | 147 
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GIRDER| JOIST | GIRDER JOIST GIRDER WEIGHT — POUNDS PER LINEAR FOOT 
‘SPAN | SPACES | DEPTH FACTORED LOAD ON EACH PANEL POINT - KIPS 
(ft) (ft) (in) 6.0 9.0 | 12.0 | 15.0 | 18.0 | 21.0 | 24.0 | 27.0 | 30.0 | 36.0 | 42.0 | 48.0 | 54.0 | 60.0 | 66.0 | 72.0 | 78.0 | 84.0 


36 19 26 31 37 45 52 59 66 71 87 | 111 | 113 | 135 | 136 
40 19 23 29 35 41 46 52 59 68 77 92 | 112 | 114 | 136 | 138 
5N@ 44 19 22 27 32 37 44 48 54 61 69 80 93 | 113 | 116 | 126 | 139 | 150 
9.60 48 19 24 25 30 36 40 48 48 55 69 78 90 96 | 115 | 116 | 128 | 140 | 142 
52 20 Pal 25 29 33 39 42 50 54 62 71 82 92 99 | 117 | 118 | 130 | 141 
56 20 21 24 29 33 38 40 46 50 59 71 79 85 | 100 | 100 | 119 | 120 | 133 


36 20 28 35 42 51 62 70 78 83 | 100 | 122 | 134 | 147 
40 19 25 33 39 47 56 64 71 79 93 | 112 | 124 | 137 | 148 
6N@ 44 19 24 31 36 45 50 57 65 73 81 102 | 115 | 127 | 138 | 151 
8.00 48 19 23 30 35 40 48 52 59 67 78 95 | 105 | 116 | 129 | 141 | 160 
52 20 23 27 32 38 46 51 59 60 75 83 97 | 107 | 130 | 131 ) 144 | 162 
56 20 22 27 31 37 42 48 54 61 69 80 91 107 | 120 | 132 | 134 | 153 | 165 


36 30 36 45 56 64 78 91 100 | 122 | 134 
40 28 33 42 51 59 70 80 92 | 101 | 124 | 148 
8N@ 44 27 32 39 49 55 65 74 82 95 | 114 | 127 | 150 


48 6.00 48 26 30 37 47 53 60 68 76 84 | 105 | 129 | 131 | 154 

52 26 30 36 44 51 59 65 71 80 99 | 119 | 132 | 146 | 164 
56 25 28 36 43 49 57 63 69 78 90 | 109 | 123 | 136 | 155 
36 35 44 55 70 79 91 99 | 121 | 122 | 146 
40 34 42 52 63 74 88 93 | 101 | 113 | 136 

9N@ 44 33 39 50 59 69 83 1 94 | 103 | 126 | 150 

5.33 48 33 37 46 56 66 76 85 94 97 | 118 | 130 
52 31 36 46 54 63 72 80 95 | 101 | 108 | 132 | 152 
56 31 35 44 53 62 69 80 89 98 | 103 | 123 | 137 | 165 
36 35 52 71 84 | 100 ] 123 | 135 | 148 
40 34 48 65 76 93 | 113 | 125 | 137 | 149 

12N@ | 44 31 44 57 73 82 | 102 | 115 | 126 | 139 

4.00 48 30 41 53 67 76 88 | 104 | 117 | 130 | 153 
52 30 39 52 61 76 84 97 | 107 | 131 | 144 
56 27 38 49 61 70 81 91 108 | 122 | 135 | 165 
40 18 23 30 38 44 47 56 60 68 79 93 | 113 | 124 | 136 | 138 
44 17 22 29 34 40 46 51 56 61 76 89 94 | 113 |] 126 | 137 | 139 

5N@ 48 19 22 28 31 38 42 48 55 61 69 78 94 96 | 115 | 127 | 139 | 141 

10.00 | 52 20 22 25 31 35 40 45 49 55 62 74 82 96 | 116 | 117 | 129 | 141 | 142 
56 20 22 25 30 32 40 43 50 51 63 val 83 92 99 | 117 |] 119 | 131 | 142 
60 20 20 24 30 33 36 42 46 51 58 65 76 86 96 | 101 | 120 | 121 | 133 
40 20 28 34 42 48 56 64 71 80 | 100 | 112 | 124 | 147 
44 19 24 31 38 47 50 57 65 73 85 | 102 | 124 | 127 | 149 

6N@ 48 19 23 30 37 40 49 57 65 67 82 95 | 115 | 127 | 129 | 151 

8.33 52 20 23 30 36 40 46 52 59 67 75 84 | 105 | 117 | 129 | 131 | 153 | 162 
56 20 23 26 33 39 42 51 54 60 72 84 98 | 107 | 120 | 132 | 144 | 163 | 164 
60 21 23 27 33 38 43 49 53 61 70 80 87_ | 102 | 110 | 123 | 134 | 154 | 165 
40 22 31 39 51 59 67 78 86 96 | 110 | 135 
44 21 29 37 47 53 61 70 80 96 | 103 | 118 | 139 

8N@ 48 21 27 35 42 51 58 69 76 81 99 | 114 | 130 | 142 

6.25 52 21 25 33 40 49 55 63 70 78 99 | 107 | 121 | 141 
56 24 29 36 42 47 56 64 68 78 94 | 108 | 118 | 137 | 148 

50 60 24 27 35 40 47 55 61 69 74 83 | 103 | 110 | 123 | 139 | 149 


40 24 34 44 55 66 74 86 96 | 104 | 134 
44 23 32 40 53 61 69 80 88 98 | 113 | 138 
9N@ 48 24 32 42 52 58 69 7 90 99 | 111 | 133 
5.56 52 24 31 40 47 58 66 74 79 92 | 106 | 126 | 143 
56 24 30 38 46 55 60 68 77 89 | 102 | 116 | 135 
60 24 32 38 49 53 61 70 75 83 97 | 111 | 125 | 141 


40 26 38 49 60 74 87 96 | 104 | 116 | 136 
44 25 36 47 60 68 84 96 | 102 | 112 | 140 
10N@ | 48 24 34 46 54 65 76 89 99 | 103 | 130 

5.00 52 24 34 45 52 62 70 79 91 100 | 114 | 134 
56 23 32 41 48 60 70 76 87 93 | 107 | 134 | 146 
60 24 31 40 49 57 66 73 81 94 | 109 | 119 | 138 


40 34 49 65 80 | 100 | 112 | 125 | 147 
44 31 44 57 73 86 | 102 | 126 | 127 | 149 
12N@ | 48 30 41 58 67 82 96 | 115 | 127 | 130 | 154 

417 52 30 39 53 68 76 84 | 105 | 118 | 130 | 154 
56 27 40 52 61 70 85 99 | 108 | 122 | 135 | 164 
60 27 39 49 61 70 82 88 | 104 | 112 | 135 | 166 
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GIRDER| JOIST | GIRDER JOIST GIRDER WEIGHT — POUNDS PER LINEAR FOOT 
‘SPAN | SPACES | DEPTH FACTORED LOAD ON EACH PANEL POINT - KIPS 
(ft) (ft) (in.) 6.0 75 9.0 | 10.5 | 12.0 | 13.5 | 15.0 | 16.5 | 18.0 | 19.5 | 21.0 | 24.0 | 27.0 | 30.0 | 33.0 | 36.0 | 39.0 | 42.0 
44 21 21 24 25 29 32 35 38 41 43 47 53 59 63 71 82 83 86 
48 21 21 23 24 28 30 32 35 38 41 43 49 56 60 64 71 73 83 
5N@ 52 20 22 23 25 27 29 32 33 36 39 42 44 52 57 65 66 74 74 
11.00 56 20 21 24 24 26 28 31 33 36 37 39 44 51 53 58 66 66 74 
60 23 24 24 24 27 27 31 33 35 38 38 45 47 52 60 61 67 68 
66 24 24 24 25 26 28 28 33 34 37 37 42 47 48 55 56 62 69 
44 19 22 26 29 33 36 38 43 45 51 52 59 66 75 86 86 98 101 
48 20 22 24 28 31 33 36 40 44 46 50 56 64 68 75 87 89 98 
6N@ 52 20 22 24 26 29 33 35 37 41 59 59 66 74 86 93 99 109 | 110 
9.17 56 18 21 24 25 28 31 35 36 39 42 47 52 55 63 70 71 78 91 
60 20 21 24 25 29 30 33 35 38 39 43 48 55 60 64 7A 75 80 
66 19 20 22 24 28 30 31 33 36 39 40 47 50 56 62 65 73 73 
44 21 24 28 33 36 39 44 50 53 59 59 70 75 87 97 102 | 111 | 120 
48 21 24 27 31 34 38 43 45 51 54 56 65 72 76 89 98 103 | 110 
55 7N@ 52 21 23 26 29 33 36 39 44 46 52 55 62 69 74 86 91 100 | 105 
7.86 56 20 22 25 28 31 35 38 40 46 48 53 55 64 70 79 87 92 101 
60 21 22 24 27 30 33 36 39 4 47 49 56 64 68 72 81 93 94 
66 22 22 24 26 30 32 36 37 40 43 48 52 58 65 70 74 83 84 
44 24 29 34 39 46 52 55 60 67 74 74 87 98 105 | 116 | 135 | 137 
48 24 28 32 38 40 47 53 57 61 68 69 81 97 103 | 107 | 118 | 129 | 139 
9N@ 52 25 30 33 39 43 47 52 57 65 65 73 77 90 104 | 105 | 114 | 125 | 133 
6.11 56 24 29 32 38 43 46 51 53 59 66 67 7 87 92 105 | 107 | 117 | 128 
60 24 27: 32 36 40 45 47 52 56 60 67 71 80 93 95 108 | 109 | 118 
66 24 27 31 35 39 42 46 49 54 58 61 71 78 83 91 97 1411_-| 113 
44 30 36 43 49 55 63 67 74 87 88 97 106 | 126 | 137 
48 28 33 39 45 54 61 65 69 76 87 89 103 | 112 | 128 ) 139 
1iIN@ | 52 27 34 37 44 52 55 62 66 73 77 88 99 105 | 115 | 131 142 
5.00 56 27 33 39 42 48 54 60 64 68 77 80 93 102 | 107 | 118 | 134 | 146 
60 26 31 37 40 47 49 58 64 67 72 7 82 95 108 | 110 | 121 137 | 148 
66 26 31 36 39 45 50 54 60 65 68 74 82 97 98 113 | 117 | 126 | 141 
48 21 23 27 29 33 35 39 43 44 49 51 57 63 69 76 87 89 94 
52 21 22 27 28 31 33 36 40 44 45 47 52 60 65 69 ea 85 90 
5N@ 56 22 23 24 28 30 31 34 36 At 44 45 52 59 63 69 74 78 87 
12.00 60 22 23 24 28 29 32 34 35 40 42 45 49 53 60 66 70 75 80 
66 24 24 24 26 30 30 33 35 36 38 42 47 51 56 61 67 72 73 
72 25 25 25 25 27 30 31 35 36 37 39 45 48 56 56 63 69 70 
48 20 24 29 32 36 38 41 47 49 56 60 67 72 80 93 93 112 | 113 
52 20 23 28 30 33 37 39 46 48 50 57 62 69 78 80 94 94 113 
6N@ 56 19 24 25 30 33 38 39 42 48 49 51 58 66 69 79 83 95 96 
10.00 60 19 23 24 29 32 34 39 40 43 49 50 57 63 70 75 83 83 96 
66 19 23 24 27 32 32 34 40 42 44 50 52 61 65 69 7 84 85 
2! 22 22 24 27 28 33 34 36 AL 43 44 52 54 63 68 7A 75 87 
48 24 29 34 39 43 49 56 57 64 72 72 80 93 112 | 123 | 125 | 136 | 148 
52 23 29 31 37 40 48 50 57 58 66 72 81 94 103 | 114 | 125 | 127 | 139 
8N@ 56 23 26 31 36 38 44 49 51 58 60 66 75 83 96 104 | 116 | 127 | 129 
7.50 60 23 26 32 33 39 42 47 50 53 59 61 69 77 85 98 106 | 118 | 129 
66 28 30 33 34 41 43 46 48 53 57 62 70 78 82 90 100 | 108 | 120 
60 72 29 30 31 34 36 41 46 47 52 58 59 66 73 80 90 92 104 | 110 
48 26 32 37 44 49 55 60 67 74 79 87 97 105 | 118 | 137 | 138 
52 28 34 38 44 50 56 64 65 71 75 88 97 103 | 113 | 130 | 138 
10N@ | 56 27 33 37 43 46 51 58 66 65 72 76 90 104 | 105 | 123 | 131 143 
6.00 60 25 31 37 39 45 51 57 60 66 70 73 86 93 104 | 111 | 126 | 134 
66 27 32 37 42 49 51 56 62 65 72 74 85 95 102 | 120 | 122 | 134 | 145 
72 26 32 33 38 42 47 50 55 59 66 69 74 83 96 98 111 141 | 121 
48 33 39 46 53 59 68 75 86 87 97 102 | 111 135 
52 31 37 45 51 57 65 69 76 88 89 98 104 | 118 | 139 
12N@ | 56 29 36 41 48 55 62 66 72 Pea 89 1 104 | 113 | 129 | 140 
5.00 60 30 35 39 47 54 56 64 73 74 79 91 102 | 106 | 116 | 133 | 145 
66 32 35 41 48 53 61 62 70 77 80 87 100 | 110 | 122 | 134 | 147 | 164 
72 29 33 38 42 50 52 60 61 69 72 7 86 100 | 110 | 114 | 127 | 142 | 151 
48 40 49 64 72 80 93 102 | 113 | 124 | 126 | 136 
52 39 48 57 66 74 81 94 103 | 114 | 126 | 127 | 150 
15N@ 56 38 46 53 67 71 80 83 96 104 | 116 | 127 | 140 | 153 
4.00 60 38 42 51 60 68 76 83 89 98 106 | 118 | 132 | 144 
66 35 4 49 55 62 70 81 87 87 103 | 110 | 123 | 136 | 153 | 167 
72 35 44 46 55 64 66 77 85 90 93 106 | 125 | 139 | 142 | 160 | 171 
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GIRDER| JOIST | GIRDER JOIST GIRDER WEIGHT — POUNDS PER LINEAR FOOT 
SPAN | SPACES | DEPTH FACTORED LOAD ON EACH PANEL POINT - KIPS 
(ft) (ft) (in) 6.0 7.5 9.0 | 10.5 | 12.0 | 13.5 | 15.0 | 16.5 | 18.0 | 19.5 | 21.0 | 24.0 | 27.0 | 30.0 | 33.0 | 36.0 | 39.0 | 42.0 


52 22 28 30 33 39 4 45 49 54 58 61 69 78 83 95 97 | 115 | 116 
56 21 25 29 33 35 40 42 48 49 55 58 63 70 80 84 97 97 | 117 
6N@ 60 23 24 29 32 34 39 4 44 50 50 56 64 71 76 82 92 98 99 
10.83 | 66 22 24 26 31 33 35 40 42 45 51 51 58 65 73 78 83 87 | 100 
72 24 25 27 31 32 35 37 42 43 47 49 54 60 68 76 80 87 89 


52 25 31 38 40 44 51 58 62 66 74 74 83 97 | 115 | 127 | 129 | 141 ] 153 
56 24 30 34 39 43 50 52 59 63 68 74 83 97 | 105 | 118 | 129 | 131 | 143 
8N@ 60 23 28 33 39 41 47 51 53 60 68 69 7 85 99 | 108 | 119 | 130 | 133 
8.12 66 24 28 33 35 42 44 49 52 56 63 63 75 80 89 | 101 | 110 | 122 | 124 
72 38 39 39 39 42 45 47 52 56 58 65 73 78 89 92 | 104 | 113 | 125 


52 30 32 38 44 49 58 62 67 74 79 83 97 | 116 | 128 | 129 | 142 | 153 
56 26 32 39 42 48 53 59 68 68 76 81 98 | 106 | 118 | 130 | 142 | 144 | 155 
9N@ 60 25) 32 38 40 47 51 58 60 69 70 78 86 | 100 | 109 | 120 | 132 | 145 | 146 
7.22 66 28 32 37 41 44 50 53 60 64 71 72 81 89 | 103 | 112 | 124 | 136 | 138 
72 29 30 35 38 44 46 52 57. 62 66 71 79 91 91 108 | 115 | 127 | 140 


co 52 31 36 4 49 58 62 67 75 82 89 97 | 116 | 128 | 131 | 154 | 155 

56 31 36 40 46 52 60 68 69 77 85 1 107 | 119 | 132 | 144 

10N@ | 60 29 34 40 44 51 57 61 70 74 78 87 | 100 | 109 | 122 | 134 | 146 

6.50 66 27 34 39 43 50 54 60 65 72 74 82 90 | 103 | 113 | 125 | 138 | 140 | 163 
72 27 33 37 44 47 52 56 62 67 75 76 87 93 | 110 | 127 | 129 | 141 | 143 
52 33 39 45 52 59 67 75 83 89 98 | 106 | 118 | 131 | 153 
56 32 39 44 51 60 64 69 7 85 91 99 | 119 | 132 | 144 | 156 

11N@ | 60 33 38 44 49 55 63 70 74 79 86 92 | 109 | 122 | 134 | 147 

5.91 66 30 37 42 46 54 57 64 72 73 81 90 | 104 | 113 | 125 | 139 | 147 | 164 
72 30 36 41 47 51 57 62 67 77 77 88 93 | 110 | 118 | 131 | 144 | 156 | 173 
52 37 45 55 64 72 79 89 98 | 106 | 117 | 130 | 142 
56 37 43 53 61 69 7 86 91 99 | 108 | 120 | 133 | 146 

13N@ | 60 35 41 50 58 64 val 77 85 93 | 100 | 108 | 131 | 134 | 158 

5.00 66 34 41 49 53 62 70 75 80 87 93 | 102 | 122 | 134 | 137 | 161 
72 34 41 46 53 58 64 72 78 85 90 90 | 113 | 127 | 138 | 141 | 170 
56 24 25 30 35 39 43 46 51 56 57 64 71 83 88 | 102 | 102 | 110 | 121 
60 23 26 30 33 37 43 44 50 52 57 61 66 73 85 90 | 102 | 105 | 111 

7N@ 66 24 27 30 32 35 39 44 46 51 53 58 67 73 75 87 93 | 104 | 106 

10.00 | 72 24 25 29 32 34 38 42 46 47 53 54 60 69 76 78 89 94 | 102 
78 25 26 28 31 34 37 40 43 47 49 50 58 63 71 78 83 90 96 
84 24 27 29 31 35 37 39 42 44 49 51 57 65 69 72 80 85 94 
56 26 31 37 40 45 53 56 61 67 72 75 88 | 102 | 110 | 122 | 128 
60 25 30 35 39 45 47 54 61 65 70 73 89 99 | 105 | 114 | 129 | 131 

9N@ 66 31 34 38 43 48 51 56 63 67 70 74 86 92 | 106 | 112 | 122 | 127 

7.78 72 32 33 37 43 45 51 56 58 64 67 69 77 89 | 100 | 108 | 114 | 124 | 131 
78 32 34 36 39 45 48 53 59 60 66 66 76 87 93 | 102 | 110 | 116 | 118 
84 33 34 35 38 45 47 50 55 59 63 67 72 81 94 95 | 103 | 113 | 118 
56 27 34 38 45 53 57 60 68 75 80 88 | 100 | 106 | 118 | 137 
60 30 36 41 48 55 60 65 69 71 84 88 | 102 | 109 | 122 | 130 

10N@ | 66 29 35 42 44 51 55 62 66 70 73 85 91 105 | 109 | 123 | 132 

7.00 72 30 34 38 43 47 52 59 63 66 69 78 88 94 | 106 | 112 | 127 | 133 
78 30 33 37 40 46 51 55 61 65 71 71 79 94 96 | 108 | 115 | 130 | 137 

70 84 31 33 36 40 47 49 55 57 63 70 72 80 92 98 | 109 | 112 | 121 | 133 


1iN@ | 66 31 38 43 46 53 59 67 67 76 86 88 | 105 | 106 | 117 | 132 
6.36 72 32 37 42 48 55 57 62 70 70 78 82 94 | 108 | 109 | 119 } 136 | 148 
78 29 35 40 47 50 55 61 65 73 72 80 92 98 | 110 | 118 | 124 | 140 | 141 
84 30 36 39 45 49 52 59 66 68 73 78 84 97 | 102 | 116 | 124 | 129 | 144 


12N@ | 66 32 37 45 48 55 63 67 76 78 90 92 | 105 | 115 | 130 | 143 

5.83 72 32 37 42 48 55 61 65 69 77 80 89 | 102 | 107 | 119 | 135 | 148 
78 30 36 42 48 51 56 64 70 72 80 84 97 | 106 | 113 | 123 | 141 | 151 
84 30 36 40 45 51 53 61 68 73 77 83 89 | 102 | 115 | 118 | 128 | 144 | 151 


14N@ | 66 35 42 48 55 64 70 77 90 92 | 102 | 106 | 115 | 132 

5.00 72 34 40 49 55 61 69 73 81 1 95 | 103 | 110 | 120 | 138 
78 33 39 44 52 58 67 72 76 84 92 97 | 111 | 120 | 138 | 141 
84 33 40 44 51 58 62 69 78 79 86 97 | 106 | 116 | 127 | 143 | 155 
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GIRDER) JOIST | GIRDER JOIST GIRDER WEIGHT — POUNDS PER LINEAR FOOT 
SPAN | SPACES | DEPTH FACTORED LOAD ON EACH PANEL POINT - KIPS 
(ft) (ft) (in) | 6.0 | 7.5 | 9.0 | 10.5 | 12.0 | 13.5 | 15.0 | 16.5 | 18.0 | 19.5 | 21.0 | 24.0 | 27.0 | 30.0 | 33.0 | 36.0 | 39.0 | 42.0 
56 29 33 40 43 49 55 61 65 73 79 82 95 | 115 |] 116 | 128 | 140 | 152 
60 26 32 38 42 48 51 58 63 70 75 80 92 97 | 116 | 118 | 130 | 142 | 153 
8N@ 66 27 32 35 4 44 51 53 60 64 69 72 82 98 99 | 118 | 120 | 132 | 144 
9.38 72: 26 32 34 4 43 46 52 58 61 66 71 79 87 | 100 | 101 | 121 | 122 | 134 
78 27 29 34 37 43 45 54 54 61 64 69 7 81 89 | 103 | 105 | 123 | 125 
60 32 39 42 50 59 67 69 76 83 89 98 | 117 ] 129 | 131 | 154 
66 32 37 42 49 55 62 69 70 78 86 87 | 100 | 119 | 132 | 134 
10N@ | 72 30 36 42 45 54 57 63 72 73 81 86 | 101 | 111 | 123 | 136 | 138 
7.50 78 31 35 39 46 48 56 63 66 74 75 82 91 105 | 114 | 127 | 139 | 152 
84 31 36 39 45 49 55 59 65 69 77 78 94 95 | 110 | 128 | 131 | 143 | 156 
60 38 43 51 59 68 76 84 90 98 | 106 ] 118 | 131 | 144 
66 35 42 50 55 62 70 79 87 90 | 100 | 110 | 122 | 135 | 148 
75 | 12N@]} 72 36 4 46 54 63 65 73 81 90 91 104 | 124 | 126 | 141 | 154 
6.25 78 35 42 47 54 61 68 76 78 86 90 98 | 105 | 126 | 139 | 152 | 163 
84 34 39 46 52 56 64 70 78 79 90 92 | 106 | 126 | 139 | 141 | 164 | 171 
66 41 48 56 63 72 80 89 | 102 | 111 | 122 | 125 |] 137 
14N@ | 72 41 46 52 61 70 75 84 95 | 101 | 110 | 121 | 134 | 148 
5.36 78 37 44 53 61 68 76 80 89 98 | 103 | 107 | 125 | 139 | 151 
84 38 44 52 57 64 71 79 86 92 | 100 | 108 | 127 | 130 | 153 | 171 
90 37 42 50 58 66 73 77 87 94 94 | 110 | 119 | 142 | 144 | 173 | 176 
66 41 52 60 69 77 85 98 | 106 | 118 | 120 ] 132 ] 146 
15N@ | 72 42 52 59 67 74 84 87 99 | 110 | 121 | 123 | 146 | 160 
5.00 78 4 47 54 65 73 77 88 1 104 | 112 | 124 | 139 | 152 | 169 
84 39 46 55 63 67 76 86 92 93 | 109 | 116 | 131 | 143 | 171 | 174 
90 38 46 52 60 69 74 81 90 95 | 103 | 118 | 133 | 145 | 146 | 177 
60 28 31 37 42 45 51 56 63 64 72 75 88 97 | 103 | 112 | 127 | 137 
66 30 31 35 38 45 47 52 57 62 65 70 ris 90 | 103 | 105 | 113 | 129 | 131 
8N@ 72 29 32 33 38 41 46 48 53 59 63 68 76 87 92 | 106 | 108 | 116 | 126 
10.00 | 78 30 31 33 37 41 42 47 53 56 60 64 73 81 88 94 | 109 | 111 | 118 
84 30 32 35 37 39 43 48 52 56 59 63 val 79 83 96 98 | 112 | 114 
90 53 54 56 56 57 57 58 60 63 67 70 79 79 90 95 | 103 | 105 | 118 
60 31 35 41 47 53 60 68 75 76 88 97 | 103 ] 112 | 129 | 139 
66 31 35 39 46 52 55 62 70 75 78 90 | 100 | 107 | 115 | 132 | 142 
10ON@ | 72 33 37 43 50 55 62 63 70 74 83 87 97 | 106 | 120 | 127 
8.00 78 32 36 42 46 51 56 63 68 71 76 86 90 | 100 | 112 } 122 | 130 
84 33 37 42 45 51 57 61 65 70 7 78 91 100 | 109 | 115 | 125 | 131 
90 34 36 40 44 49 53 60 65 68 72 77 87 92 | 102 | 111 | 118 | 132 | 136 
66 36 44 50 57 65 70 73 86 90 | 103 ] 103 | 115 | 130 
72 34 42 47 54 59 67 72 7 86 92 | 101 | 107 | 125 | 133 
go | 2N@| 78 33 39 46 53 60 65 69 79 80 88 94 | 108 | 114 | 129 | 136 
6.67 84 34 38 47 49 56 63 70 72 79 83 92 99 | 111 | 121 | 138 | 140 
90 36 39 44 50 56 59 66 72 74 82 86 | 101 | 113 | 116 | 125 | 143 | 149 
96 34 37 43 50 54 60 68 71 75 79 85 98 | 104 | 117 | 120 | 130 | 147 | 156 
66 39 47 57 64 73 77 89 98 | 103 | 109 | 113 | 129 
72 38 46 54 59 67 76 79 91 101 | 106 | 106 | 125 | 143 
14N@ | 78 36 43 50 58 66 70 78 90 95 96 | 109 | 118 | 136 | 149 
5.71 84 36 42 50 56 64 71 74 80 92 98 99 | 112 | 124 | 143 
90 36 4 48 53 61 68 74 82 86 95 | 100 | 115 | 121 | 136 | 146 
96 37 40 47 53 61 67 74 79 84 88 | 100 | 108 | 118 | 127 | 145 | 152 
66 42 53 62 70 78 90 | 101 | 105 | 113 | 129 ] 130 
72 41 50 57 69 76 81 93 | 102 | 109 | 116 | 118 | 145 
16N@ | 78 41 49 58 66 73 83 91 96 | 104 | 112 | 120 | 137 | 149 
5.00 84 39 45 54 61 69 76 84 97 | 100 | 109 | 115 | 126 | 143 
90 39 46 54 62 70 74 80 86 | 101 | 102 | 114 | 119 | 144 | 155 
96 40 46 55 58 68 73 81 88 94 | 106 | 110 | 121 | 133 | 155 | 164 
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GIRDER| JOIST | GIRDER JOIST GIRDER WEIGHT — POUNDS PER LINEAR FOOT 
SPAN | SPACES | DEPTH FACTORED LOAD ON EACH PANEL POINT - KIPS 
(ft) (ft) (in) 6.0 75 9.0 | 10.5 | 12.0 | 13.5 | 15.0 | 16.5 | 18.0 | 19.5 | 21.0 | 24.0 | 27.0 | 30.0 | 33.0 | 36.0 | 39.0 | 42.0 


72 40 42 46 49 55 60 64 72 81 82 92 98 | 117 | 119 | 141 | 143 
84 4 44 48 48 50 54 60 67 75 76 84 88 | 102 | 121 | 124 | 135 | 148 | 149 
9N@ 90 54 55 56 56 57 59 62 65 72 77 85 88 99 | 105 | 125 | 128 | 138 
10.00 | 96 55 56 57 57 58 59 64 65 69 74 80 91 98 | 107 | 110 | 128 ) 131 | 142 
102 | 55 57 57 58 59 60 62 65 69 74 75 87 95 | 105 | 112 | 130 | 133 | 134 


72 42 46 48 52 61 64 72 78 85 93 99 | 118 ] 130 | 142 | 155 
84 42 45 49 51 58 62 69 73 81 94 97 | 115 | 117 | 137 | 148 
10N@ | 90 42 46 50 51 56 60 66 71 79 81 89 | 100 | 107 | 126 | 129 | 141 
9.00 96 43 46 48 53 56 59 66 70 74 82 87 95 | 108 | 113 | 129 | 133 | 153 
102 | 43 45 48 53 57 60 65 69 76 7 84 97 | 105 | 115 | 124 | 131 | 137 | 155 


72 43 47 51 59 65 73 78 86 99 | 100 ] 119 | 120 | 143 
84 43 49 50 55 62 67 74 78 87 1 100 | 113 | 126 | 138 | 150 
11N@ | 90 45 48 51 53 59 66 72 77 85 90 93 | 107 | 128 | 129 | 142 
8.18 96 47 48 53 56 60 63 val 75 81 87 95 | 105 | 113 | 132 | 134 | 148 
102 | 48 49 57 58 61 64 70 73 82 86 94 | 101 | 116 | 124 | 138 | 150 | 163 


78 44 49 53 60 68 72 79 88 | 102 | 103 | 111 | 124 ] 149 
84 45 49 52 56 65 75 79 84 91 103 | 105 | 125 | 137 | 149 
12N@ | 90 46 50 52 60 68 75 79 88 89 | 100 | 106 | 126 | 128 | 151 | 152 
7.50 96 46 48 52 58 63 72 76 82 90 93 | 103 | 110 | 129 | 132 | 153 | 156 
108 | 45 49 55 56 64 66 76 81 85 92 97 | 107 | 115 | 135 | 137 | 160 | 168 


78 47 54 66 75 82 94 99 | 120 | 121 | 133 ] 145 ] 148 
84 49 54 62 68 76 86 97 | 103 | 122 | 124 | 125 | 149 
15N@ | 90 50 52 60 69 78 82 90 99 | 106 | 125 | 127 | 140 | 153 

6.00 96 48 53 58 66 72 80 93 95 | 108 | 112 | 129 | 131 | 154 | 173 
108 | 51 57 59 64 72 78 87 99 | 101 | 109 | 115 | 136 | 139 | 168 | 172 


78 51 62 74 84 99 | 102 ] 120 | 133 | 145 | 148 | 159 
84 51 61 73 80 89 | 104 | 113 | 124 | 137 | 150 | 151 
18N@ | 90 52 58 70 79 90 93 | 106 | 126 | 129 | 142 | 153 | 166 
5.00 96 53 58 68 78 87 95 | 108 | 113 | 131 | 133 | 144 | 158 
108 | 57 59 64 76 85 95 | 103 | 113 | 120 | 127 | 139 | 151 | 172 


78 45 49 52 55 58 62 68 75 79 1 92 | 106 ] 115 | 131 | 140 
84 47 50 53 55 58 61 69 72 77 81 93 | 102 | 109 | 118 | 133 | 143 
10N@ | 96 55 56 56 57 62 64 68 74 84 86 87 | 102 | 116 | 125 | 126 
10.00 | 102 | 55 56 57 58 61 64 66 73 77 86 89 | 100 | 106 | 121 | 127 | 133 
108 56 57 58 59 61 64 67 70 76 80 87 92 | 106 | 107 | 127 | 130 


78 48 53 56 62 70 74 86 92 97 | 105 ] 112 | 124 
84 48 52 55 63 68 72 84 88 98 99 | 107 | 126 | 133 
12N@ | 96 47 51 55 58 66 67 75 81 91 93 | 102 | 111 | 116 | 131 

8.33 | 102 | 48 52 55 58 62 69 73 79 90 94 95 | 113 | 118 | 133 | 141 
108 | 48 51 55 59 62 70 72 76 85 92 97_ | 106 | 117 | 123 | 139 | 149 


78 53 56 67 75 86 91 104 | 106 | 115 | 125 | 133 
84 53 56 61 69 78 88 94 | 107 | 113 | 118 | 128 
15N@ | 96 52 56 61 68 72 82 93 99 | 105 | 114 | 118 | 133 

6.67 | 102 53 56 60 66 74 83 85 97 | 102 | 116 | 117 | 125 | 144 
108 53 56 59 65 73 77 87 99 | 103 | 104 | 118 | 123 | 140 | 149 


84 53 58 69 72 80 92 | 106 | 107 | 117 | 127 | 133 
96 53 57 63 71 75 85 98 | 100 | 115 | 115 | 124 | 140 
100 | 16N@ | 102 | 53 57 62 66 74 84 97 | 102 | 111 | 117 | 118 | 136 | 154 
6.25 | 108 54 58 62 67 76 82 87 | 100 | 104 | 117 | 118 | 129 | 148 
120 56 61 64 70 76 83 86 93 | 104 | 109 | 116 | 128 | 140 | 161 


84 55 61 70 77 88 94 | 107 | 114 | 127 | 133 | 145 
96 54 59 65 72 80 93 99 | 113 | 115 | 121 | 135 | 151 
17N@ | 102 | 55 59 66 73 79 87 98 | 102 | 118 | 118 | 127 | 144 
5.88 | 108 55 60 65 69 78 87 91 105 | 107 | 119 | 120 | 140 | 160 
120 56 62 67 71 78 87 93 | 100 | 110 | 112 | 125 | 133 | 149 | 168 


84 55 61 70 81 94 | 102 | 109 | 118 | 134 | 144 
96 55 60 65 72 84 97 | 100 | 114 | 120 | 124 | 140 
18N@ | 102 | 56 61 66 73 84 89 | 102 | 112 | 118 | 125 | 137 | 154 

5.56 | 108 57 60 68 73 82 91 104 | 106 | 119 | 121 | 130 | 148 
120 59 64 69 75 84 88 98 | 108 | 113 | 122 | 129 | 142 | 163 


84 58 66 7 94 | 103 | 109 | 118 | 134 | 146 
96 60 65 73 83 99 | 108 | 115 | 123 | 125 | 144 | 153 
20N@ | 102 | 59 65 71 80 89 | 103 | 114 | 121 | 129 | 147 | 147 
5.00 | 108 | 60 67 val 80 89 | 106 | 110 | 123 | 126 | 134 | 149 | 164 
120 | 68 73 90 | 101 | 108 | 113 | 123 | 133 | 152 | 155 | 166 | 182 | 200 
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GIRDER| JOIST |/GIRDER JOIST GIRDER WEIGHT — POUNDS PER LINEAR FOOT 
SPAN | SPACES | DEPTH FACTORED LOAD ON EACH PANEL POINT — KIPS 
(ft) (ft. fin.) 6.0 7.5 9.0 | 10.5 | 12.0 | 13.5 | 15.0 | 16.5 | 18.0 | 19.5 | 21.0 | 24.0 | 27.0 | 30.0 | 33.0 | 36.0 | 39.0 | 42.0 
84 54 58 61 65 69 73 82 83 94 99 100 | 120 | 143 ) 144 
96 62 62 63 65 69 72 81 82 91 97 98 107 | 125 
10N@ | 108 63 63 64 67 69 72 75 82 86 a1 95 105 | 113 | 131 | 133 
11.00 | 114 63 64 67 68 72 73 76 79 86 88 96 108 | 115 | 133 | 136 
120 64 64 66 69 72 74 76 81 83 88 90 100 | 111 128 | 137 | 140 
84 58 62 66 70 74 84 88 101 109 | 120 | 122 | 144 
96 57 62 66 70 74 79 88 92 101 107 | 125 | 127 | 151 
12N@ | 108 58 64 68 72 75 79 84 90 95 106 | 111 132 | 136 | 158 
917 114 59 65 66 71 75 79 84 89 102 | 106 | 107 | 126 | 134 | 156 | 158 
120 59 62 67 72 74 79 82 91 96 107 | 109 | 126 | 135 | 158 | 161 
84 60 66 71 76 84 97 102 | 122 | 123 | 134 | 147 
96 60 65 69 74 83 95 100 | 105 | 124 | 125 | 136 | 150 
14N@ | 108 60 64 69 72 78 87 99 103 | 108 | 120 | 128 | 142 | 155 
7.86 114 61 65 69 74 79 84 93 103 | 105 | 111 | 124 | 133 | 157 
410 120 60 66 69 74 80 82 90 96 106 | 109 | 126 | 135 | 158 | 160 
96 62 68 72 79 89 104 | 106 | 125 | 126 | 147 | 149 
102 63 67 74 80 89 103 | 108 | 125 | 127 | 128 | 152 | 156 
16N@ | 108 64 68 73 81 83 95 104 | 110 | 127 | 130 | 142 | 158 
6.88 114 65 70 74 80 86 95 105 | 111 | 114 | 132 | 135 | 161 162 
120 66 69 75 81 88 97 99 109 | 117 | 135 | 138 | 152 | 165 
96 64 71 7 87 99 106 | 125 | 127 | 148 | 151 
102 66 70 80 89 101 109 | 127 | 128 | 139 | 152 | 153 
18N@ | 108 66 gl 77 83 94 106 | 111 129 | 131 144 | 157 
6.11 114 67 73 79 85 97 107 | 113 | 132 | 134 | 137 | 159 | 163 
120 68 74 79 88 91 101 | 110 | 118 | 136 | 139 | 152 | 166 
96 68 77 82 99 106 | 125 | 139 | 152 | 154 
102 69 75 81 94 109 | 129 | 130 | 142 | 154 | 155 
20N@ | 108 69 77 83 94 106 | 114 | 132 | 133 | 145 | 157 | 169 
5.50 114 69 1 86 91 101 115 | 134 | 135 | 147 | 160 | 161 
120 66 72 77 83 93 106 | 113 | 126 | 128 | 137 | 154 | 167 
96 63 66 69 72 76 78 82 86 89 89 94 108 | 115 | 129 
102 64 67 69 71 75 79 83 83 86 91 92 110 | 117 | 131 | 137 
10N@ |} 108 78 79 82 83 83 83 86 a1 95 94 100 | 108 | 126 
12.00 | 114 78 79 82 83 83 84 86 o1 90 95 95 109 | 127 | 128 
120 79 81 83 84 84 85 86 88 92 92 97 102 | 113 | 133 
96 68 69 71 7? 82 86 90 99 100 | 113 | 125 | 130 
102 68 69 72 78 80 85 88 96 101 102 | 116 | 130 
12N@ | 108 69 70 72 75 81 86 90 o1 99 103 | 105 | 128 | 134 
10.00 | 114 70 70 71 75 82 86 87 92 95 100 | 130 | 121 135 
120 70 71 72 76 80 84 88 92 93 102 | 107 | 123 | 133 | 138 
96 69 74 7 82 90 96 109 | 115 | 125 | 129 | 134 
102 70 73 78 84 88 93 103 | 113 | 118 | 129 | 132 
15N@ | 108 70 73 80 85 90 95 101 106 | 115 | 119 | 133 
8.00 114 70 73 78 83 88 93 98 107 | 117 | 121 | 122 | 137 
120 72 74 78 84 89 94 99 100 | 110 | 118 | 124 | 140 
96 70 76 80 85 90 100 | 109 | 114 | 128 | 134 
102 70 74 78 86 92 97 110 | 112 | 120 | 131 | 137 
120 | 16N@ | 108 70 74 80 85 90 95 100 | 114 | 120 | 124 | 133 
7.50 114 70 73 81 86 91 96 101 107 | 117 | 122 | 135 | 145 
120 70 75 79 85 90 94 99 103 | 118 | 119 | 126 | 147 
96 71 7 85 89 95 109 | 116 | 129 | 136 
102 72 78 83 87 97 141} 113 | 121 138 | 138 
18N@ | 108 72 79 84 88 94 101 | 115 | 121 156 | 157 
6.67 114 72 76 85 90 96 102 | 116 | 117 | 123 | 136 | 143 
120 73 77 84 89 95 99 105 | 118 | 125 | 129 | 140 
96 76 82 89 94 110 | 116 | 130 ) 136 
102 75 83 87 92 105 | 114 | 123 | 140 | 150 
20N@ | 108 75 81 88 94 101 115 | 121 135 | 142 | 152 
6.00 114 a 82 87 93 103 | 113 | 119 | 128 | 138 | 146 
120 7 84 90 96 102 | 107 | 121 124 | 133 | 148 | 150 
96 83 90 96 Ta |) 1a 136 
102 81 88 99 108 | 118 | 140 | 151 
24N@ | 108 83 91 96 103 | 119 | 129 | 147 | 157 
5.00 114 86 96 109 | 121 | 141 143 | 152 | 160 
120 86 97 107 | 117 | 143 | 146 | 152 | 163 | 165 
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APPENDIX B 


B.1 PLASTIC ANALYSIS AND DESIGN OF CONTINUOUS BEAMS 


AND GIRDERS 


Plastic design is an economical method for the design of stati- 
cally indeterminate beams, girders, and frames; it is covered in 
Appendix 1 of the AISC specification [1]. In plastic design, the 
structure is assumed to undergo inelastic deformations under 
the factored loads from the formation of plastic hinges [2]. The 
only difference between the plastic design (PD) method and the 
LRFD method is in the analysis procedure used to determine 
the load effects. In fact, the load combinations introduced in 
Chapter 2 apply to both methods. In plastic design, the load 
effect (e.g., required plastic moment strength) is determined 
using plastic structural analysis, whereas the LRFD method 
uses elastic structural analysis to determine the required mo- 
ment strength, M,. For both design methods, the material or de- 
sign strength, bM,,, of the member is determined in exactly the 


P, 


Po nmm"—’>?b 


beam loading 


same way. In this text, the focus will be on the plastic design of 
continuous beams and girders. More extensive coverage of 
plastic design of statically indeterminate frames can be found 
in reference 3. 

The process of plastic hinge formation is as follows. When 
a steel member is subjected to a bending moment, M, the stress 
in the critical section increases from zero, as the load is increased, 
until the yield stress is reached at the critical section when the 
moment reaches M,, the yield moment. As the load is further in- 
creased, the stress at this critical section can no longer increase 
beyond the yield stress, F,, at the extreme fibers, but the yielding 
spreads further into the section between the neutral axis and the 
extreme fibers (see Figure B-1). As the load or moment is in- 
creased further, the yielding at the critical section continues to 
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bending moment diagram 


Stress at Partially plastic Fully plastic section 
M <M, section, (plastic hinge formed), 
M,<M <M, M=M,, 


Figure B-1 Process of plastic hinge formation. 


674 


spread until the whole section reaches the yield stress, F’,. At this 
stage, the section is now in the plastic state and a plastic hinge 
forms at that section. Beyond this point, this plastified section can 
no longer participate in resisting any increase in load or moment, 
and any further increase in load now has to be resisted, through 
a process of redistribution of moments and stresses, by other yet 
unplastified sections, although there will be increased strain or 
rotations at the already plastified sections. 

This process of plastification is continued until an adequate 
number of plastic hinges are formed at all critical sections within 
the span to create a collapse mechanism. The principle of equi- 
librium or the principle of virtual work can then be used to de- 
termine the plastic moment strength or capacity of the structural 
member. It should be noted that in order for the plastic moment 
capacity to be reached, the ductility of the member must be en- 
sured and lateral torsional buckling must be prevented by ade- 
quately bracing the member. If plastic design is used, the 
maximum permitted unbraced length for the compression flange 
of W-shaped members is obtained from Section 1.7 of the appen- 
dix of the AISC specification as 


vn) (2) 


Lo jo.2 


where 


M, = Smaller moment at the end of the unbraced 
length of the beam, in.-kips, 


M, = Larger moment at the end of the unbraced 
length of the beam, kip-in. = M. 


up? 


= Radius of gyration about the weak axis, 


M,/M, = Positive for double-curvature bending in the 
beam, and 


M,/M, = Negative for single-curvature bending in the 
beam. 


If the maximum permitted unbraced length above cannot be sat- 
isfied, the load effects on the member must be obtained using 
elastic analysis and not plastic analysis. The principle of virtual 
work is used in this text for plastic analysis and it involves the 
following steps: 


EXAMPLE B-1 


APPENDIX B 675 


1. Based on the elastic moment distribution, determine 
where plastic hinges (i.e., apart from the naturally oc- 
curring hinges at rollers or pinned supports) need to 
form within a span to create a mechanism in that 
span. Note that each span is considered separately 
and independently of the other spans. 


2. Assume a virtual vertical displacement at the plastic 
hinge within the span; also assume that rotations can only 
occur at the plastic hinges and at roller or pinned sup- 
ports. Therefore, the member segments between the plas- 
tic hinges and roller or pinned supports deflect rigidly. 


3. Determine the virtual rotations at the hinges resulting 
from the applied virtual displacement. 


4. At each formed hinge, excluding pinned or roller sup- 
ports at the ends of a member, calculate the internal work 
done by the plastic moment, M, 


u,p* 

5. Determine the external work done by the applied loads 
acting through the applied virtual displacement. For a 
concentrated load, the external work done is the product 
of the factored concentrated load and the virtual vertical 
displacement at that load. For a uniform load, the external 
work done is the product of the factored uniform load and 
the area of the virtual displacement diagram over the ex- 
tent of the uniform load. 


6. Sum up the external work done by all of the applied fac- 
tored loads within the span. 


7. Sum up all of the internal work done by the plastic mo- 

ment, M,,,,, at the formed hinges (i.e., excluding pinned or 
roller supports at the exterior end of the span). 

8. Using the principle of virtual work, equate the total inter- 
nal work done to the total external work done, and solve 
for the required plastic moment strength, M,,,,, as a func- 
tion of the applied factored loads. M,,,, is calculated for 
each span separately and independently of the other 
spans, and the largest value is the required plastic mo- 
ment strength for the continuous beam or girder. 


9. Determine the required plastic section modulus, Z,, using 
the limit states design relationship that the required plas- 
tic moment strength, M,,,, shall not be greater than the 
design strength, bM,, (i.e.,M,,, <M, = 6Z,F,). 


We will now illustrate the plastic design of continuous beams 
and girders with several examples. 


Plastic Load Capacity for Statically Indeterminate Beam 


Determine the plastic load capacity for the statically indeterminate beams shown in Figure B-2. 


(continued) 
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Figure B-2 Statically indeterminate beams for 
Example B-1. 


SOLUTION 


(a) For this problem, two plastic hinges are necessary to create a collapse mechanism (i.e., an unstable structure that will 
continue to undergo deflection without any increase in load). The plastic hinges will form at points A and B. Because 
point C is already a hinge, these hinges will result in a mechanism or an unstable structure. 


(b 


= 
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Figure B-3 Elastic moment distribution for Figure B-2a. 


From the elastic moment distribution shown in Figure B-3, the plastic hinge will first form at point A because 
point A has the higher elasic moment compared with point B. Figure B-4 shows the beam in its deflected shape 
with plastic hinges formed at points A and B. The member segments between the hinges are assumed to deflect 
rigidly. 

To determine whether there are sufficient hinges to create a mechanism or an unstable structure, the reader should 
recall from structural analysis that Figure B-4 is an unstable structure and thus a mechanism. Assuming that point A 
rotates through an angle, 8, as shown, the rotation at point C, by geometry, will also be 0, and the rotation at point B 
will therefore be 26 (i.e., 0 + 0). 

The total internal work done by the plastic moments at the plastic hinges is the sum of the product of the plastic mo- 
ment and the corresponding rotations. Thus, the total internal work done is M,,, 8 + M,,, (20) = 3M, 9. 

The total external work done by the applied factored loads is }(Factored concentrated load X Vertical displacement 
of the mechanism at the load) = P,, (L/2)0 = P,,L@/2. 


Using the principle of virtual work, the internal work done must be equal to the external work done; thus, 
3,0) = Pi 0/2. 


Therefore, the required plastic moment strength, M,,, = P,,L/6. 
A steel section can be selected that will provide this required plastic moment. 


For this problem, the plastic hinges will form at point A and at point B or C. Looking at the applied loads, it is more likely 
that the the plastic hinge will form at point B rather than at point C. 


Plastic Roller support 
ve hinge Je (not a hinge) 


Figure B-4 Virtual displacement of the beam due to plastic hinges for 
Figure B-2a. 


(continued) 
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Roller support 
Je a plastic hinge) 


Figure B-5 Virtual displacement of the beam due to plastic hinges for 
Figure B-2b. 


From Figure B-5, the total internal work done at the plastic hinges is M,,, 0 + M,,(1.50) = 2.5 M,,, 9. 
The total external work done by the factored loads is }(Factored concentrated load X Vertical displacement of the 
mechanism at the load) = 3P,(L/3)@ + 2P,(L/6)0 = 1.33P,,L0. 


Using the principle of virtual work, the internal work done must be equal to the external work done; thus, 
DW A) = MWedeveie, 


Therefore, the required plastic moment capacity is M,,, = 0.533P,L. 
A section can be selected that will provide this required plastic moment. 
(c) For this problem, plastic hinges will form at point A and at point B or C, depending on the elastic moment distribution. 
Given the higher load applied at point C, it is more likely that a plastic hinge will form there first before forming at point B] 
From Figure B-6a, the total internal work done at the plastic hinges is M,,,0 + M,,,(30) = 4M,,,0. 
The total external work done by the factored loads is }(Factored concentrated load X Vertical displacement of the 
mechanism at the load) = 2P,(L/3)0 + 3P,(2/3L0) = 2.67P,,L8. 
Using the principle of virtual work, the internal work done must be equal to the external work done; thus, 


4M,,,0 = 2.67P,L9. 


Roller support 
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Figure B-6a Virtual displacement of the beam due to plastic hinges at points A and 
C in Figure B-2c. 


(d) 
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Figure B-6b Virtual displacement of the beam due to plastic hinges at points A 
and B in Figure B-2c. 


Therefore, the required plastic moment capacity, M,,, = 0.667P,L. 

As a check, it can be verified that the plastic hinge does occur at point C and not at point B. If a plastic hinge were 
assumed to form at point B instead of point C, the deflected shape of the mechanism would be as shown in Figure B-6b. 

From Figure B-6b, the total internal work done at the plastic hinges is M,,,0 + M,,,(1.50) = 2.5M,,,9. 

The total external work done by the factored loads is }(Factored concentrated load X Vertical displacement at the 
load) = 2P,(L/3)0 + 3P,(L/6)0 = 1.17P,,L8. 


Using the principle of virtual work, the internal work done must be equal to the external work done; thus, 
ZL A) = loll me iL. 
Therefore, the required plastic moment capacity, M, = 0.467 P,,L, which is less than the plastic moment capacity of 


0.667P,,L required for the plastic hinge forming at point C. Therefore, the condition with the plastic hinge at point C re- 
quires a higher capacity and thus governs the design, as expected. 
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For this problem, based on the elastic moment distribution (see Figure B-7), the plastic hinges will form at points A, B, and 


C to create a mechanism. 

From Figure B-8, the total internal work done at the plastic hinges is M,,,,0 + M,,,(20) + M,,,0 = 4M,9. 

The total external work done by the factored uniformly distributed loads is }(Factored uniform load X Area of the 
deflected shape of the mechanism under the load) = w, (4L)(L/2)0 = w,L70/4. 

Using the principle of virtual work, the internal work done must be equal to the external work done; thus, 


4M,,,0 = w,L?0/4. 


Wp 


Therefore, the required plastic moment capacity, M,,, = w,L7/16. 


B 
w,,L? 
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Figure B-7 Elastic moment distribution for Figure B-2d. 


(continued) 
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Figure B-8 Virtual displacement of the beam due to plastic hinges for 


Figure B-2d. 


EXAMPLE B-2 


Plastic Moment Capacity for a grider with Uniform Loads 


Determine the required plastic moment, M,,,,, for the statically indeterminate three-span girder shown in Figure B-9 
with a typical span of 40 ft. The girder is part of a floor framing with a uniformly distributed dead load of 3.0 kips/ft. 
and a uniformly distributed live load of 3.0 kips/ft. Select a W-shaped section to support this load. Assume ASTM 


A992 steel. 


Wp= 3 kips/ft. 
W, = 3 kips/ft. 


4o'-0" 


4o'-0" 


4o'-0" 


Figure B-9 Statically indeterminate beams for Example B-2. 


SOLUTION 


Based on the elastic moment distribution (see Figure B-10), the collapse mechanism will form first in the end spans with 
plastic hinges at points B (not at midspan), and C or at points E, and F (not at midspan). If plastic hinges were to form 


Figure B-10 Elastic moment distribution for Example B-2. 
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Figure B-11 Virtual displacement of the beam due to plastic hinges in span EFG. 


in the middle span, based on the symmetrical loading, they would form at points C and E and at the midspan between 
points C and E. Considering span EFG, assume that the distance from the plastic hinge at point F to the first interior 


support is x,. 
ib, 
From Figure B-11, the total internal work done at the plastic hinges is M,,,8 + M,, (--) 0. 
— x, 


The total external work done by the factored uniformly distributed loads is {(Factored uniform load X Area of the 
1 
deflected shape of the mechanism under the load) = (LE) (4,8) 


Using the principle of virtual work, the internal work done must be equal to the external work done; therefore, 


al = | 
i \itse, = g2yP 


‘p 


Thus, the plastic uniform load capacity, w, = 
‘Dp 


The distance x, required to obtain the maximum load capacity can be determined using calculus principles by requir- 
dw, 


ing that = 0, which yields x, = 0.586L. 


x 
Pp 
Therefore, the required plastic moment capacity is obtained by solving the equation above: 


2L — oe | 
L — 0.586L /* 


1 
zL(0.586L)w, = Maal 


Thus, M,,, = 0.0858w,L’. 
The factored load, w, = 1.2wp + 1.6w, = 1.2(3.0 kips/ft.) + 1.6(3.0 kips/ft.) = 8.4 kips/ft. 
Therefore, M,,, = 0.0858(8.4 kips/ft.)(40 ft.)> = 1153 ft.-kips = 6M, = Z,F,. 


Wo il 153 ft.-kips( 12 in./ft.) 


Hence, the section modulus required, Z, = OF, = (0.9)(50 ksi) = 3075 im, 


Therefore, use W30 X 99 (Z, = 312 in.*) (see AISCM, Table 3-2). 
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EXAMPLE B-3 


Plastic Moment Capacity for a Girder with Concentrated Loads 


Determine the required plastic moment capacity M,, for the statically indeterminate three-span girder shown in 
Figure B-12 with a typical span of 35 ft. and the service loads shown. Select a W-shaped section to support this 


load. Assume ASTM A992 steel. 


P, =20kips P, =40kips P, = 20kips 
f = 40 kips P, = 80kips P, = 40 kips 
eR A B OOO C D OMO E OOO G 
Wie6e W226 268 WWz6u Wez6u 17'-6" 


Figure B-12 Statically indeterminate beams for Example B-3. 


SOLUTION 


We will investigate the maximum load required for mechanisms to develop in spans ABC, CDE, and EFG. The mecha- 
nism that yields the highest required plastic moment will be the governing mechanism. 


Span ABC: 
For this span, the factored concentrated load at midspan, P,, = 1.2Pp + 1.6P, = 1.2(20 kips) + 1.6(40 kips) = 88 kips. 
The location of the hinges in this span will be at the concentrated load at point B and at point C as shown in 


Figure B-13. 
From Figure B-13, the total internal work done at the plastic hinges is M,,,0 + M,,,(20) = 3M,,,9. 


The total external work done by the factored uniformly distributed loads is }(Factored concentrated load X Vertical 


ib, 
displacement of the mechanism at the load) = P,, sac( 38 ) 


: P, = 88 kips 
Pinned support (not Plastic 


a plastic hinge) 


Plastic 7'-6" | 17'-6" 


Figure B-13 Virtual displacement in span ABC. 
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Using the principle of virtual work, the internal work done must be equal to the external work done; thus, 


L ee 35 tt. 
3M,,p9 = Piasc 7° = (88 kips) ea 0. 


Therefore, M,,, = 513.3 ft.-kips. 


Span CDE: 


For this span, the total factored concentrated load at midspan, P,, = 1.2Pp + 1.6P, = 1.2(40 kips) + 1.6(80 kips) = 176 kips. 
The location of the hinges in this span will be at the concentrated load at point D and at points C and E as shown in 
Figure B-14. 
From Figure B-14, the total internal work done at the plastic hinges is M,,,, 
The total external work done by the factored uniformly distributed loads is }(Factored concentrated load X Vertical 


6 + M, 


up 


(20) + M,,,0 = 4M,,,0. 


up up 


L 
displacement of the mechanism at the load) = Pucoe( $9). Using the principle of virtual work, the internal work done 


must be equal to the external work done; thus, 


L Seer 
ANE Aw) = P. eoe( $0) = (176 ips (25a 


Therefore, M,,,, = 770 ft.-kips. Governs 


u,p 


Span EFG: 


The location of hinges for this span will be similar to that for span ABC and thus the required plastic moment will also be 
MM), = 513.3)tt-kips: 

The highest required plastic moment for all three spans will govern the capacity of the girder. Using the limit states 
design equation (M,, = oM,,) yields 


770 ft-kips = 6M, = $2Z,F,. 


Meh 770 ft.-kips( 12 in./ft.) 


The required section modulus, Z, = oF, = 0.9(50 ksi) = 2053 im,*, 
Therefore, use W24 X 84 (Z, = 224 in.’). 
P, = 176 kips 
Plastic hinge | Plastic hinge 
A F G 
as Lo fod. 
“78 


Weou 


Plastic hinge 
Figure B-14 Deflected shape of the beam after formation of plastic hinges in span CDE. 
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B.3 PROBLEMS 


B-1. Determine the required plastic moment capacity, M,,,, for the statically indeterminate two-span 
girder shown in Figure B-15. Select a W-shaped section to support this load. Assume ASTM 
A992 steel. 


w, = 5 kips/ft. 


P, = 90 kips 


Figure B-15 Statically indeterminate beams for Problem B-1. 


INDEX 


A moment amplification, 327, 328 
Alignment charts, 172, 173, 189-195 truss chord, 131, 170, 319 


Allowable Strength (Stress) Design (ASD), 1, 34, 35, Beam curves, 212, 222 
37, 81 Beams 


Anchor rods, 379 
bending of, 390 
grades, 379 
tension capacity, 385 
uplift, 382 

Angles, 7, 10, 15 

Area 
effective net, 131, 132 
gross, 130-132 

Average web shear, 219 

Axial loads. See Columns 


B 
Backing bar, 457, 460 
Banging bolts, 410 
Bar joists. See Open web steel joists 
Bars, 10, 16, 255, 313, 390, 649 
Base metal, 455, 460 
Base plates 
anchor rods, 380-381 
axial load design, 375-379 
axial load and moment, 390-394 
columns schedule, 324 
holes, 412 
shear, 388-390 
stiffened, 396 
uplift, 382-386 
Base shear, 37, 87, 89, 97 
Basic structural steel elements, 18—20 
Bay size, 33, 582, 617 
Beam-columns, 20, 201, 318-321, 324, 326-329, 
331-334 
design example, 338, 374 
interaction equation, 326 


analysis for bending, 208, 230, 296 

bearing plates. See Bearing plates 

bending and compression. See 
Beam-columns 

bending and tension. See Beam-columns 

bending stress, 201, 230 

biaxial bending, 230 

block shear, 443-445 

camber, 31, 80, 224, 290, 291, 302 

cantilever, 205, 224, 232, 233 

compact shapes, 208, 216, 222 

composite. See Composite beams 

continuous, 36, 62, 674 

coped, 443, 487 

coverplate, 653 

deflection, 80, 204, 205, 224, 297 

design aids, 222 

design procedure, 227 

holes in, 487, 524 

lateral bracing, 210, 213, 239, 645 

lateral-torsional buckling, 208 

moment gradient, 212, 214, 222, 
272, 311 

non-compact shapes, 176-179, 203, 205-209, 212, 
216, 217, 236 

partially composite, 269, 277-279, 295, 
649, 651 

plastic design. See Plastic design 

plastic hinge, 203, 674 

serviceability, 224 

shear, 218 

stability, 203, 211 

torsion, 230 

tributary area, 45, 46 

unbraced length, 210 —212, 214, 217, 222 
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Beams (Cont.) 
vibrations, 224, 227, 256, 268, 296, 551 
web crippling, 253 
web openings, 525-529 
web yielding, 253 
Bearing 
beams, 243 
bolts, 410, 413, 414 
connections, 413 
plates, 243, 247, 248, 250 
stiffeners, 251 
stress, 243, 375, 376, 378, 388, 392 
Bending stress. See Beams 
Bevel weld, 457, 460 
Biaxial bending, 230 
Block shear, 142—157,167 
Bolts 
banging, 410 
bearing, 413, 414 
combined shear and tension, 415, 416 
common, 407 
design aids, 424, 442 
double shear, 413 
eccentrically loaded, 423, 432 
edge distance, 16, 412 
faying surface, 408, 410, 414 
framed beam connections, 442 
hole types, 411 
installation of, 408 
pretensioned, 408, 413 
prying action, 437 
shear, 423 
single shear, 413 
slip critical, 408-411, 413-415, 417 
snug tight, 408-410, 413 
spacing, 411 
twist-off, 408, 409 
types of, 408, 414 
turn-of-the-nut, 409 
unfinished, 407, 408 
Braced frames, 13, 15, 20, 23, 90-92, 95 
Brittle fracture, 3, 9, 10, 534 
Buckling 
compression, 169-172 
Euler, 171 
flange local, 208, 209, 216, 597, 599 
lateral torsional, 208-212, 217, 
597, 598 
web local, 208, 209, 220, 252 
web sidesway, 251, 252 


Built up shapes, 17, 33, 592 
Butt joint, 456, 459, 460 


C 
Calibrated wrench, 409 
Camber, 31, 80, 224, 290-298, 302, 306-314 
Cantilever beams. See Beams, cantilever 
Carbon equivalent, 10, 12, 33 
Cast iron, 3 
Channels, 7, 10, 15, 18 
Chords, 94 
Clevis, 157-159, 161, 162, 166, 168 
Collectors. See Drag struts 
Columns 
analysis of, 179 
alignment charts, 172, 189 
base plates, 375, 382, 388, 390 
buckling, 169-171 
critical buckling load, 169 
effective length, 171, 172 
euler buckling stress, 171 
K-factor, 171, 172 
reduction factor, 193 
schedule, 324 
slenderness ratio, 179 
splices, 522 
stiffeners, 514 
Combined shear plus tension 
bolts, 432 
welds, 480 
Combined stresses. See Beam-columns 
Compact shapes, 176-179, 208, 212, 216 
Composite beams 
analysis and design using AISC tables, 296, 
301-303 
crack control, 292 
creep, 295 
deflection, 294—296 
effective flange width, 277, 278 
flange openings, 315 
formed deck, 26, 267, 268 
partially, 269, 277-279, 295 
ponding, 292 
practical considerations, 313 
shear connectors, 269 
shoring, 290, 291 
types of, 268 
Compression buckling, 130, 518, 519, 
522, 535 
Compression members. See Columns 


Connections 
advantages: welded vs. bolted, 454 
bearing strength, 413 
bearing type, 410 
bolts. See Bolts 
framed beam, 442 
fully restrained, 89, 496, 501 
moment, 496, 497, 498, 501 
partially restrained, 498 
prequalified, 501, 502 
prying action, 437 
welds. See Welds 
Continuous beams, 36, 49, 57, 62, 209, 674, 675 
Continuous load path, 24 
Cope, 443-456, 487-495 
Coverplate, 653 
Creep, 79, 295, 298 
Critical buckling load, 169-171 


D 
Dead loads, 35, 44, 83, 295, 564, 656, 661 
Decking 

corrugated, 267, 269-271, 276 

floor plate, 260 

layout, 26-29 
Deflection criteria, 80. See also Beams, deflection 
Direct tension indicator, 409, 410 
Diaphragm 

load path, 25, 89 

strength, 624-634 

torsion, 93 

types (flexible, rigid), 93 
Doubler plate, 248, 456, 489, 515-521 
Double shear, 413 
Drag strut 

analysis, 624-636 

defined, 94, 624 

layout, 621 
Drainage 

primary, 71 

secondary, 71 

in steel framed roofs, 637 
Drift, 85, 329, 333, 334, 364, 369, 390, 410, 617 


Ductility, 3, 6, 9, 11, 87-89,117, 424, 474, 533, 675 


E 
Earthquake loads, 86, 334, 624 
Eccentric connections 

bolted, 423, 432 


INDEX 


column, 318-323 
welded, 473, 480 
Eccentricity 
base plate, 392—295 
bolted connections, 424—427, 431-434 
columns, 318-323, 334 
tension members, 135, 150 
welds, 480 
Economy, 26, 32, 268, 290, 312, 315, 324, 
548, 616 
Edge distance, 31, 160, 380, 412 
Effective flange width, 302 
Effective length, 171-175 
Embedment, 380, 383, 386, 395, 
404, 412 
End plate connection, 323, 442, 445, 507 
Euler critical buckling load, 9, 169, 171 
Expansion joint details, 8 


F 
Factored loads, 35-42 
Fatigue, 3, 9, 408, 410 
Faying surface, 408, 410, 414 
Fillet welds, 463-469 
Fireproofing, 27, 44, 267, 301, 
645-646 
First order method, 327-331, 361 
Flange local buckling, 208, 209, 216, 597, 599 
Floor framing layout, 26 
Floor vibration. See Vibrations 
Framing plan, 27, 28, 45 
Free vibration, 552 
Full penetration weld, 455, 
458-460 
Fully restrained, 4, 89, 90, 192, 487, 496, 
498, 501 


G 
Gage 

bolts, 133, 412 

deck, 26-27, 626-627 
Galvanizing, 3, 7, 647 
Girts, 319, 320, 636 
Gravity loads, 18, 20, 23, 24, 26 
Gravity load path, 24 
Groove weld, 375, 457, 458, 506 
Gross area, 130-132 
Gusset plate connection, 159-161, 

529-550 
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H 
Hanger, 20, 78, 130, 131, 147, 438 
High-strength bolts. See Bolts 
Holes in beams, 487, 524 
Hollow Structural Sections (HSS), 16 
Horizontal diaphragms 
design of, 627 
inplane torsional forces in, 93 
transfer of lateral loads, 634 
HP shape, 135 


I 
Impact factors, 78 
Importance factor, 43 

ice, 74 

seismic, 113, 114, 117 

snow, 57 

wind, 100, 111 
Inelastic, 34, 87, 113, 117 

buckling, 175, 198, 211 
Instantaneous center, 423, 424, 451, 473, 479 
Interaction equation. See Beam-columns 
Intermediate stiffeners, 605, 610, 613 
Intumescent, 6, 647 


J 


Joist. See Open web steel joists 
Joist girder, 256-266, 656-673 


K 

K-brace, 20, 91, 173 

K-factor, 171, 172, 184, 189-194, 329 
K-series joist, 256, 258, 259 

Knee brace, 91 


L 
Lap splice, 130, 131, 386, 404, 483 
Lateral deflection criteria, 80 
Lateral force resisting systems, 89 
Lateral load path, 25 
Lateral support 

beams, 203, 211, 215 

columns, 329, 370 

plate girders, 597 
Lateral torsional buckling, 16, 597, 598, 612, 

643, 675 


Lateral translation (It) moment, 318, 334, 361-362 


Layout of structural systems, 618 
Leaning columns, 328-330, 369-373, 386, 405 
Leveling nuts, 376, 377 
Limit states, 1, 34-38 
Load factors, 34, 35, 36 
Loads 

construction live, 79 

dead, 44 

impact, 79 

ice, 73 

live, 47, 48 

live load reduction, 47 

miscellaneous, 77 

partial loading, 62 

partitions, 44, 45 

path, 24 

rain, 71 

roof live, 48 

seismic, 86, 113-126 

sliding snow, 60 

snow, 57 

snowdrift, 59, 61, 62 

tributary area, 45 

tributary width, 45 

wind, 85-113 

wind uplift, effect of, 110-113 
Load combinations, 34-38 
Local buckling 

beams, 208, 209, 216 

columns, 176, 518, 597, 599 
Long slotted holes, 411, 413, 415 
Lower bound moment of inertia, 

295, 303 


M 
M-shape, 13-15 
Machine bolts, 407 
Magnetic particle inspection, 455 
Manganese, 2, 10, 11 
Manual, AISC, 4 
Manufacture, steel, 2 
MC-shape, 15 
Masonry, 80, 81, 117, 224, 243, 321, 621-623, 647 
Medium-carbon steels, 654 
Metal deck, 27-29, 44, 210, 
267-271 
Mezzanine, 260, 320 
Mild carbon steels, 6 
Mill-scale, 410, 646 
Miscellaneous shapes, rolled steel sections, 13, 15 


Model building codes, 21 
Modular ratio, 274-275, 295, 
303, 561 
Modulus of elasticity, 9, 192 
Moisture, 3, 79 
Mold, 2 
Molten, 2, 7, 647 
Molybdenum, 10, 11 
Moment amplification factor, 
327, 328 
Moment gradient, 212 
Moment magnification factor, 
329-332 
Moment connections 

fully restrained, 89, 90, 192, 496, 

498, 501 
partially restrained, 90, 91, 487, 
496, 498 

Moment resisting frame, 117, 119 
Moving loads. See Loads, impact 


N 
Net area, 132, 133, 143, 159, 411, 
504, 534 
Nickel, 2, 10, 11 
Nitrogen, 11 
Nominal diameter of a bolt, 
17, 157 
Nomograph. See Alignment chart 
Non-compact shapes 
beams, 203-209, 216 
column, 176-179 
plate girders, 594-600 
Nonsway frames, 318, 327 
Nonsway moment magnification factor, 329, 331 
Notional loads, 361 
No-translation moment (nt), 337, 361, 367, 368 
Nuts, 380 


O 
Occupancy categories, 20, 43, 47, 
113, 114 
Offset method, 6 
Open web steel joists 
K-series, 256 
KCS series, 256 
load tables, 656 
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LH series, 258 
DLH series, 258 
rollover strength, 634-635 
Operable wall, 60, 81 
OSHA, 78, 380, 386, 642 
Outrigger, 619 
Oversized holes, bolts, 390, 
411, 415 
Overstrength factor, 39, 94, 
118, 633 
Overturning moment, 97, 
379, 382 


P 
Partial-composite sections, 278, 285 
Partial penetration, 457, 458 
Partially restrained connections, 90, 91, 487, 496, 498 
Partitions, 44, 80, 559 
P-Delta effects, 326-330 
Phosphorus, 11 
Pin-connected, 159-160 
Pinhole, 160 
Pipes, 10, 17 
Plastic analysis, 36, 674 
Plastic design of continuous beams 
collapse mechanism, 36, 675, 676 
plastic hinge, 36, 203, 501, 674 
plastic moment, 9, 203, 497, 674 
plastic neutral axis, 275, 278, 
296, 594 
plastic section modulus, 203, 211 
Plate girders, welded 
bearing stiffeners, 605 
bending strength, 597 
connections, 605 
design of, 596 
design for shear, 600 
diagonal tension field action, 596 
final design, 606 
intermediate stiffeners, 605 
preliminary design, 606 
transverse stiffeners, 594, 601-606 
vertical buckling of web, 594 
Plastic mechanism, 36, 675 
Plates, 16 
Plug welding, 457, 461, 462 
Ponding 
floor systems, 224, 290-292 
roof systems, 639 
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Post-buckling, 600, 602, 603, 606 
Post-composite, 294, 296 
Powder-actuated, 625 
Pre-composite, 296 

Preheating, 10, 12 

Pretension, 150, 408 

Primer, 32, 646-647 

Prying action, 437 

Puddle weld, 270, 625-628, 634 


R 
Racking, 634 
Radiographic testing, 455 
Radius of gyration, 130, 253, 

598, 675 
Rainfall, annual, 71 
Rain-on-snow load, 58 
Recoating, 646 
Recycling, 2, 3 
Reduced live loads, 47 
Redundancy, 24, 26, 117, 474 
Rehabilitation, 10, 648, 655 
Reinforcement, 397, 527, 648-655 
Reliability-based design, 34-35 
Relief angles, 637 
Renovations, 648 
Repair, 10, 379, 381, 397 
Residual stress, 9, 169, 175, 

375, 605 
Resistance factors, 34—36 
Resonance, 553, 588 
Response spectrum, 87 
Reverse-curvature, 190, 212 
Rhythmic vibrations. See Vibrations 
Rivets, 407 
Rolled shapes, 13 
Rollover, joist seat, 634-635 
Rules of thumb, 310, 312, 315, 551, 616, 617 


S 

Sag rods, 130, 157, 319, 320, 636 
Screws, 625-626 

Seated beam connections, 322, 652 
Second order moments, 327-330, 361 
Seismic loads. See Loads 

Semi-rigid connections, 90, 437, 496 
Sensitive equipment. See Vibrations 
Serviceability limit state, 37, 295, 411 


Shear center, 230, 234-236 
Shear connector design. See Shear stud 
Shear lag factor, U, 132-138 
Shear stud 
details, 268, 269 
economy, 310 
reinforcement, 649 
spacing, 271 
strength, 276 
strong position, 272 
Shielded metal-arc welding, 455 
Shims, 375 
Shop coat, 646, 647 
Shop drawings, 23, 375 
Shored construction, 290, 294, 295 
Sidelap connections, 625-628 
Sidesway-inhibited, 174, 190 
Sidesway-uninhibited, 190, 318 
Silicon, 11 
Simple shear connections, 23, 91, 173, 192, 408, 618 
Single-bevel weld, 460 
Sleeve nut, 159 
Slenderness ratio, 112, 130, 151, 157, 172, 179, 180, 
217, 532 
Slip-critical connections, 408, 410-418 
Slip-resistance, 408 
Snow loads. See Loads 
Snowdrift, 59-70, 257 
Specifications, 23 
Spectral acceleration, 117 
Spliced connection 
beams, 454, 506-511, 649 
columns, 324, 408, 522, 523 
Spray-applied fireproofing, 6, 27, 267, 646 
S-shapes, 10, 13, 15 
Stability bracing, 641 
Staggered bolts, 133, 134, 140 
Steel Deck Institute, 26, 629 
Steel Joist Institute, 256, 656 
Strengthening and rehabilitation, 648 
Structural steel 
advantages and disadvantages, 3 
basic structural elements, 18, 19 
brittle fracture and fatigue, 9 
built-up sections, 13, 17 
density, 75, 609 
expansion joint details, 7, 8, 12 
material properties, 7 
manufacture, 2 
shapes, 10 


stress-strain diagram, 4—6 
tensile strength, 6, 7 
weldability, 3, 10, 379, 654 
yield strength, 6, 7 
Structural systems, 20 
Student design project problem, 29 
Suction, 85, 86, 97 
Sulfur, 11 
Surface preparation, 410, 456, 
646-647 
Sustainable building design, 2 
Sustained live loads, 294, 295 
Sway moment magnification factor, 329-332 


T 
Tangent modulus of elasticity, 9, 192 
Tension connections 
analysis, 130 
design, 150 
Tension field action, 596 
Tension members, 130 
Threaded rods, 157, 158 
Torsion 
angle of twist, 231 
details, 237, 238 
shear center, 230, 234-236 
supports, 234 
warping, 230, 231 
Transfer plate girder, 592, 593, 608 
Transformed section, 277 
Transient vibrations. See Vibrations 
Tributary area, 45-47 
T-shapes, 13-16 
Tubes. See Hollow structural sections 
Turnbuckles, 158, 159 
Turn-of-nut method, 409 
Twist-off tension controlled bolts, 
408, 409 


U 

Ultimate limit state, 35, 80 

Ultrasonic testing, 455 

Unbalanced moments, 321, 334 

Unbraced beams, 230 

Unbraced frames, 171, 173, 318, 361 
Unequal column unbraced lengths, 187, 188 
Unreduced live loads, 45, 48, 50 

Unshored construction, 290, 655 
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Uplift loads 
roof beams and joists, 110-112 
column base plates, 379-388 


Vv 
Vanadium, 2, 10, 11 
Vertical bracing and truss connections, 529 
Vibrations 
natural frequency, 552 
resonance, 553, 588 
response spectrum, 87 
rhythmic vibrations, 577 
sensitive equipment vibrations, 582 
steady-state, 551 
terminology, 552 
transient, 551 
vibration control measures, 587 
walking, 558 
Vibrational velocity, 582 
Visual inspection, 408, 455 


Ww 
Warping, 230, 231 
Warping constant, 211 
Web buckling, 220, 515, 518, 594, 596, 
602, 603 
Web crippling, 243, 245, 248-253, 518-519 
Weldability, 3, 10, 11, 379, 654 
Welding 
gas metal arc, 456 
shielded metal arc, 455 
submerged metal arc, 455 
inspection, 455 
Welds 
angle, 465 
dimensional requirements, 461 
eccentrically loaded, 473 
fillet, 456 
groove, 375, 457 
joints, 457 
near side, 459 
overhead, 455, 458, 464, 649 
partial penetration, 457, 458 
plug, 457, 461, 462, 469 
single-bevel weld, 460 
slot, 463, 469 
symbols, 459, 460 
testing, 455 
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Whitmore effective width, 
532-536 

Wide-flange sections, 13 
Wide-rib deck, 26, 28, 626 
Width-to-thickness ratio 

beams, 203-207 

columns, 176-178 
Wind loads. See Loads 
Work point, 521, 532, 540 
W-shapes, 13 


xX 
X-brace frame, 20, 131 


Y 
Yield point, 6, 203 
Young’s modulus, 6 


Z 
Zinc-rich paint, 3, 7 


